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ABSTRACT
Due to the similarity between the geometry and full displacement installation method of
a cone penetrometer and displacement pile, the axial capacity of displacement piles is
often assessed using data from a cone penetration test (CPT). As there are many more
factors influencing pile axial capacity than affecting CPT cone resistance, there are a
wide range of CPT-based empirical design methods in use. These methods have various
levels of predictive success, which usually depends upon the soil conditions, pile
geometry, pile installation method, and time between installations and loading. An
improved understanding of the basis and reliability of respective design methods is
essential to improve the quality of predictions in the absence of site specific load test
data.

This thesis explores the influence of soil state and drainage conditions on piezocone
penetration test (CPTU) tip resistance (qc) and penetration pore pressures (u2). For cone
penetration testing identified as ‘drained’, factors influencing the correlation between
cone tip resistance and displacement pile shaft friction in sand are investigated through
(i) a review of previous research and the performance of existing design methods; (ii)
centrifuge studies of piles of differing widths with measurements of local lateral stress;
(iii) field tension tests at different times between installation and loading for
uninstrumented driven piles with different diameters and end conditions; and (iv) field
tension tests at different times between installation and loading on closed ended strain
gauged jacked segmented model piles with different installation sequences.

CPTU qc and u2 are primarily controlled by soil state and drainage conditions, with
effective stress strength parameters and soil stiffness also influencing the measurements.
The primary mechanisms identified to control the correlation between cone tip
resistance and shaft friction on displacement piles are identified as; (i) the initial
increase in radial stress due to soil displaced during installation of a pile; (ii) different
levels of soil displacement induced by open, closed, and partially plugged piles; (iii)
reduction in radial stress behind the pile tip; (iv) additional reduction in radial stress
with continued pile penetration (friction fatigue); (v) changes in radial stress during
loading; (vi) constant volume interface friction angle between soil and steel; and (vii)
changes in the effects of the above mentioned mechanisms with time between
installation and loading. The relative effect of each of these factors is investigated in this
thesis.
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1. INTRODUCTION
The title of this thesis mentions two facets of geotechnical engineering:
1. Analysis of piezocone penetration test (CPTU) data; and
2. Design of displacement piles.
These two areas could be considered relatively mature topics as they are discussed in
most introductory textbooks on geotechnical engineering (e.g., Bolton 1979, Lancelotta
1995, Budhu 2000, Powrie 2004, Atkinson 2007). The fact that these subjects are
mature may actually result in an increased difficulty in application rather than ease of
use. Associated with such maturity is the ever increasing number of published
interpretations / design methods, and the differing results that occur when applying
those methods. This chapter provides background information on the piezocone test,
pile design, and the uncertainty and bias in design. The questions arising from this
discussion provided the motivation for topics covered in this thesis. These topics are
summarized in Section 1.5 at the end of this chapter.
1.1. The piezocone penetration test (CPTU)
A significant initial step of the geotechnical engineering process is the development of a
subsurface profile of soil types and their geotechnical properties. The cone penetration
test (CPT) is an ideal tool for soil profiling. A typical CPT provides a near continuous
profile of two measurements with depth; (i) cone tip resistance, qc; and (ii) sleeve
friction, fs. Additional sensors include penetration pore pressures measured at the midface of the tip (u1) or behind the cone shoulder (u2; piezocone test), and downhole shear
wave arrival time (ts) for calculation of shear wave velocity, (Vs; seismic cone test). A
standard penetrometer has a 10cm2 projected face area (35.7mm diameter), while larger
diameter cones with a 15 cm2 projected face area (43.7mm diameter) are also common
in practice. Additionally, 5 cm2 (25.2mm diameter) penetrometers are often used in
dense/hard deposits offshore due to the lower force required to advance the probe
(Fugro 2001). Figure 1 illustrates the location of various sensors on standard cone
penetrometers with raw data from a seismic cone test (SCPT) presented in Figure 2 for
illustrative purposes.
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Figure 1. Types of cone penetrometers and measurement locations: (a) electric cone
penetrometer, CPT; (b) piezocone penetrometer (filter behind tip), CPTU2
(c) piezocone penetrometer (mid-face filter) CPTU1; (d) seismic piezocone, SCPTU2

1

ts, in milliseconds, indicates arrival time of a shear wave generated at the ground surface

Figure 2. Data from a seismic cone test (Schneider et al. 2001)
It can be seen from Figure 2 that penetration in sandy soils results in no generation of
excess penetration pore pressure, u2=u0 during testing (where u0 is the in situ ambient
pore pressure), although penetration in stiff clays results in high penetration pore
pressures (u2 ≈ 0.5qt, where qt is the corrected total cone tip resistance1). These pore
pressures are indicative of the degree of consolidation during penetration, with
undrained penetration in clays and drained penetration in sands. The degree of
1

qt = qc + u2⋅(1-an); where an is the net area ratio of the cone (e.g. Lunne et al. 1997)
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consolidation during cone penetration, among other issues, influences the correlation
between CPTU measurements and pile design parameters and needs to be identifiable.
1.2. Cone penetration testing for pile design
Due to the geometry and full displacement installation method, data from the cone
penetration test are well suited to design of the axial capacity of displacement piles.
During the time of researching this thesis, 15 CPT based methods for design of the axial
capacity of driven piles in predominantly sandy soils were reviewed, not to mention
other methods based on an earth pressure based approach, correlations with standard
penetration test values (SPT), or correlations with pressuremeter test results. This list
does not include design methods for jacked/pressed-in piles, bored/cast-in-place piles,
driven cast-in-place piles, or deep foundations in silts, clays, or soil mixtures. These
CPT based methods include (with short acronym included for ease of discussion):
1. M-56 (Meyerhof 1956)
2. NS-75 (Nottingham 1975, Schmertmann 1978)
3. S-78 (Schmertmann 1978)
4. RB-79 (de Ruiter & Berringen 1979)
5. LCPC-82 (Bustamante & Gianeselli 1982)
6. EF-97 (Eslami & Fellenius 1997)
7. B-97 (Belgian practice, Holeyman et al. 1997)
8. F-97 (French practice, Bustamante & Frank 1997)
9. I-97 (Italian practice, Mandolini 1997)
10. NL-97 (Dutch practice, Everts & Luger 1997)
11. FHWA-97 (Schmertmann 1978, FHWA 1997)
12. TSM-98; (Takesue et al. 1998)
13. Fugro-05 (Kolk et al. 2005)
14. ICP-05 (Jardine et al. 2005)
15. NGI-05 (Claussen 2005)
A review and comparison of these methods led to the development of the UWA-05
design method for driven piles (Lehane et al. 2005a, 2007a), which is presented in
Appendix A5.

The differences between axial pile capacities predicted by the above mentioned design
methods are not small, and may differ by a factor of greater than 5, with larger
3
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differences observed when comparing the individual components of base and shaft
capacity, or local and average shaft friction. If a designer uses more than one method
for calculation, they are faced with the question of whether to use the lowest value of
capacity, the average value, or the highest value; they are also faced with the selection
of an appropriate factor of safety.
1.3. Updating information for design
The engineering process revolves around collection and interpretation of data for cost
efficient application to design. The issues raised previously relating to pile design
methods and selection of safety factors may be addressed by performing a range of pile
load tests to failure or proof tests to a factor of ultimate capacity, provided that the
geometry of the pile and soil conditions are similar across a site (e.g., Kay 1976, Zhang
et al. 2002). Additionally, dynamic analysis of pile installation data may be useful for
assessment of capacity, but this assessment should take account of the influence of time
between installation and loading on pile capacity. The time between installation and
loading has a significant effect on pile capacity for both clays and sands (e.g., Skov &
Denver 1988, Svinkin et al. 1994, Chow et al. 1998, Randolph 2003).

For offshore foundations, the cost and time associated with pile load testing typically
make it an impractical alternative (McClelland et al. 1969). Therefore, offshore
foundation design has historically relied on conservative application of design methods,
as well as previous experience based on similar conditions, and results of load tests
conducted onshore. For example, local shaft friction (τf) along a displacement pile in
sand is often calculated as (McClelland 1969):
τ f = K f ⋅ σ' v 0 ⋅ tan δ f

(1)

where Kf is an earth pressure coefficient at failure, σ'v0 is the initial effective vertical
stress prior to pile installation, and δf is the soil-pile interface friction angle. When
discussing application of Equation 1, McClelland (1969) suggest that the effective stress
friction angle (φ') for a clean sand may vary between 30 and 45 degrees and that:
“For conservative design purposes the friction angle δ may be assumed equal to the
smallest angle φ' shown for each type of cohesionless soil …”
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Based on this statement, a designer may think that Kf is constant, φ' and δ are related,
and that by measuring the friction angle the level of conservatism in their axial pile
design could be reduced.

The use of pile load tests, dynamic measurements of pile installation capacity, or
laboratory measurement of friction angle (φ' or δf) are all ways a designer can increase
the level of knowledge at a given site. Interpretation of these tests results should then
allow a designer to use a lower safety factor and have a more efficient design, e.g. Kay
(1976) and Zhang et al. (2002). Taking the measurement of soil or soil-pile friction
angle as an example, converting an update in the level of knowledge at a given site to an
actual lower probability of failure (which could then be used to justify a lower safety
factor and more efficient design) requires certain assumptions:
• The uncertainty in friction angle is a major contributor to the uncertainty in axial pile

design;
• The model (i.e., Equation 1) provides an adequate representation of the mechanics

behind the design problem.
This thesis investigates factors influencing models for calculating the axial capacity of
displacement piles as well as the input parameters for those calculations (i.e., CPT qc, δ
and/or φ').
1.4. Design efficiency
One important goal of any geotechnical analysis is to reduce project costs. These costs
may be associated with construction of a facility, long term maintenance, as well as the
prevention of a major failure (i.e., collapse). An ‘acceptable’ probability of failure is
established based on consideration of (i) the expected costs of a failure; (ii) the expected
costs required to reduce the probability of failure; as well as (iii) the intended lifetime of
the facility (e.g. Bea 1999).

The previous section mentioned some issues of relevance to the selection of safety
factors (or load and resistance factors). The link between factors of safety and the
nominal probability of failure can be expressed simply by using the reliability index, β
(Christian 2004).
p f = 1 − Φ (β )

(2)
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where Φ is the cumulative distribution function (CDF) of the standard normal
distribution. For uncorrelated variables, the reliability index (β) can be calculated for a
lognormal distribution as (Bea et al. 1999):
⎛ R μ gQ ⎞
⎛
μ ⎞
⎟
ln⎜
ln⎜ FSA gQ ⎟
⎜μ
⎟
⎜
μ gR ⎟⎠
gR Q ⎠
β= ⎝
= ⎝
σ 2 ln R + σ 2 ln Q
σ 2 ln R + σ 2 ln Q

(3)

where
Q is the loading
μgQ is the mean of the lognormal distribution of load
σlnQ is the standard deviation of the lognormal distribution of load
R is the resistance
μgR is the mean of the lognormal distribution of an uncertain resistance
σlnR is the standard deviation of the lognormal distribution of resistance
FSA is the applied factor of safety which is the ratio of R/Q
To have acceptably low probabilities of failure, β must be sufficiently high. Phoon &
Kulhawy (2002) suggest target reliability indices for (onshore) deep foundations to be
2.6 and 3.2, for serviceability and limit state conditions respectively. High β values may
occur due to (i) high levels of conservatism; (ii) high factors of safety; and/or (iii) low
uncertainty in design. Conservatism and high safety factors are generally associated
with inefficient and costly design, and therefore a goal of engineering would be to
reduce the level of uncertainty for a given project.

To reduce uncertainty, one must first identify where it exists. For design of offshore
foundations, Wu et al. (1989) suggests that uncertainty in evaluation of resistance (σln,R)
arises from:
• model uncertainty (σln,Rm),
• uncertainty in the input parameters to that model (σln,Ri)
• uncertainty due to small sample size (σln,Rs)

These uncertainties can be combined as:
σln,R = σln,Rm + σln,Ri + σln,Rs
2

2

2

(4)
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Additional uncertainty exists in evaluation of design loading conditions (σln,Q), although
those issues are beyond the scope of this thesis.

Figure 3 illustrates the influence of uncertainty in input parameters on reliability index
for low (σln,Rm = 0.2) and high (σln,Rm=0.6) model error. A constant safety factor of 2 on
the ratio of resistance to load (after API 2000), uncertainty in load of 0.15 (after Lacasse
& Nadim 1994), and a μgQ/μgR ratio of unity is used in this example. This figure
illustrates that if the design model is poor (high σln,Rm), increasing the level of
knowledge of the input parameters (reducing σln,Ri) will not significantly increase the
reliability of the design. Conversely, for design methods that accurately reflect the
mechanics of the design problem (and therefore have a low value of σln,Rm), high quality
site investigation becomes paramount for achieving the target reliability index. To place
such results in context, the API RP2A (2000) design method for driven piles in siliceous
sands has a σlnR value on the order of 0.6, while offshore CPT based design methods
have a σlnR value on the order of 0.3 (Jardine et al. 2005, Lehane et al. 2005b).

Figure 3. Influence of uncertainty in input parameters on reliability index for models
with low and high levels of uncertainty
7
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To reduce uncertainty in empirical predictions (i.e., design of axial capacity for
displacement piles), Zhang et al (2004) stress that two approaches are to:
• Improve the design method through a better understanding of the mechanics behind

the problem;
• Maximize the value of regional and site specific observations.

As illustrated in Figure 3, site specific measurements of input parameters for a relatively
poor design method (i.e., API RP2A 2000 for siliceous sands) are of little value for
increasing the reliability index. The only way to update reliability would be through pile
load testing or dynamic measurements of installation resistance, which are usually not
practical / cost effective for offshore pile design. Therefore, a model must accurately
represent the underlying mechanics behind the design issue to enable consistently high
levels of reliability to be achieved in the absence of high levels of conservatism (and
therefore high construction costs).
1.5. Thesis Outline
During the engineering process a designer must to be able to quantify the nominal level
of reliability, identify areas of high uncertainty, perform tests to reduce this uncertainty
and then update the level of reliability. Factors influencing CPTU measurements and
how those measurements relate to design of the axial capacity of displacement piles are
the focus of this research.

This thesis is written primarily as a collection of technical papers, with supplemental
chapters added for unsubmitted work. Each chapter/paper will start with a brief
literature review, present data and analyses, and finish with relevant conclusions for that
chapter. The final chapter presents conclusions and outlines some future research needs2.
It may be useful to read the Conclusions (Chapter 12) prior to reading the preceding
collection of papers so that the objectives of the thesis are clear. Additionally, Chapters
5, 10, and 11 all deal with testing at the Shenton Park field site, and it may be more
straight forward to read those chapters as one unit.

2

Due to this format, there is some overlap of background information in different chapters.
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The text is broken into five main sections, with the interrelationships between sections
presented in Figure 4.
1. Overview (Chapter 2)
Chapter 2 - Schneider, J.A. (2006). Impact of offshore site investigation practice on
reliability of axial pile design in siliceous sands, 31st Annual Conference on Deep
Foundations, Deep Foundation Institute: 623-638.
2. In situ testing for site characterization (Chapter 3, 4, and 5)
Chapter 3 - Schneider, J.A., Lehane, B.M., and Schnaid, F. (2007c). “Velocity effects
on piezocone measurements in normally and overconsolidated clays.” International
Journal of Physical Modelling in Geotechnics: 7(2): 23-34.
Chapter 4 - Schneider, J.A., Randolph, M.F., Mayne, P.W., and Ramsey, N. (2008).
“Analysis of factors influencing soil classification using normalized piezocone
parameters.” Journal of Geotechnical and Geoenvironmental Engineering, (in press).
Chapter 5 - Characterization of the Shenton park sand site for pile design
3. Axial capacity of displacement piles (Chapter 6 and 7, and 8)
Chapter 6 - Schneider, J.A., White, D.J., and Kikuchi, Y. (2007e). “Back analysis of
Tokyo port bay bridge pipe pile load tests using piezocone data.” Advances in Deep
Foundations, Yokosuka, Japan, Taylor & Francis, 183-194.
Chapter 7 - Schneider, J.A., Xu, X., and Lehane, B.M. (2008). “Database assessment of
CPT based design methods for axial capacity of driven piles in siliceous sands.” Journal
of Geotechnical and Geoenvironmental Engineering, (in press).
Chapter 8 - Schneider, J.A., Lehane, B.M., and Xu, X. (20XX). “Application of static
load test databases to reliability analyses for piled offshore platforms.” (in modification).
4. Experimental investigations (Chapter 9, 10, and 11)
Chapter 9 – Effects of width on square centrifuge displacement pile behaviour in
siliceous sand
Chapter 10 – Tension tests on driven piles at the Shenton Park sand site
Chapter 11 – Installation and tension testing of jacked segmented model piles at
Shenton Park

5. Concluding Remarks (Chapter 12)
Chapter 12 – Summary, Conclusions and Future Work
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Figure 4. Flow chart of thesis format
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A series of appendices are also included after the main text. These appendices present
supplemental information, analyses, and technical papers which were performed during
this research. The information in the appendices addresses specific questions which
arose during discussions with a number of different researchers/practitioners over the
PhD period, but are somewhat off the main focus of the thesis. The appendices are
summarized in Table 1. Reference lists have been separated from individual papers and
are included as Appendix 13.

Table 1. Summary of Appendices to this thesis
Appendix

Title

Purpose

A1

Site characterization for pile design
in sandy soils

Highlight factors influencing strength, stiffness, and
increases in radial stress due to cone or pile
installation in sands. These uncertainties lead to
higher reliability for pile design based on correlations
to CPT qc rather than analytical or numerical analysis
of pile behaviour or correlations to relative density.
Further research in these areas, which is outside the
scope of this study, may provide additional insight for
developing pile design methodologies.

A2

Factors influencing drained cavity
expansion analyses in sands

Drained cavity expansion / contraction in sands shows
promise in evaluation of penetration resistance as well
as increases in radial stress during pile installation.
The influence of (i) neglecting elastic strains in the
plastic zone; (ii) analyzing a pressuremeter with a
finite length using the assumption of an infinitely
long cavity; and (iii) soil stiffness non-linearity are
compared using analytical solutions and FE methods.

A3

Influence of database size and
characteristics on assessment of
method reliability

Chapter 8 explicitly addresses the influence of
method bias on quantification of reliability of
offshore pile design methods when extrapolated to
conditions outside of those typical of databases used
for calibration. This appendix extends that discussion
to include additional levels of ‘extrapolation
uncertainty’ which arises due to database size and
differences in characteristics of the database and
design application.

A4

White, D. J., Schneider, J. A., and
Lehane, B. M. (2005). “The
influence of effective area ratio on
shaft friction of displacement piles
in sand.” Proc., Int. Symp. Frontiers
Offshore Geomech. ISFOG, Perth,
741-747.

Provides background on the calculation of differences
in initial radial stress adjacent to full displacement
(closed ended) and low displacement (open ended)
piles using cavity expansion analyses. The results
from this paper were included when formulating the
UWA-05 axial pile design method discussed in the
following appendix.
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Table 1 (cont.). Summary of Appendices to this thesis
Appendix

Title

Purpose

A5

Lehane, B.M., Schneider, J.A., and
Xu, X. (2007a). “Development of
the UWA-05 design method for
open and closed ended driven piles
in siliceous sand.” Contemporary
Issues in Deep Foundations, ASCE
GSP 158, GeoDenver 2007, 1-10.

This paper presents the primary reasoning behind the
formulation of the UWA-05 design method for axially
loaded piles in siliceous sands, which is further
examined in this thesis.

A6

Xu, X., Schneider, J.A., and
Lehane, B.M. (2007). “CPT-based
design methods for end bearing of
driven piles in siliceous sand.”
Canadian Geotech. J., accepted.

While this thesis is primarily concerned with the shaft
friction of piles, the improved end bearing
formulation in the UWA-05 method may be of greater
significance to the relatively low uncertainty of the
design method. When calibrating a design method
against a database of pile load tests in compression,
an accurate end bearing formulation is necessary.
This paper further compares the end bearing
formulation of the four ‘offshore’ CPT design
methods.

A7

Closed form solution for CPT
based axial pile design in constant
cone tip resistance sand

When developing a spreadsheet or computer code for
accurate, rapid and repeatable calculations using
relatively complex design formulations (such as the
‘offshore’ CPT design methods), verification of the
computer code for a range of pile geometries and soil
conditions is necessary. The closed form solutions in
this appendix can be used for that verification as well
as simple hand calculations for quickly checking a
design.

A8

Hebeler, G.L., Frost, D.J.,
Schneider, J.A., and Lehane, B.M.
(2005). “Cyclic friction piezocone
tests for offshore applications.”
International Symposium on
Frontiers in Offshore Geotechnics,
Perth, 967-972.

The data and analyses for this paper were collected
during this thesis, and outlines procedure and results
for cyclic CPTs. Cyclic CPTs may be useful for
calibration of input parameters to axial pile design
methods in the future, and continued research in this
area seems promising (as also discussed in Chapter 9,
and Appendix A11).

A9

Detailed data from centrifuge
model pile tests

This appendix supplements summary figures in
Chapter 9 with more complete data for each
centrifuge pile installation and load test performed
during the time of this thesis.

A10

Detailed data from field model pile
load tests

This appendix supplements summary figures in
Chapters 10 and 11 with more complete data for each
field pile installation and load test performed during
the time of this thesis.

A11

Schneider, J.A., White, D.J., and
Lehane, B.M. (2007). “Shaft
friction of piles driven in siliceous,
calcareous, and micaceous sands.”
Proceedings of the 6th International
Conference on Site Investigation
and Geotechnics, SUT, London,
367-382.

This recently presented paper presents additional
discussion of the application of the results from this
thesis to calcareous and micaceous sands. The general
format for calculating shaft friction of piles in sand
appears appropriate, although, different input
parameters are required.
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Table 1 (cont.). Summary of Appendices to this thesis
A12

Summary of CPT and CPTU data
for beam centrifuge testing
discussed in Chapter 3

This appendix contains profiles of cone penetration
test (CPT) and piezocone penetration test (CPTU) for
centrifuge tests in (i) normally consolidated kaolin;
(ii) overconsolidated kaolin; (iii) heavily
overconsolidated silica flour and bentonite mixture;
(iv) lightly overconsolidated silica flour and bentonite
mixture, and (v) water pluviated slica flour. These
tests were discussed in detail in Chapter 3.

A13

References

References cited in the thesis
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2. IMPACT OF OFFSHORE SITE INVESTIGATION PRACTICE
ON RELIABILITY OF AXIAL PILE DESIGN IN SILICEOUS
SANDS
ABSTRACT:
The evolution of the American Petroleum Institute (API) design method for axial
capacity of driven piles in siliceous sands is explored, and complemented with an
overview of how changes in offshore site investigation practice have increased the level
of knowledge with respect to vertical variability of soil characteristics. Increased use of
the cone penetration test (CPT) provides near continuous profiles of soil type and
strength which can be used in calculation methods that address variation in local shaft
friction rather than the API method which seems to have initially been based on
observations of average shaft friction in relatively uniform sand deposits. Development
of a formulation for CPT correlations to axial pile capacity in sand is discussed, along
with implications to existing factors of safety used in routine design.
2.1. Introduction
The static axial capacity of driven piles may be evaluated using load tests, dynamic pile
driving analyses, and/or empirically and theoretically based static design methods.
Although commonly used in onshore practice, dynamic pile driving analyses are not as
useful for offshore pile design since any delays induced by changes to pile geometry or
hammer size is cost prohibitive. Similarly, static load tests are typically not cost
efficient in an offshore environment. These factors have resulted in the offshore industry
being more reliant on static axial pile capacity calculations than other areas of deep
foundation design (McClelland et al. 1969).

One such static axial pile design method is the recommended practice for fixed offshore
structures (RP2A) of the American Petroleum Institute (API), which has had worldwide
usage and remarkable success for over 35 years (Briaud & Audibert 1990). For siliceous
sands, the method has undergone some minor adjustments, but no significant changes
have been made to the original 1969 equation format or input parameters which were
based on the standard practice of McClelland Engineers at that time (McClelland et al.
1969). This is not to say the method has not received harsh criticism, with some studies
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suggesting it is overly conservative (Sulaiman & Coyle 1971) and others suggest the
method may be unconservative under certain circumstances (e.g., Toolan et al. 1990).
Additional database review of the recommended practice presented in the 21st edition
(API 2000) of the API RP2A (API-00) has indicated that for single pile axial capacity
API-00 tends to (a) under-predict the capacity of short piles in dense sand, (b) overpredict the capacity of long piles in loose sand and (c) over-estimate the ratio of the
tension to compression shaft capacity (Lehane et al. 2005b). This bias due to pile
geometry and soil density will lead to inconsistent levels of reliability at different sites,
which is an undesirable trait of a design method.

API RP2A has very poor performance against databases of onshore pile load tests (e.g.,
Dennis & Olson 1983, Chow 1997, Schneider et al. 2007a), but there is a strong degree
of belief that the method is conservative with its current safety factors in an unadjusted
format. While there have been very few foundation failures, if any, for offshore piles in
predominantly siliceous sands designed using API RP2A, conservative bias may not be
in the design method itself but in application of the design method as well as soil
characteristics, loading conditions, and pile geometries typical of offshore foundations.
As offshore site investigation practice has evolved, the ability to accurately characterize
soil properties, the variability of soil properties with depth, as well as location of
horizontal ‘layer’ boundaries has increased. This has resulted from improved drilling
and sampling techniques as well as use of in situ testing methods, often resulting in
higher estimations of soil strength. Due to the empirical nature of pile design methods,
higher measurements of soil strength do not result in a higher pile capacity if that
difference in strength is a function of measurement procedure rather than soil behavior.
To complement the evolution of offshore site investigation practice and increased
knowledge of vertical and horizontal variation in soil characteristics, knowledge and
experience related to pile design need to be used to develop methods which provide
quantifiable and consistent levels of reliability.
2.2. Offshore pile design in sands
A large majority of offshore platforms are pile supported steel structures. In 1947, a
steel jacket, or template structure, was installed in 6m of water located 30 km off the
Louisiana coast and became the first offshore oil rig (COFS 2005). As oil exploration
moved into deeper waters (greater than approximately 120m), different types of
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offshore structures have evolved including (i) compliant towers (CT), (ii) tension leg
platforms (TLP), (iii) mini-tension leg platforms (mini TLP), (iv) SPAR platforms, (v)
floating production systems (FPS), and (vi) floating production, storage, and offloading
(FPSO) platforms (COFS 2005). Platform type will significantly influence foundation
loading conditions, and these loadings may differ from those initially considered for
jacket structures. Design methods and safety factors based on experience with fixed
platforms may not be directly applicable to other platform types. Consequently, an
understanding of the background behind experience with fixed platform design is
needed.
2.2.1.

Shaft friction

The first edition of API RP2A was published in 1969 (API-69), and was based on
experiences gained in offshore foundation design and construction in the Gulf of
Mexico over the previous twenty two years. Calculations were based on the idea that
pile shaft friction in sand was proportional to effective vertical stress (σ'v0) up to a
limiting value (τf,lim):

τf = K f σ' v 0 tan δf ≤ τ f ,lim

(1)

where Kf is an ‘earth pressure’ coefficient and δf is the soil-pile friction angle. Table 1
summarizes recommended design parameters of API-69 (after Pelletier et al. 1993), and
it is noted that while there is no distinction in recommended parameters based on soil
density, local shaft friction is considered to decrease with increasing silt content.

As the predominant soil type in the Gulf of Mexico is soft normally consolidated clay
(Fisk & McClelland 1959), the design of piles in sands was based largely on onshore
pile load tests and research with small diameter model piles. It was assumed that the
interface friction angle, δf, was approximately 5 degrees lower than the soil-soil friction
angle (φ'), with φ' ranging from 30 to 45 degrees in sandy soils depending upon density
(McClelland 1969).

The earth pressure coefficient was considered to vary from 0.7 to over 3 and be
influenced by the (i) in situ earth pressure coefficient, K0; (ii) density of the sand; (iii)
displaced volume of soil by the pile; (iv) pile shape and taper; (v) jetting or drilling used
to aid the driving process; and (vi) loading direction (tension or compression)
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(McClelland et al. 1969). As K0 is essentially density independent (or decreases slightly
with increasing Dr), and McClelland et al. (1969) suggest that a low displacement (open
ended) driven pile would only slightly increase the in situ K0 value, it is inferred that the
initial Kf recommendations of 0.7 and 0.5, for compression and tension respectively,
were for low displacement open ended piles and considered to be relatively density
independent.

Limiting shaft friction values were based on the observation of Vesic (1967, Figure 1)
that average shaft friction tends to reach a constant value after a certain normalized pile
penetration. The recommended τf,lim values of API-69 appear to result from the
assumption of a triangular distribution of shaft friction prior to reaching a limiting value
(i.e., constant K and d, after Vesic 1967). While the concept of limiting local shaft
friction values has been shown to be false for a number of reasons (e.g., Lehane et al.
1993, Randolph et al. 1994, Fellenius & Altaee 1995), the use of limiting shaft friction
within Equation 1 can provide reasonable estimates of average shaft friction along piles
in uniform (constant Dr with depth) sand deposits (Foray et al. 1998). While uniform
sand deposits rarely exist in nature, τf,loc for sands using API RP2A appears based on
trends in τf,avg (e.g., Kulhawy 1984).
Table 1. API RP2A 1st Ed. (API-69) open ended pile design recommendation for local
τf, 1969 - 1971 (after Pelletier et al. 1993)
Soil Type
Kf
δf
τf,lim
(degrees)
(kPa)
Compression
Tension
clean sand
0.7
0.5
30
96
silty sand
0.7
0.5
25
81
sandy silt
0.7
0.5
20
67
silt
0.7
0.5
15
48

Table 2. API RP2A 3rd Ed. (API-72) open ended pile design recommendation for local
τf in clean sands 1972 - 1983 (after Pelletier et al. 1993)
Direction
Kf
δf
τf,lim
(degrees)
(kPa)
Compression
0.5 to 1.0
30
local practice
Tension
0.5
30
local practice

20
Schneider, J.A. 2006. Impact of offshore site investigation practice on reliability of axial pile design in siliceous sands,
31st Annual Conference on Deep Foundations, Deep Foundation Institute: 623-638.

Table 3. API RP2A (API-84) open ended pile design recommendation
clean sands 1984 - 2005 (after Pelletier et al. 1993)
Density
Kfa
δf
(degrees)
very dense
0.8
35
dense
0.8
30
Medium dense
0.8
25
loose
0.8
20
very loose
0.8
15

for local τf in
τf,lim
(kPa)
115
96
81
67
48

a

Kf was assumed to be equal in tension and compression. Kf for closed ended piles is assumed 25 percent
higher than for open ended piles.

Table 4. API RP2A (API-06) open ended pile design recommendation for local τf in
clean sands (API 2006)
Density
βSb=Kftanδ
τf,lim (kPa)
very dense
0.56
115
dense
0.46
96
medium dense
0.37
81
a
loose
NR
NR
a
very loose
NR
NR
a

Designers are referred to CPT based methods if loose or very loose sands are encountered as previous
recommendations are considered unconservative.
b
βS is assumed 25 percent higher for closed ended piles.

If the rate of increase in average shaft friction with σ'v0 decreases after an L/D of
approximately 10 to 30 (roughly after Figure 1), that would be the point where limiting
shaft friction values need to be applied. Assuming τf,lim occurs at approximately 30m
(L/D=30; D=1m), 0.7·σ'v0·tan(30) is approximately 96 kPa, or the recommended
limiting shaft friction value for clean sands. With a reduction in friction angle (for silt
content) and the same depth to reach τf,lim, limiting shaft friction values for other soil
classes were developed. Original τf,lim recommendations were simple round numbers to
express their approximate nature, but now appear more accurate as the number of
significant figures was increased during conversion to SI units.
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Figure 1. Variation in average shaft friction with slenderness ratio for model piles (after
Vesic 1967)

Adjustments to API-69 were introduced in the 3rd edition of RP2A in 1972 (API-72), as
outlined in Table 2. Significant changes included removal of specific limiting shaft
friction values and allowing for a range of Kf values in compression. Limiting shaft
friction values were still recommended, but were selected by the designer based on local
practice (Dennis & Olson 1983). These changes allowed more flexibility in design as
API RP2A was being used outside the Gulf of Mexico, where it had been originally
developed.

The largest changes in API RP2A occurred in 1984 (API-84), and were maintained until
the revisions of 2006. These changes were formulated from results of a database study
of 66 pipe piles in sandy soils (Dennis & Olson 1983). The database study addressed
parameters from API-69, although limiting shaft friction values were initially ignored.
Conclusions from the Olson study include:
•

Soil density influences both shaft friction and base capacity of open ended piles, and
shaft friction parameters for API-69 were generally applicable to medium dense to
dense sands;
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•

The interpretation of the influence of density on load test data is highly uncertain due
to poorly defined soil properties along the length of a pile;

•

Shaft capacity in tension is less than in compression, but due to uncertainty in soil
properties a distinction was statistically insignificant; and

•

Without the use of a slenderness ratio (L/D) correction or limiting shaft friction
values, Equation 1 becomes unconservative with increasing pile penetration.

The Olson study reviewed a number of potential design methods, but no one method
was clearly superior to the others (Pelletier et al. 1993). This essentially resulted in no
changes from the format and input parameters of API-69. While API-84 seems
expanded by the addition of density dependent pile design parameters, the looser sand
parameters are exactly the same as those recommended in API-69 for silty sands and
silts (Table 1). The recommended Kf value in compression was increased by 15 percent
to 0.8, but the tension value was also increased to 0.8, or a 60 percent increase (for piles
less than 30m in length).

Changes in the tension criteria raised significant concerns for pile design in medium
dense sands in the North Sea, where tension loads were more significant to design
(Toolan et al. 1990). The Toolan study observed relatively constant average shaft
friction in uniform deposits, but used a ‘floating’ triangular distribution of local shaft
friction. Using this assumption, the local shaft friction at the pile tip in uniform sand
deposits would be twice the average shaft friction. Table 5 compares recommended
average shaft friction values by Toolan et al. (1990), as well as a re-evaluation using the
database discussed by Schneider et al. (2007a). These average shaft friction values are
compared to recommendations of API-00 in Table 5 and Figure 2. Observations include:
•

Database statistics for constant τf in Table 5 had a mean near unity and a standard
deviation of 0.35 to 0.45, as compared to a mean and standard deviation of
approximately 0.7 for API.

•

Unlike API-00, use of a constant density dependent τf does not result in significant
bias towards length or density.

•

Average shaft friction tends to double for each relative density class.

•

API-00 limiting local shaft friction tends to vary by only 20 percent for each density
class. For pile lengths greater than 30m this results in reasonable τf,avg predictions for
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dense sands, significant underprediction of τf,avg in very dense sands, and significant
overprediction of τf,avg in very loose to medium dense sands.

Table 5. Constant average shaft friction for open ended piles in relatively uniform sand
deposits compared to local limiting friction of API-00
Description
Dr
τf,avg (kPa)
τf,avg (kPa)1
τf,lim
Toolan et al.
This Study
API-00
1990
very loose
0.1
8
48
loose
0.25
15
20
67
medium dense
0.5
25
35
81
dense
0.75
50
70
96
very dense
0.9
100
135
115
1
open ended piles in compression, friction in tension approximately 75 percent of the
table value
τ f,avg (kPa)
0

30

60

90

120

150

0
conservative unconservative
10
dense
tip depth (m)

20
30
API-00
40
50
60

loose
very
dense

70

Figure 2. Comparison of API-00 recommendations to constant average shaft friction
with depth for open ended piles in compression
Recent modifications have been incorporated to the shaft friction formulation in the 22nd
edition of API RP2A (API-06). These changes, as indicated in Table 4, address the
observation that for steel piles the interface friction angle is relatively independent of
soil density (e.g., Usuegi & Kishida 1986a,b), and thus density dependent changes in
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pile capacity are primarily related to changes in ‘Kf’. The parameters Kf and tanδf have
been combined into the empirical parameter βS. As database calibration of API-00
showed the method to be unconservative in very loose to medium dense sands, very
loose and loose sands were removed from the recommended practice for API-06. All
recommended parameters for clean sands in Table 4 are within 20 percent of the
original recommendations of API-69, which can be considered statistically insignificant
for a method with a coefficient of variation of 50 to 90 percent for database piles.
2.2.2.

End bearing

End bearing of deep foundations was originally based on theoretical bearing capacity
factors. Due to the large differences in theoretical solutions (≈ 700%), as well as the
observation that end bearing capacity did not increase linearly with effective vertical
stress (McClelland et al. 1969), the following equation was adopted by API for end
bearing of (open and closed ended) offshore piles:
q b 0.1 = N q ⋅ σ' v 0 ≤ q b,lim

(2)

where qb0.1 is the base stress at 10 percent tip displacement, Nq is a bearing capacity
factor, and qb,lim is a limit for the end bearing stress. Definition of end bearing capacity
at a tip displacement of 10 percent of the pile diameter is recommended by API and
used throughout this thesis.

Limiting end bearing values were recommended primarily based on observations of
Vesic (1967) and Kerisel (1961) that qb did not increase linearly with σ'v0. Some
observations of ‘limiting’ qb discussed in Kerisel (1961) were based on results from
static cone penetration testing (CPT). Numerous studies have shown that CPT end
resistance (qc) increases approximately with σ'h0 rather than σ'v0 (e.g., Parkin 1988),
although use of Nq and qb,lim broadly gives similar trends of end resistance with depth.
Advancements in evaluation of pile capacity based on results of cone penetration testing
are discussed later.

API-69 initially proposed a bearing capacity factor of 40 for clean sands with a limiting
end bearing stress of 9.6 MPa. As silt content increased, Nq and qb,lim were considered to
decrease. End bearing parameters in API RP2A have not changed since their original
proposal. When modifications were made for API-84 (i.e., Table 3), categories related
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to end bearing parameters were modified. As with shaft friction, looser sands were
considered equivalent to soils with higher silt contents and therefore had lower end
bearing resistance.
2.3. Developments in offshore site investigation practice

Offshore site investigation practice started to evolve with oil production in the Gulf of
Mexico in the mid 1940s. The waters in these areas were shallow, considered relatively
calm, and the small structures initially constructed could be designed with parameters
collected using relatively simple soil investigation techniques (deRuiter & Richards
1983). Detachable drill rigs were temporarily attached to supply boats, and drilling was
performed through a central moon pool using 127mm (5-inch) API drill pipe to collect
soil samples (deRuiter & Richards 1983). The most commonly used offshore sampling
technique was the wireline percussion sampler. This method can be used for both sands
and clays and involves driving a relatively thin walled tube with a 130kg downhole
hammer dropper from a distance of 1.5m (Poulos 1988). The procedure is significantly
different from the standard penetration test (SPT), and blowcounts in sandy soils often
approach ‘refusal’ (30 blows for 150mm) in dense sands. Significant sample disturbance
will occur when using percussion techniques.

Most near surface deposits in the Gulf of Mexico are clays, with a deep (greater than
approximately 150m) sand and gravel substratum as well as local long and narrow ‘sand
fingers’ of up to 80m in thickness (Fisk & McClelland 1959). Sands are described as
fine to very fine with relatively consistent strength (Fisk & McClelland 1959), but little
additional information is provided on the anticipated strength or density. Most advances
in site characterization in the Gulf of Mexico focused on improving the characterization
of clay strength.

While drilling and (high quality) sampling can result in adequate site characterization in
the predominantly soft, normally consolidated clays of the Gulf of Mexico, the start of
offshore development in the North Sea in the late 1960s led to many site investigation
advances, particularly the use of the electric cone penetrometer. Cone penetration
testing (CPT) is particularly useful in sandy deposits which are common in the North
Sea. Since nominally undisturbed specimens cannot be collected in sand, the good
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correlation between CPT tip resistance and in situ density is valuable for site
characterization (Lunne & Kleven 1983, Fugro 2002).

By 1966 the Fugro electric friction cone was operational, and it was used from a fixed
offshore platform in 1968 (Fugro 2002). When faced with deeper water situations as
well as the influence of waves and tides, testing with reaction at the seabed results in
more stable operation as it allows vessel movement independent of the testing device.
This led to development of the SeaCalf seabed frame, which was first used in rough
waters off of Scotland in the North Sea in 1972 (Fugro 2002). In very dense sands and
stiff clays of the North Sea, CPTs from the seabed will typically result in a maximum
penetration of only 10 to 15m (Lunne & Kleven 1983). To provide increased
penetration depth necessary to investigate soil conditions for piled foundations, a
combination of drilling and in situ testing was required. This was accomplished with
wireline cone penetration testing. The cone is advanced from the bottom of a borehole
for up to three meters, followed by drilling out the tested depth. This sequence is
repeated until the desired borehole depth is reached. The Fugro downhole system is
called Wison (Figure 3), and can consistently achieve penetration depths to greater the
150m below the seabed (Lunne 2001). As previously mentioned, vessel movement will
also move a sampling or in situ testing device, causing soil disturbance, poor testing
results, or broken equipment. Heave compensation was developed to counteract the
influence of vessel motion and successfully used for geotechnical investigations in 1973
(Fugro 2002). Recent advancements in offshore cone penetration technology involves
new procedures for testing in deep water as well as additional measurements of soil
response.

For design of piles in sand, friction cone and piezocone tests coupled with laboratory
index testing provide sufficient amounts of information in a cost effective manner for
most axial pile design methods. Primary data needed for offshore piled foundations are
a deep and relatively continuous profile of soil type and strength. This can be achieved
using downhole cone penetration tests which alternate drilling and in situ testing. At
times, refusal is met prior to the end of the 3m stroke. An excessively dense or
cemented zone can be drilled through and the CPT continued after the obstruction is
passed. Profiles in very dense sands with qc values in excess of 100 MPa have been
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achieved using combined CPTs and drilling (i.e., Figure 4), although smaller 5 cm2
cones may be required for profiling in deposits with qc greater than 80 MPa.

Figure 3. Schematic of Fugro’s wireline CPT and sampling system (Wison) (Fugro
2001)
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Figure 4. Combined drilling and cone penetration testing in very dense sand and
cemented clay at Ras Tanajib (Kolk et al. 2005c)
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2.4. CPT based axial pile design in sands

The commentary of the 2006 edition of API RP2A includes four CPT based methods to
move towards a design practice which result in relatively consistent levels of reliability
for different sites and pile geometries:
• Fugro-05 (Kolk et al. 2005a)
• ICP-05 (Jardine et al. 2005a)
• NGI-05 (Clausen et al. 2005)
• UWA-05 (Lehane et al. 2005b)

Additional summaries of method formulation and database performance are presented in
Lehane et al. (2005b), Schneider et al. (2007a,b), and Xu et al. (2007).
2.4.1.

End bearing

Due to the similarity in geometry and installation behavior, direct correlation between
CPT tip resistance and closed ended pile end bearing is logical. Differences between
CPT qc and pile end bearing result from features including: (i) differences in diameter of
a pile and cone penetrometer; (ii) partial mobilization of qc at design displacements; (iii)
influence of residual loads at the end of pile driving; (iv) and differences between open
and closed ended piles. Each of the CPT based methods recommended in the
commentary of API (2006) have different formats which address potential influences of
pile diameter, soil density, and end condition on the ratio of pile end bearing resistance
to average CPT resistance, qb0.1/qc,avg. These methods are reviewed by Xu et al. (2007),
where the background and development of the end bearing formulation for UWA-05 is
also discussed. That study concluded:
• The

(relatively small) database of closed ended driven pile end bearing

measurements does not indicate a dependence of qb0.1/qc,avg on stress level, diameter,
or relative density, provided that qc in the vicinity of the pile tip is averaged using an
appropriate method;
• The Dutch (Schmertmann) CPT qc averaging technique provides a better assessment

of qc,avg in the vicinity of the pile tip than arithmetic or geometric mean;
• A significantly improved fit to the database of open ended piles is obtained when the

final filling ratio (degree of partial plugging at the end of installation) is included;
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• The use of an effective area ratio term (Ar,eff) results in a simple equation that can

relate pile end bearing to cone tip resistance for both open and closed ended piles.

A (tentative) linear transition from open ended coring piles to closed ended piles (e.g.,
Gavin & Lehane 2005) is assumed. The relationship between averaged cone tip
resistance and end bearing at 10 percent tip displacement for UWA-05 is presented as:
q b 0.1 / q c,avg = 0.15 + 0.45 × A r ,eff

(3)
2

with the effective area ratio defined as A r ,eff = 1 − FFR

Di
. FFR is the final filling ratio
D2

and defined as the incremental filling ratio (IFR) at the end of driving. The performance
of Equation 3 compared to a database of end bearing measurements for closed and open
ended piles is presented in Figures 5 and 6, respectively.

The observation of qb0.1/qc,avg of 0.6 for closed ended piles at a tip displacement of 10
percent of the diameter is between recommendations of 0.4 (Randolph 2003) and 1.0
(Eslami & Fellenius 1997, White & Bolton 2005, among others). The occurrence of
base stress on closed ended piles which are lower than appropriately averaged cone tip
resistance results from such factors as partial mobilization and effects of residual base
load on mobilization of qb0.1 (the influence of residual load on interpretation of qb was
accounted for in the analyses). Open ended piles with minimal plugging during
installation (i.e., FFR ≈ 1) will still plug during static loading, provided that they are
embedded a sufficient distance (≥5Di) in the end bearing layer (Lehane & Randolph
2002). Non displacement piles tend to have qb0.1/qc,avg between 0.15 and 0.23 (Ghionna
et al. 1993), which corresponds to the lower bound for low displacement driven piles.
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Figure 5. Relatively constant qb0.1/qc,avg with pile diameter for closed ended piles when
using Dutch qc averaging technique (Xu et al. 2007)
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Figure 6. Influence of effective area ratio on qb0.1/qc,avg for open ended piles (after Xu et
al. 2007)
2.4.2.

Shaft friction

Use of CPT data to calculate pile capacity is a significant advantage when assessing the
performance of long piles. As soil deposits are seldom uniform in material type or
strength, the local shaft friction will vary significantly along the length of a pile. Studies
of average shaft friction tend to be of limited use in layered profiles, as many different
distributions of local shaft friction can result in the same average shaft friction for a
uniform deposit.
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Development of a reliable correlation with CPT qc needs to address mechanisms which
primarily influence shaft friction, including:
1.

Soil density, compressibility, and stress level, which is best reflected by a direct

relationship to CPT qc;
2.

Reduction in local shaft friction with increased pile penetration, or friction

fatigue;
3.

Increase in lateral stress during pile loading;

4.

Influence of relative roughness on interface friction angle;

5.

Influence of pile displacement ratio and partial plugging during pile installation

on radial stress; and
6.

Differences in shaft friction in tension and compression.

Many of the above mechanisms were also mentioned during the development of API-69
(McClelland et al. 1969), but sufficient detail on profiles of soil strength or pile
resistance has not been available (e.g., Dennis & Olson 1983) until the use of the cone
penetration test became relatively routine in practice. Detailed profiles of soil resistance
measured with the CPT are a primary reason for the advancement of axial pile design
methods in sandy soils.

The simplest correlation between local shaft friction and cone tip resistance can take the
form:
τ f ,loc = q c αs

(4)

where αs is an empirical factor recommended (for sands) to be 200 by Meyerhof (1956)
and increased to 250 by Eslami & Fellenius (1997). As τf,lim has been shown to be an
erroneous concept, no limiting shaft friction values were recommended by Eslami &
Fellenius (1997).

Evaluation of Equations 1 and 4 using load test data in a silty sand (Altaee et al. 1993) is
shown in Figures 7 and 8. To get the essentially triangular distribution of shaft friction
in Figure 7, residual loads must be accounted for in evaluation of strain gauge data
(Fellenius & Altaee 1995). While Figure 7 is in agreement with Toolan et al. (1990) and
Randolph et al. (1994) that limiting local shaft friction is erroneous and local shaft
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friction may have an approximately triangular distribution, it does not validate that τf,loc
is proportional to σ'v0, as implied by Equation 1.

Since evaluation of local shaft friction is more reliably estimated using a direct
correlation to cone tip resistance (e.g., Lehane et al. 1993; Eslami & Fellenius 1997),
τf,loc from Figure 7 is normalized to qc in Figure 8. Figure 8 shows a reduction in
normalized local shaft friction with height above the pile tip. Use of a constant value for
τf,loc/qc tends to underpredict shaft capacity near the pile tip and overpredict capacity
near the ground surface. Reduction in τf,loc/qc with distance behind the pile tip is
discussed in light of profiles of average shaft friction in uniform sand deposits, as well
as more recent studies using instrumented piles.

Data from Figure 1 are re-plotted against average vertical effective stress in Figure 9
along with jacked instrumented model pile data discussed by Lehane et al. (1993). The
two data sets indicate a relatively constant value of average shaft friction at σ'v0 greater
than 15 kPa, which had previously been explained using the concept of limiting local
shaft friction values. Profiles of local shaft friction with depth at different measurement
locations for a jacked pile at Labenne are plotted in Figure 10.

The data in Figure 10 indicate a mechanism other than limiting shaft friction which
could result in the observation of relatively constant average shaft friction with
increasing effective vertical stress. If local shaft friction decreases with continued pile
penetration, the average shaft friction will remain relatively constant in deposits of
uniform density, despite increasing average cone tip resistance. This mechanism is
referred to as ‘friction fatigue’ and has also been observed for larger diameter driven
piles, as shown in Figures 8 and 11. Constant τf,loc/qc neglects friction fatigue, and
appears (in both Figures 8 and Figure 11) to underpredict τf,loc near the pile tip and
overpredict τf,loc near the pile head.

Field data on driven piles tested at different tip depths have suggested the trend of local
friction reducing with continued pile penetration, but some data have been discounted as
the influence of re-driving piles was suspected to lead to serious errors in subsequent
load tests (Pelletier et al. 1993). Pile head load for two adjacent piles tested for the
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EURIPIDES project (Figure 12) shows that re-driving had no influence on load
displacement behavior or initial capacity at this site. Similar normalized shaft friction
distributions for a tip depth of 47m is also evident on Figure 11 for these two piles.
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Figure 7. Distribution of unit shaft friction for two 0.235m square concrete piles in silty
sand for tip depths of 11 and 15m (after Altaee et al. 1993)
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Figure 8. Local shaft from Figure 7 normalized to cone tip resistance
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EURIPIDES (data from Kolk et al. 2005b)
Inclusion of additional mechanisms influencing local ultimate friction (τf) of a
displacement pile in sand requires calculation based on the radial stress at failure (σ'rf)
and interface friction angle (δf) using a Coulomb failure criteria (Lehane et al. 1993):
τ f = σ' rf tan δ f = (σ' rc + Δσ' rd ) tan δ f

(5)
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The radial stress at failure (σ'rf) will be a combination of the radial stress after
installation and equalization (σ'rc) and the change in radial stress during loading (Δσ'rd).
Changes in lateral stress during loading are quite uncertain, but appear to result from
constrained dilation which can be modeled using a cylindrical cavity expansion analogy
(Boulon & Foray 1986).
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Figure 13. Normalized stationary radial stress after installation and unloading in
medium dense (Labenne) and dense (Dunkirk) sand (after Chow 1997).
Jacked model pile tests have shown friction fatigue can be modeled as a reduction in
normalized stationary radial stress (σ'rc/qc) with height (h) behind the pile tip normalized
to pile diameter (or radius). A relatively unique trend was observed for jacked 100mm
diameter piles in both medium dense and dense sands (Chow 1997), as shown in Figure
13. The exponential decay in σ'rc/qc can be modeled as:
σ' rc =

qc
⎛h ⎞
⋅ max⎜ , ν ⎟
a
⎝D ⎠

−c

(6)

where c is an empirical exponent and ν is a limit to prevent the exponential decay
function from reaching excessively high values near the pile tip. The format for
quantifying friction fatigue is still empirical and requires additional physical and
analytical modeling.
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Combination of equations 5 and 6 results in:
−c
⎡ qc
⎤
⎛h ⎞
τf = ⎢ ⋅ max⎜ , ν ⎟ + Δσ' rd ⎥ tan δf
⎝D ⎠
⎣⎢ a
⎦⎥

(7)

This equation accounts for four of the six mechanisms discussed above, and may be
applicable to shaft friction calculations for closed ended piles in compression.

The influence of pile displacement ratio will be a function of both pile area ratio (Ar=1Di/D)2 and partial plugging during installation of open ended piles, or incremental
filling ratio [IFR=Δ(plug length)/Δ(tip depth)]. The relationship between radial stress for
open ended piles as compared to closed ended piles (or a closed ended cone
penetrometer) has been evaluated both experimentally (e.g., Gavin & Lehane 2003) and
theoretically using a cavity expansion analogy (White et al. 2005). Recommendations
by White et al. (2005) suggest the ratio of radial stress on an open ended pile as
compared to a closed ended pile (σ'r,open/σ'r,closed) is a function of the effective area ratio,
A r ,eff = 1 − IFR × (D i D ) :
2

σ' r ,open

= A r ,eff

σ' r ,closed

b

(8)

where b ranges from 0.3 to 0.4 from cylindrical cavity expansion theory.

Considering that shaft friction in tension is less than shaft friction in compression (e.g.,
Lehane et al. 1993, O’Neil 2001, Randolph 2003), an equation format which accounts
for the six discussed mechanisms that significantly influence the correlation between τf
and qc is expressed as:
τf =

f
fc

−c
⎡ qc
⎤
⎛h ⎞
b
,
A
max
⋅
⋅
ν
⎟ + Δσ' rd ⎥ tan δf
⎜
⎢
r ,eff
⎝D ⎠
⎢⎣ a
⎥⎦

(9)

Calibration of Equation 9 for the UWA-05 method resulted in (Lehane et al. 2005a):
τf =

f
fc

−0.5
⎡ qc
⎤
⎛h ⎞
0.3
,
2
A
max
⋅
⋅
⎟ + Δσ' rd ⎥ tan δf
⎜
⎢
r ,eff
⎝D ⎠
⎢⎣ 33
⎥⎦

(10)

UWA-05 studies to date have simply taken f/fc as 1.0 in compression and 0.75 in
tension.
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2.5. Factors of safety and reliability

Figure 14 shows profiles of CPT cone tip resistance and estimated pile capacity for the
API RP2A main text method as well as CPT based methods included in the commentary
of API RP2A for a generalized Gulf of Mexico deep sand site. It can be seen that each
design method may have significantly different estimates of pile capacity at a given
depth. Small differences in method prediction may be accounted for by extrapolation
error due to differences in soil conditions and pile geometry at a given site and typical
characteristics of the database used to calibrate models (Appendix A3), although larger
differences are likely due to errors in mechanisms assumed in model formulation
(Chapter 8, Schneider et al. 2007b).

A comparison of statistics from the 77 pile UWA database of load tests with adjacent
CPT data are presented in Table 6, with a summary of database characteristics in Table
7. In Table 6, μg is the geometric mean of the ratio of calculated to measured capacity
(Qc/Qm), σlnR is the standard deviation of the natural log of Qc/Qm, σlnRD is the design
standard deviation of the resistance which accounts for database size and differences
between database characteristics and soil and pile geometry at a given site, and β is the
reliability index. A standard deviation of 0.15 and a bias of unity is considered for
design loadings (Schneider et al. 2007b). A factor of safety of 2 is recommended by API
RP2A for operating conditions.
Using an applied factor of safety (FSA) of 2, the values of β in Table 6 are all lower
than a typical target β value of 2.6. API-00 has the lowest β, although very few
foundation failures have occurred using this method. As implied by Figure 2, API-00 is
more conservative for shorter piles than longer piles. This length bias towards database
piles tends to decrease μg and increase σlnR in relation to that expected for typical
offshore piles. Statistics based on piles load tests with geometries not typical of offshore
conditions are therefore meaningless for quantifying reliability of API-00 for offshore
piles. Density bias appears significant for API-00, but may only be relevant for thick
deposits of medium dense or looser sands, which do not appear typical in the Gulf of
Mexico.
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Figure 14. Capacity profiles in tension (T) and compression (C) for API RP2A (2006)
methods based on a Gulf of Mexico CPT profile in sand (after Lehane et al. 2005b)
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Table 6. Statistics for full database of 77 driven piles in siliceous sands with CPT data
including extrapolation error for Figure 14 CPT profile and pile characteristics
(Schneider et al. 2007a)
Method
μgR
σlnR
σlnRD
β
(FSA=2)
API-00
0.75
0.60
0.71
1.4
1
Fugro-05
1.0
0.35
0.41
1.6
1
ICP-05
1.0
0.26
0.31
2.0
1
NGI-05
1.0
0.30
0.35
1.8
1
UWA-05
1.0
0.24
0.28
2.2
1
Actual geometric mean varies from 0.9 to 1.05

Table 7. Characteristics of full database of 77 driven piles in siliceous sands with CPT
data (Schneider et al. 2007a)
parameter
minimum
maximum
μg
σln
value
value
Qt (MN)
1.9
1.18
0.1
34.7
L (m)
16.8
0.65
5.3
79.1
D (m)
0.5
0.48
0.2
2.0
qc,avg (MPa)
15.0
0.83
3.6
58.1
Ar,eff
0.55
0.77
0.07
1.00
time (days)
9
1.54
0.5
200

Table 8. Comparison of static axial design methods recommended by API RP2A (2006)
at a constant depth for the soil profile in Figure 14
CPT Based
Diameter = 2.44m; D/t = 55
Design
Compression 35 MN
Tension 15MN
Method
FSA=2.0
FSA=2.0
(commentary
LAPI=54m
LAPI=50m
of API 2006)
Qc/QAPI
Qc/QAPI
βAPI
βAPI
API
1.0
NA
1.0
NA
Fugro-05
1.4
2.3
1.3
2.2
ICP-05
1.1
2.3
1.2
2.6
NGI-05
1.4
2.7
1.2
2.3
UWA-05
1.2
2.7
0.9
1.8

Assuming a design pile length based on calculations using API-00, an equivalent
reliability index for API (βAPI) can be calculated based on the capacity ratio of a CPT
based design method to that predicted using API (Qc/QAPI).
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β API

⎛
μ
Q ⎞
ln⎜ FSA gQ ⋅ c ⎟
⎜
μ gR Q API ⎟⎠
= ⎝
2
2
σ ln RD + σ ln Q

(11)

The values of βAPI based on CPT based methods are summarized in Table 8. Both NGI05 and UWA-05 imply that API main text method has an acceptable βAPI greater than
2.6 in compression and lower βAPI values in tension compared to compression for this
dense sand Gulf of Mexico profile. These trends are in general agreement with
observations of performance of fixed offshore platforms, although model error may
result in different βAPI values in other situations (Schneider et al. 2007b). Evaluation of
Table 8 brings up the following points to consider:
1. API RP2A main text method tends to provide acceptable levels of reliability at a
FSA of 2 for piles with a geometry typical of offshore conditions in compression for
relatively uniform profiles of dense fine sand;
2. Significantly lower levels of reliability are calculated (in the short term) for tension
capacity;
3. Consistent levels of reliability for a range of pile geometries and soil profiles will
not be achieved using the API RP2A main text method, and appropriate offshore
CPT based design methods need to be used in new design situations;
4. To achieve target levels of reliability, new CPT based design methods require
factors of safety greater than 2.0, assuming no conservative time bias or
conservative estimates of design loadings.
Due to the potential for conservative bias in selection of design parameters as well as
design loading conditions, additional study of platform performance under working load
conditions needs to be addressed (e.g., Bea et al. 1999) to quantify appropriate factors of
safety for both reliable and efficient design. Still, reliable extrapolation of database
statistics and studies of field performance necessitates quantification of all mechanisms
influencing pile capacity.
2.6. Conclusions

Since the initial proposal of API RP2A in 1969 significant advancements have been
made in site characterization of sandy soils. These advances have allowed for an
increased understanding of factors which influence pile capacity in silica sands. Over
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the typical length of an offshore pile (greater than 30m), significant variability in soil
type and soil strength will be encountered. Developments in offshore cone penetration
testing have allowed for relatively continuous profiling of soil type and strength,
resulting in axial capacity design methods for siliceous sands which directly use CPT qc.
Due to geometry and similarity of installation behavior, CPT qc provides a direct link to
pile end bearing. The correlation between qc,avg and qb0.1 depends upon proper averaging
of cone tip resistance as well as inclusion of the effects of pile displacement ratio and
partial plugging during installation.

Instrumented pile tests combined with continuous profiles of CPT qc have allowed for
quantification of an alternative mechanism to limiting shaft friction which explains the
observation of relatively constant average shaft friction in uniform sand deposits of a
specific density. Incorporation of local shaft friction reduction with continued pile
penetration in pile shaft friction formulation is consistent with observations from model
piles, relatively small database piles, as well as large diameter piles. This has allowed
for development of CPT based pile design methods that do not show bias towards pile
length or soil density. Bias towards length and density by API RP2A has been a major
limitation for database calibration of method formulation and input parameters.

Additional study is required for quantification of appropriate factors of safety for
efficient use of CPT based offshore pile design methods. This requires extrapolation of
method statistics from database studies. Reliable extrapolation necessitates inclusion of
all mechanisms shown to significantly influence pile capacity in sandy soils. Currently,
UWA-05 is the only method in API RP2A which incorporates all mechanism discussed
in this paper, and trends in uniform sand deposits imply potentially unconservative
extrapolation for other methods.
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3. VELOCITY EFFECTS ON PIEZOCONE MEASUREMENTS IN
NORMALLY AND OVER CONSOLIDATED CLAYS
ABSTRACT:
Cone penetration tests (CPTs) performed under controlled conditions in a centrifuge can
improve understanding and interpretation of CPT data obtained in the field. However,
the cone diameter and cone penetration velocity employed in the centrifuge differ
significantly from their respective full scale values and the effect of these scale
differences need to be understood to allow extrapolation to the field. This paper
examines the influence of cone velocity on tip resistance and penetration pore pressures,
and also investigates trends during pore pressure dissipation when cone penetration is
halted. Piezocone penetration tests were performed at different rates in normally
consolidated and overconsolidated specimens of clay and silty clay in a beam centrifuge.
The penetration rate was varied by over four orders of magnitude to provide information
on partially drained and undrained penetration resistance and on the associated pore
pressure response. The overconsolidation ratio and silt content are shown to have a
significant effect on the rate dependency of cone tip resistance and pore pressures.
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3.1. Introduction

Centrifuge testing is an established physical modeling technique in geotechnical
engineering. Cone Penetration Tests (CPTs) are often used in these centrifuge
experiments to provide information on the soil consistency and to enable comparisons
of this consistency with that of the prototype. However, the centrifuge cone diameter
and its penetration velocity differ significantly from those employed at full scale and the
effect of these differences needs to be established to enable reliable comparisons
between the centrifuge and prototype penetration tests. Piezocone penetration test
(CPTU) data measured in clays with a range of overconsolidation ratios and silt
contents can be markedly different due, for example, to the varied combination of shear
and octahedral components of penetration pore pressures (Baligh 1986) and the
influence of drainage during penetration (e.g. House et al. 2001). The centrifuge study
presented in this paper was performed to provide additional insights into the influence
of penetration rate, overconsolidation ratio (OCR) and silt content on CPTU parameters
as well as on excess pore pressure dissipation during pauses in penetration.
3.2. Piezocone penetration testing

Piezocone penetration tests typically measure three independent parameters: cone tip
resistance (qc), sleeve friction (fs), and penetration pore pressures; the latter is normally
measured at the shoulder location behind the conical tip (u2). Lunne et al. (1997), and
others, have noted that the cone penetration end resistance (qc) needs to be corrected for
unequal end areas to calculate the total cone tip resistance (qt):
q t = q c + (1 − a n ) u 2

(1)

where an is the net area ratio of the penetrometer, which is usually between 0.5 and 0.9.
Wroth (1984, 1988) suggested the following normalized form for cone tip resistance (Q),
where σv0 and σ'v0 are the total and vertical effective stresses respectively:

Q=

q t − σ v 0 q cnet
=
σ' v 0
σ' v 0

(2)

Mayne (1986) shows that qcnet varies with the vertical yield stress (σ'vy) during
undrained penetration in clay and suggest that the qcnet/σ'vy ratio is more unique than Q.
The ratio of qcnet/σ'vy is presented in this paper.
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The measured penetration pore pressure behind the cone tip (u2) is a combination of the
in- situ pore pressure (u0) and the excess pore pressure (Δu2). The excess pore pressure
can further be separated into a shear (Δu2,shear) and octahedral component (Δu2,oct) as
(Wroth 1984, Baligh 1986, Mayne & Bachus 1988):
u 2 = u 0 + Δu 2,oct + Δu 2,shear

(3)

The shear and octahedral components of penetration pore pressure cannot presently be
derived with confidence from measured pore pressures. Excess pore pressures are
commonly expressed in normalized form as either the pore pressure parameter (Bq) or
the normalized excess pore pressure (Δu2/σ'v0):
Bq =

u2 − u0
Δu 2
=
q t − σ v 0 q cnet

(4)

Δu 2 u 2 − u 0
=
= Bq ⋅ Q
σ' vo
σ' v 0

(5)

While cone tip resistance normalization in clays using σ'vy may be appropriate,
penetration pore pressures are influenced by both shear and octahedral components, and
therefore Δu2/σ'vy is likely to vary in a non-systematic way with OCR. If excess
penetration pore pressures are normalized using vertical effective stress (i.e. Equation 5),
Bq can be expressed as the following function of OCR and qcnet/σ'vy :
Bq =

Δu 2 σ' vy
1
⋅
⋅
σ' v 0 q cnet OCR

(6)

In normally consolidated clays, Baligh (1986) employed the Strain Path Method to
deduce that the shear component of penetration pore pressures is likely to contribute to
about 20% of the measured pore pressures. As shown by Bond & Jardine (1991) and
Burns & Mayne (1998), shear induced pore pressures can be much more significant in
overconsolidated clays due to a large negative shear component of penetration pore
pressure occurring in the zone of intense shearing close to the penetrometer; outside of
this zone, the octahedral component of excess pore pressure dominates and excess
pressures are often large and positive. Dissipation curves which result from this
behavior do not agree with the ‘standard’ theoretical monotonic dissipation curves, such
as those discussed by Teh & Houlsby (1991), and are referred to as ‘non-standard’
dissipation curves in this paper. A range of non-standard dissipation test results are
shown on Fig. 1, where it is evident that a considerable delay can take place before the
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high pore pressures remote from the shaft equalize with the shear induced negative pore
pressure component.

Negative shear induced pore pressures occur in sandy silts as well as in clays with high
overconsolidation ratios e.g. Sully et al. (1999) and Finke et al. 1999; see Fig. 1. Pore
pressure dissipation curves from three selected silt layers with OCR = 1.75 ±0.25 for a
site in Sweden are reported by Larsson (1997) and plotted on Fig. 2. It is observed that
the normalized excess pore pressure at the end of penetration (approximately 0.4
seconds) for tests at 11.65m and 13.64m are the same, but the characteristics of the
curves are distinctly different. Conversely, when comparing the dissipation tests at
10.65m and 11.65m, the dissipation curves after 20 seconds are similar, but the initial
pore pressure is significantly different.

Trends such as those shown on Figs. 1 and 2 prompted the centrifuge CPTU study
reported here, where the penetrometer rate was varied in a number of soils to provide
insights into the effect of partial drainage during penetration and on the pore pressure
dissipation curves measured when the penetrometer is halted.

Figure 1. Non standard dissipation tests for pore pressure at the u2 position
(data from Lunne et al. 1985, Burns & Mayne 1998, and Finke et al. 1999)
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Figure 2. Dissipation tests for selected silty layers at Vägverket, Borlänge, Sweden (data
from Larsson 1997)
3.3. Centrifuge studies
3.3.1.

Background

Studies of rate effects on cone penetration test data obtained in the centrifuge have
predominantly been concerned with viscous rate effects during undrained penetration in
clays (e.g. Tani & Craig 1995). To examine the influence of partial drainage on
penetration resistance, a number of centrifuge investigations have previously been
performed at the University of Western Australia for Cone Penetration Tests (CPTs), Tbar tests and piezocone penetration tests (CPTU) in normally consolidated calcareous
sand, calcareous silts, kaolin and Burswood clay (Finnie 1993, Finnie & Randolph 1994,
Watson 1999, House et al 2001, Randolph & Hope 2004, Chung et al. 2006). As a
precursor to the investigation described here, CPTs in water saturated silica flour were
also performed at various rates, and showed a minor rate dependence during (drained)
penetration.
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Since drainage characteristics of penetration pore pressures are related to velocity (v),
diameter (d) and coefficient of consolidation (cv), Finnie & Randolph (1994) proposed a
normalized velocity (V) as:
V=

v ⋅d
cv

(7a)

The normally consolidated vertical coefficient of consolidation may be expressed as a
function of λ ( the slope of the normal compression line), hydraulic conductivity (k),
vertical effective stress (σ'v0) and specific volume (υ), as:
cv =

kυσ' v 0
λγ w

(7b)

The coefficient of consolidation is evaluated using Eq. 7b for calculation of V in this
paper. Randolph & Hope (2004) observed that undrained penetration in normally
consolidated kaolin occurs at a normalized velocity of approximately 30 to 100, with
minimal excess penetration pore pressures at the u2 location evident below normalized
velocities of approximately 0.1. Finnie & Randolph (1994) and Baligh (as presented in
Hight & Leroueil 2003) suggest that penetration is only fully drained when V is less
than about 0.01.
3.3.2.

Equipment and centrifuge setup

Centrifuge piezocone testing was performed in the beam centrifuge at the University of
Western Australia (UWA). This centrifuge is a 40g-tonne Acutronic Model 661 with a
maximum radius for the swinging platform of 1.8m (see Randolph et al. 1991). The
samples are prepared in 325mm high strong boxes with plan dimensions of 390mm ×
650mm. Electric actuators with 2 degrees of freedom are used for cone penetration
testing. The horizontal actuator allows for in-flight movement of the penetrometer to a
different test location along a given alignment, but the centrifuge needs to be stopped to
move the actuator to a new alignment. Vertical penetration rate was controlled using
LabVIEW through a DC servo motor motion control card and a 500 pulse per revolution
(ppr) encoder running in quadrature. The 88:1 harmonic gearbox and ball screw
assembly with 10mm pitch allowed for penetration at velocities less than 3 mm/s.
Consolidation of the sample is monitored using a vertical array of pore pressure sensors
located along a side wall of the strongbox.
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CPTUs were performed using a 10mm diameter piezocone with a 60 degree tip angle.
This miniature piezocone, shown on Fig. 3, incorporates a 2.5mm thick high-density
polypropylene filter element behind the 1mm high cone shoulder (i.e. measuring u2).
The filter was saturated with 100cp viscosity silicone oil using cycling of positive and
negative pressure prior to testing. A net area ratio (an) of 0.632 for the piezocone was
derived using a calibration chamber. The cone was equipped with a 4 MPa tip load cell
and a 0.7 MPa Entran EPB miniature pore pressure sensor, although the cone did not
have a friction sleeve.

Figure 3. Miniature 10 mm diameter piezocone (scale in millimeters)
3.3.3.

Experimental program

Previous centrifuge studies of rate effects on penetrometer parameters have been
performed on normally consolidated materials. Some studies were carried out on silty
soils (Finnie 1993, Watson 1999), but these did not include measurement of penetration
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pore

pressures.

Two

materials

were

tested

in

normally

consolidated

and

overconsolidated states to investigate the influence of both the overconsolidation ratio
and silt content on piezocone parameters:

(i)

Normally consolidated (NC) kaolin clay; OCR = 1

(ii)

Heavily overconsolidated (HOC) kaolin clay; OCR = 5 to 6.5

(iii) Lightly overconsolidated silica flour (95% by dry mass) and bentonite (5% by dry
mass) slurry (LOC SFB); OCR = 1.5 to 2
(iv) Heavily overconsolidated silica flour (95% by dry mass) and bentonite (5% by dry
mass) slurry (HOC SFB); OCR = 5 to 6.5

Relevant properties of these materials are presented in Table 1. Three strong boxes were
prepared for this study, one each for normally and overconsolidated kaolin, and a third
with silica flour-bentonite (SFB). The kaolin specimens were mixed under a vacuum at
twice the liquid limit (water content = 120%) and then consolidated in a pressing
machine before reconsolidation in the centrifuge. A 10mm thick coarse sand layer and
filter paper cover provided drainage at the base of the strongbox. Tests on the normally
and overconsolidated kaolin samples were performed at 160g and 40g respectively.

The dry mixture of silica flour and bentonite used for the SFB specimens was brought to
a water content of 50% (=1.25 times the liquid limit), mixed under vacuum for one day,
placed in a strongbox with a base drainage layer and then consolidated in the centrifuge.
The LOC SFB specimen was slightly overconsolidated (OCR = 1.5 to 2) by under
drainage. The in situ pore pressures were monitored using a vertical array of pore
pressure transducers and verified through piezocone dissipation tests. One strong box
was used for testing the HOC and LOC SFB mixture. To achieve OCR values between
5 and 6.5 at similar vertical effective stress to the HOC kaolin, the LOC SFB specimen
(consolidated at 100g) was reconsolidated at a lower effective stress level (30g).
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Table 1. Summary of laboratory soil properties for clays used in testing programme

1
2

results for kaolin from Bhattarai (2002)
at σ'v = 100 kPa

3.4. Data analysis

CPTU data points at three locations within the bottom half of the strongbox specimens
and separated by a vertical distance of 10 to 25mm (depending upon specimen height)
were used in assessment of general trends. The data recorded at these locations in all
CPTUs performed are summarized in Tables 2 and 3. The tabulated (normally
consolidated) coefficient of consolidation was calculated using Equation 7b and the
parameters summarized in Table 1.
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1

1

1

1

1

1

1

1

1

1

1

1

1

1

1

1

1

1

OCR

3.5

2.5

3.5

5.5

3.4

2.2

3.5

5.3

3.3

1.5

3.3

4.6

7.4

7.2

6.9

6.8

6.3

6.1

5.4

4.8

4.1

4.3

4

3.8

3.5

3.3

3.4

3.3

3.2

3.1

3.8

3.6

3.4

qcnet/σ'vy

Table 2. Summary of kaolin data points used in analysis of piezocone behaviour (see
Appendix A12 for detailed profiles)
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100

100

100

100

100

LOC SFB

LOC SFB

LOC SFB

100

LOC SFB

175

100

LOC SFB

LOC SFB

LOC SFB

175

100

LOC SFB

150

200

200

200

200

175

175

150

100

100

LOC SFB

150

150

125

125

125

125

125

150

150

150

150

150

175

175

175

175

3.53

0.29

0.031

0.0046

2.79

0.33

0.033

0.0048

2.96

0.33

0.033

0.0049

3

1

0.3

0.03

0.0045

2.9

1

0.29

0.029

0.0044

2.8

0.94

0.28

0.028

0.0042

(mm)

175

v

(mm/s)

Depth

LOC SFB

100

100

LOC SFB

30

HOC SFB

LOC SFB

30

30

HOC SFB

30

HOC SFB

HOC SFB

30

30

HOC SFB

HOC SFB

30

30

HOC SFB

30

HOC SFB

HOC SFB

30

30

HOC SFB

HOC SFB

HOC SFB

30

30

HOC SFB

30

30

HOC SFB

HOC SFB

g

Soil

d

10

10

10

10

10

10

10

10

10

10

10

10

10

10

10

10

10

10

10

10

10

10

10

10

10

10

10

(mm)

qcnet

945

817

804

2674

534

572

578

2032

259

321

352

1398

476

238

175

282

480

607

427

344

417

743

578

482

493

632

991

(kPa)

-88

75

119

29

-79

63

97

34

-71

73

79

36

-16

-5

11

12

15

-25

-10

12

18

18

-32

-19

-1

19

24

Δu2
(kPa)

-0.09

0.09

0.15

0.01

-0.15

0.11

0.17

0.02

-0.27

0.23

0.22

0.03

-0.03

-0.02

0.06

0.04

0.03

-0.04

-0.02

0.03

0.04

0.02

-0.05

-0.04

0

0.03

0.02

Bq

330

330

330

330

289

289

289

289

247

248

248

247

62

62

62

62

62

74

74

74

74

74

87

87

87

87

87

σv0
(kPa)
u0

196

196

196

196

172

172

172

172

147

147

147

147

37

37

37

37

37

44

44

44

44

44

52

52

52

52

52

(kPa)

134

134

134

134

117

118

117

117

101

101

100

100

25

25

25

25

25

30

30

30

30

30

35

35

35

35

35

σ'v0
(kPa)

6

6

6

6

5.3

5.3

5.3

5.3

4.6

4.6

4.6

4.6

1.2

1.2

1.2

1.2

1.2

1.4

1.4

1.4

1.4

1.4

1.6

1.6

1.6

7

6.1

6

20

4.5

4.9

4.9

17.4

2.6

3.2

3.5

13.9

18.9

9.5

7

11.2

19.1

20.1

14.2

11.4

13.8

24.7

16.4

13.7

14

18

28.2

1.6

Q

cv,NC
(m2/yr)
1.6

-0.65

0.56

0.89

0.22

-0.68

0.54

0.83

0.29

-0.71

0.72

0.78

0.36

-0.65

-0.20

0.43

0.47

0.60

-0.83

-0.35

0.38

0.61

0.60

-0.90

-0.54

-0.03

0.55

0.69

Δu2/σ'v0

283

283

283

283

223

224

223

223

171

172

171

171

122

122

122

122

122

166

165

166

165

165

224

224

224

223

223

σ'vy
(kPa)

2.1

2.1

2.1

2.1

1.9

1.9

1.9

1.9

1.7

1.7

1.7

1.7

4.9

4.9

4.9

4.9

4.9

5.5

5.5

5.5

5.5

5.5

6.4

6.4

6.4

6.4

6.4

OCR

3.3

2.9

2.8

9.4

2.4

2.6

2.6

9.1

1.5

1.9

2.1

8.2

3.9

1.9

1.4

2.3

3.9

3.7

2.6

2.1

2.5

4.5

2.6

2.2

2.2

2.8

4.4

qcnet/σ'vy

Table 3. Summary of silica flour-bentonite (SFB) data points used in analysis of
piezocone behaviour (see Appendix A12 for detailed profiles)
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The influence of normalized velocity (V; see equation 7a) on cone tip resistance is
examined in Figs. 4 and 5, which plots the variation with V of the net cone resistance
(qcnet) normalized by the vertical yield stress (σ'vy). The vertical yield stress is the
highest vertical effective stress which has occurred within the specimen at a given depth.
The greatest range of velocities was investigated for normally consolidated kaolin, for
which penetration resistance is seen to reduce by a factor of 2 from near fully drained
values at V=0.04 to undrained values at V>100. The resistances measured over the
undrained range are compatible with average Nk factors (=qcnet/su) of between 13 and 14,
if the undrained strength (su) is assumed equal to 0.25 σ'v0 OCR0.85 for both materials.
The qcnet/σ'vy variation with V differs for the four soil types investigated. As seen on Fig.
4, there is a marked difference in this variation for the kaolin and LOC SFB, where the
ratios for the latter reduce dramatically by a factor of over four as the normalized
velocity increases from 0.3 to 2. The larger ratio of drained to undrained resistance in
the LOC SFB is consistent with observations made in silty soils in the centrifuge (Finnie
& Randolph 1994) and with field data (McNeilan & Bugno 1985), although reasons for
the rapid change in resistance between V=0.3 and 2 are unclear. In this set of tests,
overconsolidated kaolin and SFB exhibit similar trends.
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Figure 4. Influence of normalized velocity on normalized cone tip resistance in near
normally consolidated soils

Figure 5. Influence of normalized velocity on normalized cone tip resistance in
overconsolidated soils
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Minimum cone end resistances are recorded in the NC kaolin, OC kaolin, LOC SFB and
OC SFB at V ≈ 100 (noting that this V value depends on the particular cv value
employed in the derivation of V). The rapid gain in qcnet/σ'vy with V after this minimum
is attained is much higher in the overconsolidated clays than the 10-20% increase in
resistance per log cycle expected due to viscous effects (Randolph 2004). It is possible
that the minimum value of resistance in the high OCR materials occurs under partially
drained penetration when negative shear induced excess pore pressures (which could
add to the overall cone resistance) are partially dissipated.

The variations of the excess pore pressure ratios (Δu2/σ'v0) with normalized velocity are
shown in Fig. 6 for all soil types used in this study. For (undrained) penetration at
V>100, higher Δu2/σ'v0 ratios are observed for the HOC kaolin (with OCR between 5
and 6.5) than the NC kaolin, indicating that the octahedral component of excess pore
pressure dominates over the shear induced component at this level of OCR. The
normalized excess pore pressure decreases with a reduction in cone velocity in a similar
manner for both HOC and NC kaolin, and approaches zero at a normalized velocity of
approximately 0.1. While Δu2 was essentially zero in the NC kaolin at a normalized
velocity of 0.1, a 15% increase in qcnet was observed when velocity was decreased by
another order of magnitude. This observation indicates that qcnet does not correlate
directly with Δu2 and that drained penetration occurs at normalized velocity (V) less
than ≈ 0.04.
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Figure 6. Influence of normalized velocity on normalized excess pore pressure, Δu2/σ'v0

Figure 7. Influence of normalized velocity on pore pressure parameter, Bq
The pore pressure response of silty soils (SFB) differs significantly from that of kaolin.
Excess pore pressure ratios (Δu2/σ'v0) measured in the SFB soils also increase with
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normalized velocity up to V ≈ 15 but then reduce to reach significant negative values
above V ≈ 100. This trend is compatible with the rate dependence of shear induced pore
pressures (as shown, for example, by sensors on the Imperial College pile, Lehane
1992). The HOC and LOC SFB soils have similar values of normalized excess pore
pressures, which may be due to compensating effects of a higher positive Δuoct/σ'v0
ratios and greater negative Δushear/σ'v0 values for the HOC material.

The three trend lines shown in each of Figs. 5 and 6 were combined using Equation 6 to
develop the four velocity dependent Bq trend lines in Fig. 7. For V greater than 100,
both the NC kaolin and silt show little influence of V on qcnet/σ'vy, while there is also a
relatively minor influence of V on Δu2/σ'v0 for the NC kaolin over these penetration
rates. In contrast, the LOC SFB shows a strong increase in negative Δu2 for V greater
than 100 with little increase in qcnet/σ'vy. It therefore appears that (local) Δu2 pore
pressures have little effect on qcnet. As the penetration rate may influence qcnet/σ'vy and
Δu2/σ'v0 in different ways due to influences on both shear and octahedral penetration
pore pressures, general relations between velocity and Bq are more complex than the
previously shown trends for qcnet/σ'vy and Δu2/σ'v0.

The sharp increase in resistance with V at high normalized velocities in both the HOC
SFB and HOC kaolin is mirrored by reductions in Bq. While Δu2/σ'v0 also reduced over
the same velocity interval in the HOC SFB, Δu2/σ'v0 in the HOC kaolin increased while
Bq reduced. These trends illustrate the complex interaction between shear and
octahedral pore pressures on measured penetration pore pressure and highlight benefits
of variable rate penetration testing.
3.5. Pore pressure dissipations

The equalization of penetration pore pressures during a pause in penetration can be
approximated using linear radial consolidation theory; these pressures are controlled
primarily by the drainage path length (which is proportional to the penetrometer
diameter) and the horizontal coefficient of consolidation (ch). Theoretical solutions for
monotonic pore pressure dissipation after undrained cone penetration have been
presented by Teh & Houlsby (1991), among others. The time required for 50%
dissipation of excess pore pressures (t50) is often used in conjunction with the theoretical
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solutions to assess the piezocone coefficient of consolidation (ch). However, in some
cases, such as those shown in Figs. 1 and 2, pore pressures do not decrease
monotonically and t50 is assessed by either examining variations with time of ∆u2
normalized by the initial value (Δu2ini) or by the maximum value (Δu2max) (e.g. Burns &
Mayne 1998, Sully 1999).

Pore pressure dissipation test data after cone penetration at different velocities are
shown in Figs. 8 to 11 for NC kaolin, OC kaolin, LOC SFB and HOC SFB respectively.

3.5.1.

Dissipation in kaolin

Variations with time of Δu2/σ'v0, Δu2/u2ini and Δu2/u2max are shown on Figs. 8 and 9 for
NC and HOC kaolin. It is evident that after (undrained) penetrometer velocities of 0.3 to
3 mm/s, dissipation is monotonic and compatible with the case treated by Teh &
Houlsby (1991). However, at lower velocities preceding dissipation tests, it is apparent
that no unique value of t50 exists when ∆u2 is normalized by the initial pore pressure
(Δu2,ini) or by the maximum pore pressure during the dissipation (Δu2,max). The inferred
t50 value tends to increase as the penetrometer velocity preceding the dissipation tests
reduces; this same trend was deduced in numerical analyses discussed by Silva et al.
(2006). Figs. 8 and 9 also show that the Δu2/Δu2,ini variation with (preceding) cone
penetration velocity are similar for both NC and OC kaolin, each showing increases in
the value of Δu2,max/Δu2,ini with a decrease in the cone velocity.

It follows from the foregoing that dissipation tests performed in materials when
penetration is partially drained cannot provide a reliable means of estimating ch and
variable rate penetration tests are likely to provide the designer with a better
understanding of the material under investigation.
3.5.2.

Dissipation in silica flour bentonite (SFB)

The dissipation test data on Figs. 10 and 11 for the SFB are only represented as
variations of Δu2/σ'v0 with time due to the strong increase in pore pressures at the
beginning of these dissipations. It is evident that:

63
Schneider, J.A., Lehane, B.M., and Schnaid, F. 2007. Velocity effects on piezocone measurements in normally and
overconsolidated clays, International Journal of Physical Modelling in Geotechnics: 7(2): 23-34.

y

As velocity increases, the negative shear component of Δu2 increased for both LOC
and HOC SFB. However, the maximum normalized excess pore pressures (Δu2/σ'v0)
attained after cone penetration at rates of 3mm/s to 0.03 mm/s are comparable. This
trend contrasts with the strong dependence on the cone velocity of the maximum
Δu2/σ'v0 values in kaolin and may be due, in part, to a scale effect in the centrifuge
arising because of the relatively large thickness of the shear zone adjacent to a
(small diameter) centrifuge piezocone in SFB soil.

y

Penetration pore pressures still occur at a rate of 0.0045 mm/s. Full dissipation of
these pore pressures takes approximately 5,000 to 10,000 seconds, which is similar
to the time for dissipation in kaolin.

3.5.3.

Comparison of centrifuge dissipation tests to field data

One of the objectives of the centrifuge study was to provide additional information on
non-standard response during piezocone dissipation tests in natural soils. The centrifuge
dissipation data for silty SFB soil is therefore compared with the field data shown on
Figs. 1 and 2, which was obtained using a larger (36mm diameter) cone at 20mm/s. The
following standard time factor, T is employed to cater for differences in cone diameter
and ch values for the respective tests:
T=

ch t
R2

(8)

where ‘R’ is the penetrometer radius and ‘t’ is the time after commencement of the
dissipation test. Dissipation data from the Vägverket site (where ch ≈ 5500 m2/yr;
Larsson 1997) and from Brent Cross (where ch ≈ 1 m2/yr; Robertson et al. 1992) are
compared on Figs. 12 and 13 with SFB dissipation data obtained in the centrifuge at
broadly comparable OCRs and normalized velocities. The silt at the Vägverket site was
partially drained during penetration with V of 4, while the silty clay at Brent Cross was
undrained with V greater than 20,000. Although this latter value of V was much larger
than the highest V value recorded in the HOC SFB soil, penetration in both deposits is
undrained and the dissipation response is expected to be similar.

64
Schneider, J.A., Lehane, B.M., and Schnaid, F. 2007. Velocity effects on piezocone measurements in normally and
overconsolidated clays, International Journal of Physical Modelling in Geotechnics: 7(2): 23-34.

Figure 8. Influence of penetrometer velocity on dissipation behaviour in NC kaolin
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Figure 9. Influence of penetrometer velocity on dissipation behaviour in OC kaolin
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Figure 10. Influence of penetrometer velocity on dissipation behaviour in LOC SFB

Figure 11. Influence of penetrometer velocity on dissipation behaviour in HOC SFB

It is evident from Figs. 12 and 13 that broadly similar variations of Δu2/σ'v0 with
normalized time (T) are observed in the centrifuge and the field. The higher maximum
Δu2/σ'v0 ratio at Brent Cross may be attributed to the higher OCR of this material (OCR
≈ 30) relative to that of the HOC SFB (OCR=6.5).
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Figure 12. Comparison of centrifuge and field dissipation data after partially drained
cone penetration at V ≈ 1.5 to 4

Figure 13. Comparison of centrifuge and field dissipation data after undrained
penetration in overconsolidated clays
3.6. Conclusions

This study illustrates that centrifuge piezocone test data exhibit similar characteristics to
data obtained by full scale piezocones in the field. The range in tip resistance and excess
penetration pore pressures observed were seen to vary with the stress state, the degree of
drainage during penetration and the soil’s grading. While additional studies in a variety
of soil types are still required to shed further light on rate effects for piezocones due to
the complex interaction of partial drainage and viscosity, it is concluded here that:
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1. Penetration pore pressures measured at the cone shoulder are rate sensitive, but a
relative change in their magnitude at high cone velocities does not correspond with a
proportional change in the cone tip resistance.
2. The normalized velocity (derived using the normally consolidated cv value) at which
cone end resistance is a minimum is approximately 100 for the kaolin and silica
flour-bentonite soils tested in this study. Penetration pore pressures measured behind
the tip were zero at approximately V of 0.1, but fully drained resistance was not
achieved until V decreased to below 0.04.
3. Due to the influence of both penetrometer velocity and OCR on cone resistance and
penetration pore pressures, the Bq parameter does not provide a clear indication of
the transition between undrained and partially drained penetration. This transition is
better assessed by examining relative changes in normalized cone resistance and
Δu2/σ'v0 as the cone velocity is varied.
4. Dissipation tests in soils following partially drained penetration cannot be used to
estimate the coefficient of consolidation using linear radial consolidation theory.
Variable rate penetration tests provide useful (although qualitative) information
when penetration is partially drained.
5. While cone penetration tip resistance and penetration pore pressures are sensitive to
the rate of penetration, they are particularly sensitive (at least for the soils
investigated in this paper) at the typical penetration rates of 0.5 to 5mm/s employed
in the centrifuge. Centrifuge practitioners should therefore exercise caution when
extrapolating piezocone parameters to field conditions without an assessment of the
influence of cone velocity on piezocone response.

69
Schneider, J.A., Lehane, B.M., and Schnaid, F. 2007. Velocity effects on piezocone measurements in normally and
overconsolidated clays, International Journal of Physical Modelling in Geotechnics: 7(2): 23-34.

70

4. ANALYSIS OF FACTORS INFLUENCING SOIL
CLASSIFICATION USING NORMALIZED PIEZOCONE TIP
RESISTANCE AND PORE PRESSURE PARAMETERS
ABSTRACT:
This paper discusses development of a framework for classifying soil using normalized
piezocone test (CPTU) data from the corrected tip resistance (qt) and penetration
porewater pressure at the shoulder (u2). Parametric studies for normalized cone tip
resistance (Q=qcnet/σ'v0) and normalized excess pressures (Δu2/σ'v0) as a function of
overconsolidation ratio (OCR=σ'vy/σ'v0) during undrained penetration are combined
with piezocone data from clay sites, as well as results from relatively uniform thick
deposits of sands, silts, and varietal clays from around the globe. The study focuses on
separating the influence of yield stress ratio from that of partial consolidation on
normalized CPTU parameters, which both tend to increase Q and decrease the pore
pressure parameter (Bq=Δu2/qcnet). The resulting recommended classification chart is
significantly different from existing charts, and implies that assessment of data in QΔu2/σ'v0 space is superior to Q-Bq space when evaluating piezocone data for a range of
soil types. Still, there are zones of overlap for silty soils and heavily overconsolidated
clays, thus requiring that supplementary information to Q and Δu2/σ'v0 be obtained in
unfamiliar geologies, including: variable rate penetration tests, dissipation tests, CPT
friction ratio, or soil sampling.
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4.1. Introduction

Parameters measured during a piezocone penetration test (CPTU) are commonly used
for soil profiling and geostratigraphy, as well as parameter assessment in geotechnical
design. Correlations to engineering design parameters can be relatively reliable for
penetration in sands and clays, in which both penetration and the design application
typically occur under fully drained or undrained conditions, respectively. In
‘transitional’ soils, such as clayey sands and silts, silty clays, silts, and many residual
soils, CPTUs are often conducted under conditions of partial consolidation, i.e. where
some (but not full) dissipation of excess porewater pressure occurs locally around the
advancing cone. In such cases, there is significant uncertainty not only in the assessment
of soil properties, but also in identification of when penetration occurs under conditions
of partial drainage, and to what degree pore pressures are influencing cone resistance.
Since penetration resistance in normally consolidated soils has been reported to increase
by approximately three (House et al 2001) to ten times (McNeilan & Bugno 1985) as
penetration moves from undrained to drained conditions, assessment of drainage
conditions during penetration has significant implications on reliable application of
design correlations.

Soil behavioral classification charts using normalized piezocone parameters are wellknown for post-processing results (e.g., Robertson 1990, 1991).

Nevertheless,

additional complexities and nuances in soil behavior can elude a proper soil
classification using these simplified charts. For instance, piezocone results in clay from
the North Sea (Ramsey 2002) are presented in Figure 1 and show discrepancies in that
existing chart. The North Sea clay data plot in seven distinct zones of the Q-Bq (1991)
soil classification chart (excepting zones 1 and 2), covering sand, silt, clay, and soil
mixtures. This paper presents theoretical considerations with supporting data that
illustrate factors influencing the location and ‘direction of movement’ of data within tip
resistance - porewater pressure-based soil classification charts. This framework for soil
classification by piezocone using normalized cone tip resistance and normalized excess
pore pressures is discussed with emphasis on whether penetration is drained, undrained,
or partially-drained. Trends in normalized piezocone response observed in this study
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may influence design decisions, particularly in nontextbook geomaterials, such as silts,
heavily overconsolidated clays, loams, sensitive clays and mixed soil types. The value
of (corrected) CPT sleeve friction measurements (ft) and the corresponding normalized
parameter (friction ratio, F) in the evaluation of soil type is recognized, but beyond the
scope of detailed analysis for this paper.

Figure 1. Location of North Sea clay data (Ramsey 2002) on Robertson (1991)
normalized classification charts
4.2. Framework for normalized soil classification by piezocone
4.2.1.

Normalized parameters

As the effective overburden stress increases with depth, cone penetration tip resistance
also tends to increase. This increase in readings with depth may cause errors in the
interpreted soil classification using raw piezocone readings (Robertson 1990),
particularly in deep soundings such as those from offshore investigations. Therefore,
normalization of measured parameters is required for rational evaluation of soil
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behavior (Wroth 1984, 1988). During undrained penetration, the cone tip resistance is
primarily controlled by the undrained shear strength and as such can be expressed
simply as:
N kt =

q t − σ v 0 q cnet
=
su
su

(1)

where qt is the total cone tip resistance corrected for area ratio (Lunne et al. 1997), σv0 is
the total vertical stress, and qcnet is the net cone tip resistance. While it is emphasized
that the measured cone tip resistance (qc) must be corrected for area ratio to qt, the term
qcnet is used for net cone tip resistance to prevent confusion with T-bar penetration
resistance (e.g., Randolph 2004). The cone factor Nkt can be considered a “normalized”
cone tip resistance, although since profiles of undrained shear strength are generally
unknown at a given site, this format for normalization is not useful for assessment of
normalized resistance in practice. Additionally, the parameter Nkt will be influenced by
a number of different soil and penetrometer properties including: (i) soil stiffness or
rigidity index; (ii) cone and sleeve roughness; (iii) ratio of horizontal to vertical stress;
(iv) strength anisotropy; (v) soil sensitivity; (vi) degree of pore pressure dissipation
during penetration; and (vii) viscous rate effects, which complicate the analysis of cone
tip resistance or correlations between su and qcnet (e.g., Teh & Houlsby 1991, Mayne
1992, Randolph 2004). Therefore, normalization of cone tip resistance is typically based
on vertical effective stress, σ'v0, as (Wroth 1988):
Q=

q t − σ v 0 q cnet
=
σ' v 0
σ' v 0

(2)

While this normalization is simple to apply and accounts for the influence of stress level
on soil strength and stiffness, it is not a unique parameter for assessing clay state during
undrained penetration. Definition of the cone factor (Nkt) in relation to the normalized
cone tip resistance (Q), results in the following expression:
N kt =

q cnet
Q
=
su
s u σ' v 0

(3)

The undrained strength ratio (su/σ'v0) of soils has been shown to be strongly affected by
the vertical yield stress ratio (YSR), or overconsolidation ratio (OCR), where the YSR
is equal to σ'vy/σ'v0 and the OCR is equal to p'c/σ'v0. While the vertical yield stress, σ'vy,
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is explicitly allowed to exceed the vertical preconsolidation pressure, p'c, due to
additional effects such as aging, OCR is used in this paper for consistency with typical
nomenclature. The relationship between OCR and su/σ'v0 is often expressed as:
⎛ s ⎞
su
= ⎜⎜ u ⎟⎟ ⋅ OCR Λ
σ' v 0 ⎝ σ' v 0 ⎠ NC

(4)

where Λ is the plastic volumetric strain ratio and (su/σ'v0)NC is the normally consolidated
undrained shear strength ratio. The plastic volumetric strain ratio is expressed as Λ = 1 κ/λ, where λ ≈ Cc/2.3 or the isotropic compression index, and κ ≈ Cs/2.3 or the isotropic
swelling index. The influence of vertical yield stress on qcnet, or OCR on Q, has been
explored by a number of researchers, resulting in the following relationships:
σ' vy = κ p ⋅ q cnet
OCR =

σ' vy
σ' v 0

(5a)

= κp ⋅ Q
(5b)

where κp is an empirical coefficient which typically varies from 0.1 to 0.5 with an
average of 0.3 (e.g. Mayne et al. 1998). The empirical relationship shows that Q
increases with OCR, as suggested by equations 3 and 4. The influence of soil friction
angle (φ') on Q during undrained penetration is often quantified through the normally
consolidated undrained strength ratio, i.e., (su/σ'v0)NC, which tends to decrease with φ'
(Wroth & Houlsby 1985). As with undrained strength, profiles of OCR (or σ'vy) and φ'
are typically not known at a given site, and normalization of cone tip resistance based
on Equation 2 is still the most practical option.

Normalization of penetration pore pressures first requires separation of pore pressures
that are a function of soil response and those existing in the ground prior to penetration.
Measured penetration pore pressure (um) can be expressed simply as the sum of the in
situ pore pressure (u0) and the excess pore pressure (Δum):
u m = u 0 + Δu m

(6)

During cone penetration testing, pore pressures are typically measured behind the cone
tip at the shoulder, or u2 location. The excess pore pressure component (Δum) can be
further separated into the pore pressure resulting from increase in total stress due to
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cone insertion (octahedral, Δuoct) and the component induced by shearing of the soil
(Δushear) (Randolph et al 1979, Wroth 1984, Baligh 1986, Mayne & Bachus 1988):
u m = u 0 + Δu shear + Δu oct

(7)

It is not possible to separate the measurements of the shear and octahedral components
of pore pressure at the cone shaft, and these distinctions must be estimated theoretically.

Tip resistance and pore pressure based soil classification by piezocone typically uses the
pore pressure parameter, Bq (Senneset & Janbu 1985, Robertson et al. 1986, Robertson
1990, Ramsey 2002), defined as:
Bq =

u2 − u0
Δu 2
=
q t − σ v 0 q cnet

(8)

Alternatively, use of the excess pore pressure Δu2 directly for soil classification has
been discussed (Jones & Rust 1982), and this paper will make use of the normalized
excess pore pressure, Δu2/σ'v0. Normalized soil classification charts based on Q and Bq
or Q and Δu2/σ'v0 are analogous since:
Bq =

Δu 2 1
⋅
σ' v 0 Q

(9)

This paper presents soil classification charts in both formats (Q-Bq space or Q-Δu2/σ'v0
space) and discusses relative advantages of each.

For assessing partial consolidation effects, a normalized penetration velocity (V) has
been proposed as a function of cone velocity (v), penetrometer diameter (d), and
coefficient of consolidation (cv) given by (Finnie & Randolph 1994, Randolph 2004):
V=

v ⋅d
cv

(10)

Influence of viscous rate effects on penetration resistance evaluated using normalized
velocity is discussed by Chung et al. (2006), Lehane et al. (2008), among others.

For pore pressure dissipation at the shoulder location, the operational coefficient of
consolidation tends to be intermediate between the normally consolidated and swelling
coefficient of consolidation (Leroueil et al. 1995, Fahey & Lee Goh 1995). During
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penetration, the appropriate ‘operational’ coefficient of consolidation (cv or ch) for use
in Equation 10 is still being researched. As most initial tests used in development of
‘backbone curves’ related to the normalized velocity (V) were performed on isotropic
normally consolidated centrifuge specimens (e.g., Finnie 1993, Finnie & Randolph 1994,
Watson 1999, House et al 2001, Randolph & Hope 2004, Randolph 2004, Chung et al.
2006), the normally consolidated vertical coefficient of consolidation based on
laboratory Rowe cell tests was initially used in Equation 10.

It has been suggested that when using the normally consolidated coefficient of
consolidation, penetration occurs undrained for normalized velocity greater than
approximately 30 to 100 (Finnie & Randolph 1994, Randolph 2004). Fully drained
behavior was originally considered at normalized velocities below 0.01 (Finnie &
Randolph 1994). A value of V less than 0.01 was also calculated by Baligh (as
presented in Hight & Leroueil 2003) using the strain path method to be the normalized
velocity where excess u1 pore pressures (measured on the cone face) were zero.
Randolph & Hope (2004) found that u2 penetration pore pressures were essentially
hydrostatic for cone penetration in normally consolidated kaolin at V of approximately
0.1 to 0.3. Schneider et al. (2007) also observed that Bq and Δu2/σ'v0 were approximately
zero at V of 0.1 to 0.3, but that Q increased by approximately an additional 15 percent
as V decreased from 0.3 to 0.03 in a normally consolidated kaolin clay. This is a
relatively small change in Q compared to the three times increase in Q as V decreases
from 30 to 0.1 in normally consolidated kaolin.

Since it is recognized that the coefficient of consolidation is influenced by a number of
different factors, including, the effects of the penetration process, stress level, void ratio,
stress history, and anisotropy, a more appropriate form of the (horizontal) coefficient of
consolidation (ch) may be expressed as:

ch =

k h (1 + e)σ' h 0
γ w λκ

(11)

where the hydraulic conductivity (k) is a function of void ratio (e), stress level, and
predominant direction of flow, γw is the unit weight of water, and λ and κ have been
previously defined in associated with Equation 4. Lehane et al. (2008) have used
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Equation 10 and 11 to achieve consistent ‘backbone curves’ for velocity dependant
behaviour in both normally consolidated and overconsolidated kaolin. Taking that the
ratio of λ to κ is approximately 5 (e.g., Kulhawy & Mayne 1990), the ratio of the
normally consolidated to ‘operational’ coefficient of consolidation using Equation 11 is
equal to

5 , and thus the boundaries for V using ch expressed by Equation 11 tend to

range from 0.05 to 15 for drained and undrained penetration, respectively. This range is
in agreement with experimental data of Lehane et al. (2008) for kaolin with OCR
between 1 and 5. For the constant 20 mm/s rate of penetration in a standard 10 cm2
CPTU (ASTM 2000, ISSMFE 1997), penetration will generally occur under conditions
of partial consolidation if ch is between approximately 350 m2/yr and 1x105 m2/yr using
the definition of ch in Equation 11.
4.2.2.

Trends in normalized parameters

The North Sea Clay data in Figure 1 tends to indicate that as Q (or OCR) increases, Bq
tends to decrease. The trend of Bq decreasing with OCR has been observed for
individual sites (e.g., Lacasse & Lunne 1982, Wroth 1984), but the correlation between
OCR and Bq is not unique (e.g., Jamiolkowski et al. 1985). Hight et al. (1994), among
others, also discuss how Q increases and Bq decreases due to the effects of partial
consolidation. It is desirable to be able to separate the effects of OCR and partial
consolidation when developing charts for classification of soils. Figure 2a plots
normalized piezocone data (Q and Bq) on the Roberston (1991) soil classification charts
for North Sea Clays as well as six relatively uniform sites. The data are from two
predominantly silt sites (Halsen and Vägverket), three lightly overconsolidated clay
sites (Bothkennar, Onsøy and Troll), and one dense fine sand site (Bugg 40). Additional
information about these sites and other sites discussed in this paper is presented in Table
1.
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Figure 2. Differing trends of increasing su/σ'v0 (OCR) and coefficient of consolidation
(partial consolidation) for relatively uniform sites in Q-Bq and Q-Δu2/σ'v0 space
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Table 1. Datasets used in development of new piezocone soil classification charts

In Figure 2a, the Bugg 40 sand site has essentially hydrostatic pore pressure (Δu2 ≈ 0
Bq ≈ 0), with Q generally decreasing with depth due to decreases in sand state (e.g.,
Konrad 1998, Klotz & Coop 2001). Both the silt and the clay sites show a general
increase in Q with a corresponding decrease in Bq. Below 15 m at the Vägverket silt site,
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Bq approaches zero and Q approaches 50. This corresponds to a transition from a
silt/sandy silt to a silty sand/sand with cv above 6000 m2/yr in the lower layer (Larsson
1997). Similar, but offset to the right, trends of increasing Q and decreasing Bq are
observed for increases in OCR at the clay sites. The influence of OCR is therefore
mischaracterized as changes in silt content (or coefficient of consolidation) due to
distortion of the classification chart by incorporating qcnet in the normalized parameters
on both axes. A heavily overconsolidated clay will not necessarily behave in the same
way as a normally consolidated silty soil, and thus should not have the same ‘soil
behavior type’ based on piezocone response. When classifying soils based on piezocone
data it is desirable to be able to separate the influence of OCR and coefficient of
consolidation. Plotting CPTU data in Q – Δu2/σ'v0 space, as shown in Figure 2b, tends to
result in opposite trends for influence of OCR and coefficient of consolidation, since the
octahedral component of penetration pore pressures often dominates u2 response during
undrained penetration (Wroth 1984, Baligh 1986).
4.3. Delineating soil types
4.3.1.

Piezocone testing of clays

Prior to plotting field data on soil classification charts, the influence of OCR on
undrained piezocone response in Q – Δu2/σ'v0 space is explored parametrically using
solutions relating net cone tip resistance, qcnet, and excess penetration pore pressure, Δu2,
in clay soils. The evaluation of qcnet using large strain finite element analyses discussed
by Lu et al. (2004) is combined with the hybrid critical state-cavity expansion model
developed by Mayne (1992, 2001) for this parametric study. While the cylindrical
cavity expansion analogy for penetration resistance is only partially supported by
numerical studies (Lu et al. 2004), these simplistic models are useful for evaluating
trends in behavior on Q-Δu2/σ'v0 (or Bq) classification charts due to the influence of
OCR.

As discussed previously, the relationship between undrained shear strength and
undrained cone tip resistance is influenced by a number of factors. Large displacement
numerical studies (Lu et al. 2004) have quantified the influence of rigidity index (Ir =
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G/su), roughness of the cone face (αc), and influence of horizontal stress [Δ = (σv0 –
σh0)/(2su) = σ'v0(1 - K0)/(2su)], on cone factor, Nkt, as:
N kt ≈ 3.4 + 1.6 ln (I r ) − 1.9 Δ + 1.3α c

(12a)

The roughness of the cone face varies between 0 and 1 for perfectly smooth and rough
interfaces, respectively, and is taken as 0.2 in these parametric studies. The influence of
horizontal stress will be a function of OCR, and is estimated based on the correlation
between friction angle (φ'), OCR, and K0 (Mayne & Kulhawy 1982):
K 0 = (1 − sin φ' ) ⋅ OCR sin φ

(12b)

A friction angle of 30 degrees was used to estimate K0 in these parametric studies. The
normalized cone tip resistance (Q) is estimated by varying su/σ'v0 with OCR as
expressed in Equation 4 at a constant Ir. While rigidity index tends to decrease with
increasing OCR (Keaveny & Mitchell 1986, Mayne 2001), evaluation of a range of Ir
values within the parametric study captures this effect. The cone factor, Nkt, is
calculated to vary with Ir per Equation 12a, and Q is then calculated from su/σ'v0 and Nkt
using Equation 3.

Corresponding penetration pore pressures are evaluating using the hybrid critical statecavity expansion model described by Mayne (1992, 2001). Based on spherical cavity
expansion theory, the octahedral component of penetration pore pressure can be
evaluated as a function of the cone factor (Nkt) and rigidity index (Ir) from:

Δu oct =
Bq ,oct =
Δu 2,oct
σ' v 0

4
s u ln(I r )
3
Δu 2,oct
q cnet

=

(13a)

4 1
ln (I r )
3 N kt

(13b)

= Q ⋅ Bq ,oct

(13c)

The shear component of penetration pore pressures is evaluated as (Mayne 2001):
Δu 2,shear
Λ
≈ 1 − (OCR 2 )
σ' v 0

(14)

The normalized excess penetration pore pressure is the sum of the octahedral and shear
components:
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Δu 2 Δu 2,oct Δu 2,shear
=
+
σ' v 0
σ' v 0
σ' v 0

(15)

Figure 3 plots parametric studies of the relationship between Q and Δu2/σ'v0 for
(su/σ'v0)NC ratios of 0.2 and 0.3. For typical rigidity index values between 150 and 500,
OCR and (su/σ'v0)NC tend to dominate the relationship, although for a given OCR, Q
values reduce with decreasing rigidity index due to its influence on Nkt. As the rigidity
index drops from 150 to 10, local shear induced pore pressures have a greater relative
effect on the measured Δu2, leading to a steepening of the curves.

Theoretical parametric studies are compared to two databases of piezocone
measurements in clay soils: (i) a global database of clays with corresponding laboratory
measurements of σ'vy (update of database discussed by Mayne et al. 1990 and Chen &
Mayne 1996), and (ii) the clay subset of the database of North Sea soils discussed by
Ramsey (2002). Table 2 summarizes typical characteristics (σ'v0, PI, OCR) of the clay
databases, and Figure 4 compares field data to the previously discussed parametric
studies. The data are plotted in log-log Q-Δu2/σ'v0 space to achieve additional detail at
low Δu2/σ'v0. Three lines intended to bound the analytical studies are included, along
with empirical fits of those curves. While it is acknowledged that the soil models used
in the previously mentioned parametric studies are a simplification of actual behavior,
the relationship between field data and analytical trends are useful when assessing
implications from modeling piezocone response. The soil conditions and empirical
curves for each case are presented in Equation 16a through 16c:
Δu 2 Q1.25
=
+ 0.99
σ' v 0 100

(su/σ'v0)NC = 0.2; Ir = 10; Bq ≤ 1

(16a)

Δu 2 Q 0.95
=
+ 1.05
σ' v 0
5

(su/σ'v0)NC = 0.2; Ir = 30; Bq ≤ 1

(16b)

Δu 2 Q 0.95
=
+ 1.05
σ' v 0
2

(su/σ'v0)NC = 0.3; Ir = 500; Bq ≤ 1

(16c)
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Figure 3. Influence of Rigidity Index (Ir=G/su) on trends in relationship between
qcnet/σ'v0 and Δu2/σ'v0 for (a) (su/σ'v0)NC of 0.2 and (b) (su/σ'v0)NC of 0.3
Additionally, the curve bounding observed North Sea Clay data presented by Ramsey
(2002) is included on Figure 4, and is calculated as:
0.9
⎤
⎡
⎛ Δu 2 ⎞
⎟⎟ ,10⎥
Q < max ⎢29 ⋅ ⎜⎜
⎥⎦
⎢⎣
⎝ σ' v 0 ⎠

(17)
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Equation 16a matches well with Equation 17 for Δu2/σ'v0 greater than 2 to 3, but
differences at low excess penetration pore pressures has implications for delineating
silts from clays.

Figure 4. Delineation of clay soils in Q-Δu2/σ'v0 space

Table 2. Characteristics of clay databases used in chart development
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Table 3. Performance of equations used to classify intact clay soils based on piezocone
parameters

Assuming each curve presented in Equation 16 might be considered as a boundary for
particular soil types, their potential accuracy for correctly classifying a given soil as clay
is presented in Table 3. Of the 476 data points in Figure 4 only 14 data points do not
plot between Equation 16a and a Bq value of unity, with an even split of high and low
data points. Still, 96% of the Mayne database lies between Equations 16b and Bq of
unity while only 50% of the Ramsey (2002) database lies in this same region. It is
therefore inferred that the shallow heavily overconsolidated clays of the North Sea
within the Ramsey database have lower apparent rigidity index values than typical. The
apparently low rigidity index values may result from a high degree of unloading
(reduction in total radial stress and pore pressure) behind the cone tip, and thus low
octahedral pore pressures as compared to cone tip resistance, or from more negative
shear-induced pore pressures than predicted from Equation 14. Measurements of the
reduction in total radial stress and pore pressures behind a penetrometer tip have been
discussed by Lehane & Jardine (1994). Equation 16c tends to be a best fit of the Mayne
intact clay database rather than a ‘boundary’, with 50% of the data lying on either side
of the equation. Soils plotting with higher normalized penetration pore pressures for a
given tip resistance may result from other facets of soil behavior, such as sensitivity.
Data from CPTUs in highly sensitive clays are explored to investigate a possible
delineation between ‘typical’ and ‘highly sensitive’ clays, such as Zone 1 of Figure 1.
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4.3.2.

Piezocone testing in sensitive clays

The cone penetration test results in very high strain levels surrounding the probe. In
strain softening soils, it is likely that the peak strength value is exceeded. As soils strain
soften, shear induced pore pressures are likely to be higher than those predicted using
the simple critical state model discussed by Mayne (1992, 2001), which does not
include the influence of sensitivity in its formulation. Figure 5 plots profiles of
‘sensitive’ clays in Q-Δu2/σ'v0 space. Additional information about these sites is
presented in Table 1.

The high sensitivity clays tend to plot near the line represented by Equation 16c. The
quick clays at Gloucester and Tiller tend to have higher Δu2/σ'v0 at an equivalent Q than
the clay of lower sensitivity at Lierstranda, although there do not seem to be any unique
trends in location within Figure 5 based solely on sensitivity. Figure 6 plots the same
data for sensitive clays in Q-Bq space. Trends in behavior for the clays soils are visually
more apparent in this representation, although the locations of sensitive clays are
significantly different from the previous recommendations of Robertson (1991) shown
in Figure 1 (Zone 1). Sensitive clays may have high values of Q due to
overconsolidation ratio and friction angle, among other soil properties, but tend to have
higher Bq (or Δu2/σ'v0) values than similar clays with lower sensitivity. It is judged that
for highly sensitive clays:
Δu 2 Q 0.91
>
+ 1.1
σ' v 0
1.5

(18)

Equation 18 was developed to delineate the quick clays at Tiller and Gloucester from
the Mayne intact clay database. Approximately 90% of the data points in the Mayne
intact clay database have Δu2/σ'v0 values lower than that expressed using Equation 18
(Table 3), while 90% of the data from Tiller and Gloucester have Δu2/σ'v0 values higher
than Equation 18. It is noted that clays of high sensitivity, such as Lierstranda in Figures
5 and 6, may plot with Δu2/σ'v0 values less than Equation 18, and the trend is not
intended to exclude clays as sensitive, but rather highlight soils which may have a
highly collapsible structure. It is also noted that soils with high sensitivity may have Bq
values in excess of one. The line representing Bq of one in Figure 5, as well as in other
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figures in this paper, is not intended to represent a boundary, but is included as a link
between Q-Δu2/σ'v0 and Q-Bq charts.

Figure 5. Location of ‘sensitive clays’ in Q-Δu2/σ'v0 space

Figure 6. Location of ‘sensitive clays’ in Q-Bq space
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4.3.3.

Partial consolidation during penetration testing in clays

As the degree of pore pressure dissipation during penetration becomes greater, increases
in cone tip resistance are generally reflecting by lower excess penetration pore pressures
(e.g. Campanella et al. 1983, Randolph 2004). These trends in behavior differ from
those resulting from increasing OCR in clays, which typically results in an increase in
both Q and Δu2/σ'v0. Using the concept of a normalized velocity as expressed in
Equation 10, changes in cone velocity can conceptually be related to changes in
coefficient of consolidation, or soil type (e.g. Hight & Leroueil 2003, Randolph 2004).
A series of variable rate penetration tests, or ‘twitch’ tests (House et al. 2001), were
performed at the Burswood soft clay site in Perth, Western Australia, to explore the
influence of normalized cone velocity on piezocone parameters.

Two piezocone soundings with ‘twitch’ tests were performed at the Burswood site, with
data summarized in Figure 7. During penetration between depths of 6.1 and 7.1 m, the
cone velocity was successively halved (i.e. 20 mm/s to 10 mm/s to 5 mm/s, etc) for each
of 10 to 11 steps, before reverting to the standard 20 mm/s cone velocity. The cone was
advanced by at least two diameters at each step to ensure a steady cone tip resistance
was reached. Cone velocities as low as 0.01 mm/s were achieved, or a normalized
velocity as low as 4 to 6 based on the laboratory coefficient of consolidation of 4 to 5
m2/yr and a ratio of λ to κ of approximately 5 for this depth range. Additional details on
the Burswood site and penetration ‘twitch’ testing are discussed by Chung et al. (2006).

The ‘twitch’ tests help to identify two facets of clay behavior during penetration: (i)
viscous rate effects; and (ii) partial consolidation. This results in a ‘saddle’ behavior
around a minimum Q value, with higher cone tip resistance at higher velocity due to
viscous rate effects and higher cone tip resistance at lower velocities due to partial
consolidation. Viscous rate effects also tend to increase Δu2/σ'v0 proportionally to
increases in Q in this essentially normally consolidated clay, while partial consolidation
results in a reduction in penetration pore pressures at low velocities. This results in
relatively constant Bq during undrained penetration at this site, with Bq dropping more
rapidly than Δu2/σ'v0 during partial consolidation due to the compounding effects of Δu2
decreasing and qcnet increasing.
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Figure 7. Influence of cone velocity of piezocone parameters at Burswood, WA site
90

Schneider, J.A., Randolph, M.F., Mayne, P.W., and Ramsey, N. 2008. Analysis of factors influencing soil
classification using normalized piezocone tip resistance and pore pressure parameters, ASCE Journal of Geotechnical
and Geoenvironmental Engineering, (in press).

Figure 8. Influence of partial consolidation from variable rate penetration tests on
evaluation of soil behavior type in Q-Δu2/σ'v0 space
Figure 8 presents the influence of partial consolidation during penetration on soil
classification using piezocone data. Variable rate penetration test data from the
Burswood field site is combined with centrifuge data in normally and overconsolidated
kaolin discussed by Schneider et al. (2007). The ‘direction’ of trends relating to the
influence of OCR and partial consolidation are significantly different in Q-Δu2/σ'v0
space, but are similar for both the centrifuge and field data. Even when penetration
occurs under conditions of partial consolidation, data may lie to the right of Equation
16a, which could result in CPTU classification as a ‘clay’ soil. Figure 8 highlights that
not only the location on the Q-Δu2/σ'v0 chart is important, but also the ‘direction of
movement’ within the chart. As the OCR of clays tends to reduce with depth, most
overconsolidated clay soils will also show Q and Δu2/σ'v0 decreasing with depth. Soils
in which penetration is partially drained often tend to vary in material type and
coefficient of consolidation, which tends to result in increases in Q and decreases in
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Δu2/σ'v0 (or Bq) with increases in coefficient of consolidation (e.g. Hight et al. 1994,
Watson & Humpheson 2005).
4.3.4.

Piezocone testing in silts

Delineation of silty soils by piezocone as well as engineering analyses in these materials
is complicated by effects of partial consolidation, with drainage conditions during
penetration testing often differing from those of the design application. Considerations
for analyses of silts and soils that are partially consolidated during in situ testing
include:
• If essentially all penetration pore pressures are dissipated within 5 minutes of
stopping penetration, then loading rates for normal onshore construction practices
will occur under free draining conditions (Larsson 1997). Conversely, if significant
excess pore pressures are generated during penetration, qcnet does not reflect the
fully-drained soil response and direct correlations between penetration testing and
engineering behavior may be less reliable.
• For offshore foundation solutions, such as spudcans and shallow foundations,
normalized rates of loading will push silty soils into the undrained region, even
though cone tests may be drained or partially drained. The resulting differences
between penetrometer resistance and foundation performance need careful
consideration (Erbrich 2005).
• Evaluation of the coefficient of consolidation from piezocone dissipation tests in
soils that exhibit partial consolidation during installation may underestimate ch.
Theoretical studies (Silva et al. 2006) and experimental evidence (Schneider et al.
2007) have shown that t50 increases compared to the undrained case due to partial
consolidation during penetration.

Figure 9 and 10 plot in log-log Q-Δu2/σ'v0 space the location of layers from the
Vägverket and Halsen silt sites, respectively. The soils generally plot between the line
that represents Equation 16b and Δu2/σ'v0 near zero. All dissipation tests at Vägverket
essentially reached 90 % dissipation within 5 minutes, except for the test at 4.5 m depth.
Longer consolidation times for this layer are reflected by a position to the right of
Equation 16b. Dissipation tests in the Halsen silt typically took longer than 5 minutes to
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reach 90 % pore pressure dissipation, and laboratory consolidation tests indicated cv
values between 300 and 3500 m2/yr (V of 75 to 7). Since CPTU penetration occurs
under conditions of partial consolidation for ch values between approximately 350 m2/yr
and 1x105 m2/yr, these two sites are good examples of ‘transitional’ soils.

The difficulties of separating heavily overconsolidated clays and silty soils based on Q
and Δu2/σ'v0 can be seen since both silts in Figures 9 and 10 plot between Equations 16a
and 16b for portions of the profiles. This is due to the potential for low octahedral pore
pressures in both material types. In the overconsolidated clays this tends to result from
reduction in radial total stress (and pore pressure) as the soil flows around the cone tip
as well as negative shear induced pore pressures, while in silts Δuoct tends to decrease
more from the effects of partial consolidation. This influence of partial consolidation on
the location of data within soil classification charts, as shown in Figures 8 through 10,
appears consistent for velocity effects in clays and coefficient of consolidation effects in
silts. The direction of movement within the charts can help to separate silty soils from
heavily overconsolidated clays. Figure 8 illustrated that in Q-Δu2/σ'v0 space, CPTU data
tends to ‘move’ up and to the right as OCR increases during undrained penetration,
while data tends to ‘move’ up and to the left as penetration approaches drained
conditions. If heavily overconsolidated clays are expected, separation of silts and clays
using Equation 16a may fit the data better, or if the region contains more silty soils,
Equation 16b may be more appropriate. As with most site characterization activities,
knowledge of the local geology, supplemental boreholes, dissipation testing, as well as
variable rate penetration tests will aid in the engineering process.
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Figure 9. Location of silts at Värgverket, Sweden on soil classification charts

Figure 10. Location of silts at Halsen, Norway on soil classification chart
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4.3.5.

Piezocone testing in sands

The observation of essentially hydrostatic pore pressure is a good indication of drained
penetration. Drained penetration will typically result in higher Q values than undrained
or partially drained penetration for soils at an equivalent state, but in looser sands there
may be an overlap of soil types. Despite cone tip resistance measured in calibration
chamber testing of young unaged sands normalizing approximately to
Parkin 1988), or

σ' h 0 (e.g.

σ' v 0 in normally consolidated sand, normalization to σ'v0 is used for

all materials within these classification charts for a number of reasons:
1. A uniform approach is presented where no iteration is required to decide on
appropriate normalization in different soil types.
2. Even if an iterative solution is used to assess appropriate normalization based on soil
type, that normalization is still a simplification of actual behavior and prone to error.
3. Potential errors in classification would only occur in loose to very loose normally
consolidated sands at great depths. Loose to very loose sands arguably have a
normalization exponent [n, as in (σ'v0/pref)n] between 0.8 and 1 (e.g. Olsen &
Mitchell 1995, Moss et al. 2006a), rather than the commonly assumed value of 0.5
for sands. This trend in behavior minimizes the potential for normalization errors
when using Q (i.e., n=1) for classification of sandy soils.
4. Increasing K0 will also increase Q in sands at equivalent relative densities, which
will not lead to errors in soil classification.
5. Conversion between Q-Bq space and Q-Δu2/σ'v0 space will not be stress dependent.
It is noted that while the above mentioned reasons can be accounted for in analyses for
Q-Bq or Q-Δu2/σ'v0 classification charts, linear stress normalization may not be valid for
all soil types / states when using friction ratio (Q-F) based soil classification charts.
Since Δu2/σ'v0 and Bq are approximately zero in drained sands, development of the
delineation of sands from silts and clays is strongly based on the minimum value of Q
which is expected. A minimum value of Q=20 is selected based a review of field data.
Theoretical trends are compared to two example cases in a very loose sand (Drammen)
and a dense to very dense sand (Euripides) in Figure 11. The program CONPOINT
(Salgado 1993, Salgado et al. 1997), with properties for the Ticino reference sand, was
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used to calculate profiles of Q with depth for comparison to field data. The reduction in
Q with depth (i.e., stress exponent n < 1) is more significant for the very dense sand as
compared to the loose sand, and trends based on the theoretical model matches trends in
field data well. Additionally, sands with a fines content less than 50 percent (which may
or may not have liquefied) from the Moss et al. (2006b) liquefaction database are
included in Figure 11 for additional examples of CPT qcnet behaviour at shallow depths.
The liquefaction database is used since it is expected to contain some of the loosest
sands, and thus lowest expected Q values. While shallow, none of these data have Q
values less than 20, and tend to fall between the Dr limits for Ticino sand. Still, 10 (out
of the 200) data points within the full database (not limited to fines content less than 50
percent) of Moss et al. (2006b) have Q values below 20, but all data with Q less than 20
that have soils descriptions are classified as low plasticity silts (ML) or silty sands to
sandy silts (SM/ML) with fines content greater than 50%. It is likely that penetration
pore pressures are influencing cone tip resistance in these silty soils (e.g., personal
communication D. Elsworth & M. Fitzgerald 2007), although no u2 data are available.
For clean siliceous sands, field data and theoretical studies support the selected
minimum Q value of 20.

Normalized cone tip resistance is known to be lower in more compressible sands at the
same relative density and stress level (e.g., Robertson & Campanella 1983). Figure 12
illustrates trends of Q with depth for a compressible micaceous sand (Jamuna Bridge)
and a compressible calcareous sand (Overland Corner). The bias of Q decreasing with
depth (which would occur if the stress exponent n should be less than 1) decreases with
depth and appears to be minimal below 40m. Both the micaceous and calcareous sands
have Q values in excess of the proposed minimum value of 20. Minimum Q values of
approximately 10 have been observed for calcareous silty sand and sandy silt at Mossel
Bay, South Africa (Ebelhar et al. 1988) as well as for some calcareous silty sand sites
offshore Western Australia. Most observed occurrences of Q values below 20 in sands
occur for CPTs performed in highly compressible or silty deposits where pore pressures
may influence tip resistance, or at depths greater than 100m.
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Figure 11. Profiles of Q with depth in siliceous sands and silty sands

Figure 12. Profiles of Q with depth in compressible micaceous and calcareous sands
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The delineation of essentially drained sands from clays and transitional soil is based on
the previously discussed logic and uses the following equation for Q greater than the
selected minimum value of 20:
⎡
⎡
⎛Q⎞ ⎤
⎛ Q ⎞ ⎤ Δu 2
≤ min ⎢0.5 ln⎜ ⎟,1⎥
max ⎢ − 0.5 ln⎜ ⎟,−1⎥ ≤
⎝ 20 ⎠ ⎦
⎝ 20 ⎠ ⎦ σ' v 0
⎣
⎣

(19)

In sharp contrast with the maximum Δu2/σ'v0 value of one used in Equation 19, Δu2/σ'v0
values on the order of 25 may be observed for soils plotting in Zones 6 and 7, sands and
gravels, based on Figure 1. This does not imply that sandy soils may have very high
normalized excess pore pressure values, but is a function of chart distortion resulting
from qcnet being incorporated in both the axes of the Bq charts.
CPTU data from the Drammen, Euripides, and Jamuna Bridge siliceous and micaceous
sands are compared to data for a silty sand at Fittja Straits and Equation 19 in Figure 13.
For sands, the lower Q value of 20 tends to capture loose siliceous sands and micaceous
sands, as well as silty sands at Fittja Straits. The transition from Δu2/σ'v0 of 0 to 1
roughly parallels equations 16a, and tends to adequately separate the nearly drained silts
from the predominantly sandy soils. While it appears that a number of data points in
Figure 13 plot outside of the ‘essentially drained sand’ zone, Table 4 indicates that this
occurs for only 11% of the 6200 points. Of the data points which do not classify within
the bounds of Equation 19, over half are from the silty sand at Fittja Straits. Penetration
pore pressures for points that fall outside the ‘essentially drained’ sand zone indicate
partial consolidation during penetration, and correlations between qcnet and drained
engineering behavior are considered less reliable. Additional variable rate penetration
tests in silty and clayey sands are needed to provide information on the transition from
drained to partially consolidated penetration in these material types.
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Figure 13. Location of sandy soils on soil classification charts

Table 4. Performance of equations used to classify sandy soils based on piezocone
parameters

4.3.6.

Negative u2 penetration pore pressures

Significant negative penetration pore pressures have been recorded at the shoulder (u2)
location during piezocone penetration in overconsolidated clays, stiff glacial clays,
alluvial silty sands, residual silty sands and sandy silts, among other soil types (e.g.,
Finke & Mayne 2002). While these are actual measurements of penetration behavior,
the measurements are often limited by the performance of the piezocone pore pressure
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measurement system due to cavitation (Jefferies & Davies 1991; Robertson 1991).
Figure 14 plots data from a silty marine sand (SFOBB), a residual soil (Opelika), and a
database of fissured clays updated from that discussed by Chen & Mayne (1996). These
terrestrial deposits, while having significantly different engineering behavior, tend to
plot in very similar areas of the classification charts. Additional data from North Sea
clays (Ramsey 2002) are added to the data sets evaluated for Figure 15. The offshore
soils tend to have lower (larger negative) Bq values due to the influence of the larger u0
values which occurs in offshore testing (and thus greater –Δu2 values at cavitation). The
relative magnitude of these negative values are primarily a function of instrument
behavior rather than soil response, but the fact that negative Δu2 values are recorded is
quite significant when classifying soil by piezocone.
When observing negative Δu2 penetration pore pressures in unfamiliar situations, it is
highly recommended to perform dissipation tests. If the soil is a silty sand or sandy silt,
full dissipation to u0 should occur within 5 minutes. As shown in Figure 16, pore
pressures during dissipation tests in heavily overconsolidated clays may start as
negative, increase past hydrostatic, and then start to decay monotonically. This behavior
results from very large negative shear-induced penetration pore pressures adjacent to the
cone shaft, which dissipate more rapidly than the positive octahedral pore pressures
located away from the cone shaft (e.g., Bond & Jardine 1991, Burns & Mayne 1998).
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Figure 14. Location of select transitional soils in Q-Δu2/σ'v0 space

Figure 15. Location of select transitional soils in Q-Bq space
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Figure 16. Differences in dissipation behavior for soils which plot in similar locations
on the soil behavior type chart
4.3.7.

‘Transitional’ soils of the North Sea

The above discussion has been based primarily on relatively uniform graded soils, i.e.,
sands, silts, and clays. Mixed soil types may frequently be encountered during site
investigations, and it is of interest to explore if these materials tend to lie in typical
locations in Q-Δu2/σ'v0 space. The database of North Sea soils discussed by Ramsey
(2002) is used to explore general piezocone behavior of clayey sands, silty sands, silty
sands with clay, clayey sands with silt, slightly silty fine sands, and slightly silty fine to
medium sands, as shown in Figure 17. One would not expect a large difference between
slightly silty fine sands and slightly silty fine to medium sands, but these two soil types
are separated due to differences in observed behavior in this database. It is noted that
these shallow sand mixtures have the potential for a very high overconsolidation ratio
(and thus K0), with σ'vy on the order of 1 to 2 MPa due to glaciation. Specific trends in
location within Q-Δu2/σ'v0 space are not apparent, with most material types plotting in
both essentially drained sands and ‘transitional’ soils. Locations of each soil type are
explored further in Table 5.
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Figure 17. Location of ‘transitional’ North Sea soils in Q-Δu2/σ'v0 space

Table 5. Classification of North Sea ‘transitional’ soils used on piezocone parameters

Most soil types are split equally between essentially drained sands and ‘transitional’
soils. Clayey sands and silty sands with clay plotted as predominantly ‘transitional’ soils
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while clayey sands with silt tended to plot predominantly as essentially drained sands.
These differences are likely due to variation in coefficient of consolidation and yield
stress ratio of the individual sites, as u2 pore pressures are very sensitive to these effects
in silty materials (e.g., Schneider et al. 2007). The trend of slightly silty fine sands and
slightly silty fine to medium sands to classify largely as ‘transitional’ soils or clay
deposits is unexpected. The data in Figure 17 are from different sites and are
summarized as single points. As previously mentioned, and, for example, illustrated by
Hight et al. (1994) for a clayey sand from the North Sea (using Q-Bq space), trends in
‘direction of movement’ in Q-Δu2/σ'v0 soil classification charts for profiles of CPTU
parameters with depth may be of more use in site characterization than evaluation of
individual points. Additional research in sand mixtures, such as variable rate penetration
testing, is warranted to assess if these measurements of penetration pore pressures
indicate a significant degree of partial consolidation during penetration, which may
influence cone resistance and thus reliability of design correlations.
4.4. General tip resistance – pore pressures based soil classification charts

General soil classification charts were developed using parametric studies of analytical
solutions, field data, and judgment based on the previous discussions. Figure 18 shows
the recommended soil classification charts based on normalized piezocone parameters
which have evolved from this study. It is noted that the ‘zones’ in these three charts are
exactly the same, but the plots are shown in different formats: (i) log-log Q-Δu2/σ'v0
space; (ii) semi-log Q-Δu2/σ'v0 space; and (iii) semi-log Q-Bq space. These formats are
best used in the cases of: (i) clays, clayey silts, silts, sandy silts, and sands with no
negative penetration pore pressures; (ii) sands and transitional soils with small negative
excess penetration pore pressures; and (iii) clay soils with large negative excess
penetration pore pressures, respectively. The newly recommended classification charts
are overlain on the recommendations of Robertson (1991) in Q-Bq space in Figure 19.
These proposed charts and data at heavily overconsolidated North Sea clay sites (Figure
1) are significantly different from the recommendations of Robertson (1991),
highlighting the need for design charts based on a combination of analytical studies and
field data.
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Table 6 summarizes equations used for this assessment of soil behavior type using
piezocone data. A simple algorithm, which checks if the soil is essentially drained or
essentially undrained during penetration will highlight transitional soils, which likely
require dissipation or variable rate penetration testing to supplement standard piezocone
parameters. Soils that plot outside ‘zones’ 1b or 2 will likely have lower levels of
reliability if applying standard design correlations intended for application to drained or
undrained CPTU parameters. When analyzing soil behavior for ‘transitional soils’ it is
necessary to assess the influence of normalized velocity on Q, whether through
dissipation tests or variable rate penetration testing.
Table 6. Description of equations for trends in new soil classification chart1
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Figure 18. Newly proposed piezocone soil classification chart in various plotting
formats
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Figure 19. Comparison of newly proposed chart (dark black lines) with Robertson
(1991) chart (light gray lines)
4.5. Tip resistance – friction ratio based soil classification charts

The soil classification charts based on Q and Δu2/σ'v0 developed in this paper were
primarily derived to aid in separating whether penetration is drained, undrained, or
partially drained. Provided that a soil layer is below the water table and that the
piezocone filter element is properly saturated and does not lose saturation during
penetration, Q-Δu2/σ'v0 charts can be relatively reliable in this effect when positive pore
pressures are measured. In onshore geotechnical practice, soil classification using the
friction ratio [F(%)=ft/qcnet·100] often receives more use than pore pressure based
classification charts. One reason for this trend results from lack of pore pressure
readings above the water table, and a second is due to difficulties in maintaining
element saturation in stiff, dilatant deposits or when passing through partially saturated
material above the water table. Still, the tendency for both OCR (state) and partial
consolidation to increase the normalized penetration resistance, Q, leads to the potential
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for overlap of soil types in Q-F classification charts and some uncertainty in assessment
of whether penetration is drained, undrained, or partially drained. As compared to the
undrained case, decreases in friction ratio will occur due to reductions in radial total
stress behind the cone tip. This reduction is generally more significant during drained,
or partially drained, penetration due to volume change (i.e., cavity contraction), but is
also influenced by cementation and soil sensitivity during undrained penetration (e.g.,
Lehane 1992, Karlsrud et al. 1993). During undrained penetration, the combination of
high OCR and sensitivity, or the presence of cementation, tends to lead to high Q values
and low F values, which may lead to difficulties in the separation of OCR and partial
consolidation using Q-F charts. Variable rate penetration tests, which include pore
pressure and sleeve friction measurements, are needed to aid in analysis of the
separation of partial consolidation and OCR when using CPT friction ratio.
4.6. Conclusions

Soil behavior is generally controlled by degree of pore pressure dissipation during
loading, stress level at failure, and initial yield stress ratio. These features of behavior
will lead to differing soil response during piezocone penetration, particularly the relative
values of cone tip resistance and penetration pore pressures. When using piezocone data
to classify soil type, it is concluded that:
• Depth bias, which is not a function of soil behavior, will occur if qcnet and Δu2 are not
normalized. Normalization to initial vertical effective stress is the most practical
option, resulting in trends as a function of overconsolidation ratio. These trends are a
function of soil behavior and can be assessed analytically for development of
generalized soil classification charts.
• Soil classification in Q-Bq space and Q-Δu2/σ'v0 space are analogous, although
different aspects of behavior are highlighted depending on the presentation. Q-Bq
space tends to provide additional detail for separating clay behavior, while Q-Δu2/σ'v0
space is more useful for identifying sands, silts and clays, or soil type.
• Newly developed soil classification charts in this paper based on Q and Bq, or the
analogous Q and Δu2/σ'v0 versions of the charts, are significantly different than
corresponding charts typically used in practice. These differences are not solely due
to differences in databases used for calibration, but theoretical considerations that
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affect cone tip resistance and penetration pore pressures. Databases agree well with
the analytical solutions discussed, and provide a new framework for evaluation of
soil type by piezocone.
• Octahedral pore pressures tend to dominate the Δu2 response except at low ‘apparent’
values of rigidity index (Ir). Low apparent Ir may result from large reductions in
radial total stress behind the cone tip, large negative shear induced pore pressures
adjacent to the cone shaft, or partial consolidation during penetration, resulting in an
overlap of regions within the classification charts.
• Since large reductions in radial total stress behind the cone tip tend to occur in highly
preconsolidated clays, and OCR tends to reduce with depth in these materials due to
a relatively constant σ'vy, the ‘direction of movement’ within classification charts due
to changes in depth is useful for separating overconsolidated clays from silty soils.
For potential areas of overlap in classification charts, information in addition to qcnet and
Δu2 are necessary for assessment of soil type from piezocone tests. This information
may come from knowledge of local geology, drilling and sampling, CPT friction ratio,
piezocone dissipation tests, or variable rate penetration tests. Variable rate penetration
tests provide additional levels of information, which cannot be achieved through
dissipation testing, and additional experience with this testing procedure in a variety of
soil types can help to improve on the analyses discussed in this paper.
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5. CHARACTERIZATION OF THE SHENTON PARK SAND SITE
FOR PILE DESIGN

5.1. Introduction

Quantification of the changes in radial effective stress generated during installation and
loading of a displacement pile is the largest point of uncertainty for displacement pile
design. It has been observed that for both open and closed ended driven piles in sand,
increases in relative density tends to result in increases in average shaft friction (Dennis
& Olsen 1983). More specifically, soil state (initial density, initial stress level, and
compressibility/crushability at high stress) provides a better indication of initial
increases in radial stress due to pile installation than relative density (e.g., Klotz & Coop
2001). Appendix A1 discusses site characterization for pile design in sandy soils and
concludes that there are significant levels of uncertainty in (i) analytical or numerical
modeling of increases in radial stress due to pile / cone installation; (ii) input parameters
to those models; as well as (iii) the degree of unloading of the sand behind the pile /
penetrometer tip. It is therefore suggested that use of cone tip resistance for
displacement pile design can provide a practical and relevant measure of the influence
of sand state on initial increases in radial stress due to pile insertion. As the relationships
between cone tip resistance, cylindrical cavity expansion (limit) pressure, and small
strain shear modulus in any given sand deposit may be measured, comparison of these
test results are useful for assessing the performance of numerical and analytical models
as well as for providing additional insights into the relationship between pile capacity
and CPT qc.
The focus of this chapter is on characterization of a partially saturated siliceous sand site,
with tension load testing of displacement piles at this site discussed in Chapters 10 and
11. In situ testing performed at the site includes:
• cone penetration test (CPT);
• seismic cone penetration test (SCPT);
• self boring pressuremeter (SBP) test; and
• flat plate dilatometer test (DMT);

Compression load tests are discussed by Xu (2007) and in Appendix A6 (Xu, Schneider,

& Lehane 2007).
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5.2. Characterization of sand strength and stiffness for pile design

When characterizing sand properties for pile design, the following facets of sand
behaviour need consideration:
1. Pile shaft friction at failure is a function of the radial stress generated during pile
installation / loading and the soil-pile interface friction angle (e.g., Lehane et al.
1993).
2. The initial increase in radial stress during cone or pile installation is influenced by
drainage conditions, sand consistency, and sand stiffness.
3. Conditions are predominantly drained during cone penetration testing and axial pile
loading in sandy soils.
4. Sand strength is controlled by intergranular friction (φ') and interlocking (i.e.,
dilation, ψ') (e.g., Taylor 1948, Rowe 1962, Schofield 2005).
5. Dilation depends upon relative density and stress level (e.g., Lee & Seed 1967,
Bolton 1986).
6. For the interface strength between sand and a pile (μ=tanδ), both friction and
dilation are strongly influenced by normalized (relative) roughness, Rn = Rmax/D50
(e.g., Uesugi & Kishida 1986a, Dietz 2000).
7. Sands tend to crush at high stresses (e.g., Vesic & Clough 1968, Hardin 1985, Coop
& Lee 1993).
8. The radial stress imparted by the tip of a cone or pile during installation causes
significant grain crushing (e.g., Meyerhof 1959, BCP Committee 1971, Konrad
1998, Klotz & Coop 2001, White & Bolton 2004).
9. The radial stress adjacent to the shaft of a displacement pile is much lower than the
cone tip resistance or cylindrical cavity expansion limit pressure, indicating
significant unloading after initial loading (e.g., Lehane 1992, White & Bolton 2004,
Jiang et al. 2006). Further unloading at the soil-pile interface takes place during
cycling (Airey et al. 1992, White & Lehane 2004).
These issues are discussed in detail in Appendix A1.
5.3. Cavity expansion analogies for pile design

White & Bolton (2004) illustrated that strain paths during plane strain model pile
installation resulted in horizontal compression and vertical extension adjacent to the
shaft of a pile (Figure 1a). This mode of deformation may be reproduced by expanding a
cylindrical cavity, and therefore an assessment of the initial increase in radial stress due
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to installation of a CPT or displacement pile may be obtained using cavity expansion
analyses (e.g. Salgado et al. 1997, Figure 1b). The resistance to cavity expansion in
sands is influenced by (i) stress dependant dilation, (ii) particle crushing, and (iii) stress
and strain effects on shear modulus, as well as specific assumptions within numerical or
analytical modeling (Appendix A2). Appendix A4 presents a cavity expansion analysis
which seeks to quantify the differences between the maximum radial stress induced by
open and closed ended piles.

Figure 1. Comparison of (a) experimental observations of soil flow around a
penetrometer (White & Bolton 2004) to (b) assumptions for application of cylindrical
cavity expansion analysis to a cone penetrometer (Salgado et al. 1997)
The maximum radial stress that can develop close to the tip of a displacement pile is
lower than the cone tip resistance. This appears to result from two primary factors:
1. The cylindrical cavity expansion limit pressure is typically 10% to 20% of the cone
tip resistance (e.g., Nutt 1993, Yu et al. 1996, Wride et al. 2000);
2. The sand experiences unloading behind the pile tip which results in a reduction in
radial stress (e.g., White & Bolton, 2004).
Simple elastic–plastic analysis of drained pressuremeter loading and unloading is shown
in Figure 2, and is useful for conceptually understanding the stress paths involved
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during pressuremeter testing, installation of a cone penetrometer, as well as installation
of a displacement pile.

Figure 2. Comparison of analysis of pressuremeter loading and unloading using an
elastic perfectly plastic soil model (after Wroth 1982) to field data in Perth sand (from
Fahey 2005)
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5.4. UWA Shenton Park sand site

The UWA Shenton Park test site in Perth, WA, Australia, comprises 4 to 14 m of sand
of the Spearwood Dune system overlying Tamala Limestone. The ‘leached yellow sand’
is the siliceous remains from dissolution of the limestone, which has been eroded,
transported, and re-deposited by the wind. The sand has a low level of saturation and
this level varies slightly from the end of the wet season to the end of the dry season. The
process of wetting and drying as well and the presence of small quantities of remnant
carbonates from the parent limestone provide a potential for cementation and bonding
between siliceous sand grains. This wetting and drying results in seasonal effects on in
situ stress state and stiffness (Lehane et al. 2004). Strength and stiffness parameters for
this thesis have been evaluated using the cone penetration test (CPT), seismic cone
penetration test (SCPT), flat plate dilatometer (DMT) and self-boring pressuremeter
(SBP), as well as a laboratory triaxial test. Investigations and foundation testing
performed during this thesis are summarized in Table 1, with locations identified in
Figures 3 through 7.
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Table 1. Summary of foundation and in situ testing experiments at Shenton Park Site
November 2003 – June 2007
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Figure 3. Summary of foundation and in situ testing experiments at Shenton Park Site
November 2003 – June 2007 with locations labeled for November 2003 investigations
(see Table 1 for legend of symbols)

Figure 4. Identification of CPT locations with multi-piezo friction adaptor (MPFA); LT
refers to static load tests of the device, see Hebeler (2005) for more details
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Figure 5. Identification of CPT and pile locations for May / July 2006 installations

Figure 6. Identification of CPT and pile locations associated with instrumented model
pile tests
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Figure 7. Identification of test locations in shallow foundation (F1 to F4) area

5.4.1.

Laboratory index testing

Sub-angular to sub-rounded sand specimens were recovered from between 0.5 m and
3.5 m depth in a test pit identified as “Excavation, Compaction study,” in Figure 3. A
summary of index properties of the Shenton Park sand is presented in Table 2.
Table 2. Index properties for Shenton Park sand (0.5 to 3.5m)
emax

emin

D60

D50

D10

Fines

average

0.81

0.45

0.47

0.42

0.21

< 5%

stdev

0.01

0.01

0.02

0.02

0.01

-
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5.4.2.

Triaxial compression

Triaxial test data obtained for a sand reconstituted to a void ratio of 0.6 after isotropic
consolidation to a mean effective stress (p') of 100 kPa are presented in Figure 8 (where
q = deviator stress). The void ratio of the triaxial specimen (0.6) equates to a relative
density of 0.58, which is at the upper end of the range of 0.35 to 0.55 derived from sand
replacement in-situ density tests (Lehane et al., 2004). The measured peak and constant
volume friction angle of the specimen were 38° and 32°, respectively.

Stress ratio, q /p'

a.

1.6
End of internal
LVDT range

1.2
0.8

External LVDT
0.4
Internal LVDT
0.0
0

b. 300

5

10
15
Axial strain, εa (%)

20

Bender Elements

Esec (MPa)

250
200

Local Strain
Measurements

150
100
50
0
0.001

0.01
0.1
1
Local Axial Strain, εa (%)

10

Figure 8. Triaxial test on reconstituted Shenton Park sand isotropically consolidated to
p′ = 100 kPa and e0 = 0.6 (after Lehane et al. 2004)
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5.4.3.

Bender elements for evaluation of G0

For uncemented soils, the value of G0 in a given plane (i.e., vertically propagating /
horizontally polarized shear waves, G0,VH) depends on number of particle contacts (void
ratio, e), the condition of particle contacts (A), and the effective confining stress (p')
raised to an exponent, n:
⎛ p'
G0
= C0 ⎜⎜
p ref
⎝ p ref

n

⎞
⎛ p'
⎟⎟ ≈ A 0 ⋅ f (e )⎜⎜
⎠
⎝ p ref

⎞
⎟⎟
⎠

n

(1)

where pref is a reference stress of 100 kPa resulting in dimensionless C0 and A0
parameters. Various forms of the influence of void ratio on G0 have been proposed, but
the recommendation of Jamiolkowski et al. (1991) that f(e) = e-1.3 has been found by
Pestana and Salvati (2006) to give the best fit for a number of different sands they
examined. It is noted that, at high stresses, particle crushing occurs and changes the
nature of the particle contacts (A) as well as the void ratio (e), making Equation 1 non
unique when crushing is significant (Coop & Jovičić 1999, Appendix A1).

Figure 9. Laboratory determination of G0,VH for Shenton Park sand at e0 = 0.62 and
different levels of saturation (after Lehane et al. 2004)
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Small-strain shear modulus values for the reconstituted soil were measured using bender
elements in triaxial specimens (Lehane et al., 2004) and resulted in a C0 parameter of
approximately 1100 with an n value of 0.5 for the saturated medium dense sand. This C0
parameter equates to an A0 parameter of 590 when the void ratio function is defined as
e-1.3; this A0 value is comparable to that deduced by Pestana & Salvati (2006) for
reconstituted Hokksund (A0 = 560 to 570) and reconstituted Ticino sand (A0 = 580).
5.4.4.

Cone penetration testing

Forty seven cone penetration tests have been performed at the Shenton Park site since
November 2003. Shear wave velocity measurements were recorded for six of those tests,
which are identified as SCPT in Figures 3, 6 and 7. The site is relatively uniform on a
given day, although, tip resistance varies depending upon the moisture content of the
partially saturated soil on the day of testing. The horizontal coefficient of variation
(CoV) for tests performed on each day is compared to the CoV for tests performed at
similar locations but on different days to assess whether variations in qc result from
seasonal changes in stress state / cementation or natural variability in density. The
horizontal CoV is relatively high between 0 and 1m depth as well as at depths greater
than 4m. Pile testing is confined to the upper 4m, and the horizontal CoV is discussed
for the relatively uniform zone between 1 and 4m.
5.4.4.1 Tip resistance

Cone tip resistance is a rapid, repeatable, and cost effective parameter for quantifying
vertical and horizontal changes in soil consistency. The analyses of pile capacity in this
thesis are based on correlations to qc due to the great uncertainties in analytical /
numerical models and their input parameters. Figures 10 through 14 show profiles of qc
at the Shenton Park site collected on single days at a variety of locations, while Figure
15 compares data from similar locations collected of separate days. An interesting
characteristic of the Shenton Park site is its seasonal variation in qc and short term pile
capacity, which has been discussed by Lehane et al. (2004) as well as Byrne (1994) and
Byrne & Randolph (2003). Figures 10 through 14 shows a low horizontal coefficient of
variation in qc (10 to 15%) for the site when data are collected on the same day, while
Figure 15 highlights differences of 50 to 100% in qc when measured after varying
amounts of rainfall. These differences in average qc (between depths of 1 and 4m) and
horizontal CoV are summarized in Table 3 as well as in Figure 15.
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Figure 10. CPT qc profiles for November 2003 investigations (see Figure 3 for locations
of CPT-A to CPT-E)

Figure 11. Twelve CPT qc profiles for May 2005 investigations (see Figure 5 for
locations of CPT-1 to CPT-12)
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Figure 12. Nine CPT qc profiles for July 2005 investigations (see Figure 5 and 6 for
locations of CPT-13 to CPT-21)

Figure 13. Four CPT qc profiles for 31 March 2006 investigations (see Figure 7 for
locations of CPT-F1 to CPT-F4)
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Figure 14. Four CPT qc profiles for July 2007 investigations (see Figure 6 for locations
of CPT-28 to CPT-31)

Table 3. CPT data (between 1 and 4m) measured on different days
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Figure 15. Comparison of CPT qc for tests performed on different days but in similar
areas across the Shenton Park site (See Figures 3 to 7 for investigation locations)
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There is not an apparent trend of changes in average qc due to rainfall in Figure 15e, and
individual cases (Figure 15a through 15d) are looked at in more detail. When comparing
tests in a similar location on different days, consistency in CPT qc is observed for the
following cases (with rainfall in the preceding two months presented in parenthesis).
•

Figure 15a –August 2004 (200mm) and July 2005 (400mm);

•

Figure 15c – July 2005 (400mm) and March 2006 (25mm);

These similar cases are all have relatively ‘low’ qc,avg on the order of 4MPa as compared
to the ‘high’ values of qc of approximately 6 to 7 MPa also recorded at the site. There
are also discrepancies in qc in similar areas on different dates. These cases are listed
below with rainfall in the preceding two months in parenthesis. Cases with ‘low’ qc (4
MPa) are listed first followed by cases with ‘high’ qc (6 to 7 MPa).
•

Figure 15b – July 2005 (400mm) as compared to May 2005 (60mm);

•

Figure 15c - July 2005 (400mm) / March 2006 (25mm) as compared to April 2006
(25mm, with one event in the previous week having a daily rainfall of greater than
6mm);

•

Figure 15d - July 2005 (400mm) / March 2006 (25mm) as compared to June 2007
(110mm)

To develop a working hypothesis in the absence of additional data on in situ suctions, it
can be inferred (broadly) that:
•

Very high levels of rainfall in the preceding two months (i.e., greater than 150 to
200mm, ‘wet’) may result in similar qc values to cases of very little rainfall (i.e.,
less than 30mm, ‘dry’). This assumes that no in situ suctions exist if the soil is
fully saturated or completely dry.

•

Intermediate levels of rainfall may result in a ‘moist’ condition where shear
modulus increase due to suction (Figure 9), resulting in an increase in qc.
Increases in horizontal effective stress due to suctions will also lead to increases
in qc (e.g., Larsson 1998).

These inferences, as well as the identifiers ‘wet’, ‘dry’ and ‘moist’ on Figure 15, are
speculative based primarily on changes in qc. Peculiarities in the data are evident in
Figure 15c where a 50% increase in cone tip resistance occurred only between 1 and 3m
for the profile and this change occurred over a period of 1 week with one rainfall event
of approximately 6mm. Additionally, in Figure 15d good agreement in qc is observed
for the profiles in that plot up to 1.5m, and the differences in qc tend to increase with
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depth (opposed to Figure 15c). Relying on the working hypothesis that changes in
suction based on moisture levels lead to changes in stiffness and qc, differences between
Figures 15c and 15d may have been caused by propagation of a moisture front due to
recent rainfall events.

Understanding of the CPT qc data presented herein would require measurements of in
situ suctions and/or monitoring of soil moisture which incorporates analyses into a
framework utilizing the soil-water characteristics curve (e.g., Qiu & Sego 2001). While
Byrne (1994) and Byrne & Randolph (2003) discuss seasonal variation in tension
capacity with time at the Shenton Park site, CPT qc data were recorded within 4 days of
pile installation (with no rainfall events in between cone testing and pile installation) for
each of the test series discussed in Chapters 10 and 11. The potential seasonal effects on
short term capacity are, in this case, assessed by evaluating the relationship between
tension capacity and measured qc for each test series.

5.4.4.2 Sleeve friction

Measurements of sleeve friction for the CPT were initially developed for evaluation of
pile shaft friction (Begemann 1953, 1965), with further studies performed by
Nottingham (1975) and Schmertmann (1978). However, due to the lower level of
repeatability of the CPT friction sleeve readings, its use in practice for evaluation of pile
capacity is minimal. Still, the CPT sleeve friction, or friction ratio [Fr(%)=fs/qc⋅100],
should be very useful for identification of soils which may not follow typical
correlations (e.g., deRuiter & Berringen 1982, Eslami & Fellenius 1997) or possibly for
quantification of the initial reduction in radial stress behind a pile tip (Randolph et al.
1994, White 2005).

Average CPT fs and Fr measurements are summarized for each series of investigation in
Table 3. ‘Seasonal’ effects on qc appear generally mirrored by comparable effects in fs,
giving a relatively constant average Fr of about 0.8%. It is noted that the horizontal CoV
for sleeve friction measurements is approximately twice that for CPT qc. This higher
level of variability is often attributed to variable wear of friction sleeves as well as
measurement error and differences in equipment (e.g., Lunne et al. 1986b, DeJong et al.

128
Chapter 5 – Characterization of the Shenton Park sand site for pile design

2000). The friction ratio tends to have an intermediate level of horizontal CoV, between
that of qc and fs, indicating some correlation between qc and fs.

Figure 16. Twelve CPT fs profiles for May 2005 investigations (see Figure 31 for
locations of CPT-1 to CPT-12)

Figure 17. Nine CPT fs profiles for July 2005 investigations (see Figure 31 and 32 for
locations of CPT-13 to CPT-21)
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Figure 18. Twelve CPT Fr profiles for May 2005 investigations (see Figure 31 for
locations of CPT-1 to CPT-12)

Figure 19. Nine CPT Fr profiles for July 2005 investigations (see Figure 31 and 32 for
locations of CPT-13 to CPT-21)
Seasonal effects on fs and Fr are explored in more detail in Figures 16/17 and 18/19,
respectively. Data from the two large investigations of 2005 are shown, with other
investigations having similar trends. As previously mentioned, the tests of May 2005
have much higher fs values than investigations in July 2005. Comparison of the trends in
friction ratio with depth presents some unexpected behaviour. The friction ratio tends to
increase with depth for tests in May, while the July tests have a relatively constant Fr
value. The reasons for these differences are unknown.
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Zone

Soil Type

Zone

Soil Type

1a

SILTS and ‘Low Ir’ CLAYS

2

Essentially drained SANDS

1b

CLAYS

3

Transitional soils

Figure 20. Seasonal effect on location of Shenton Park CPTs on Schneider et al. (2008)
(Chapter 4) CPTU soil classification chart
The use of soil classification charts for piezocone based axial pile design has been
suggested by Eslami & Fellenius (1997). The CPT data from Shenton Park collected
between 1m and 4m in May and July of 2005 are plotted in Figure 20 on the soil
classification charts developed in the previous chapter. Since pore pressures were not
measured during these CPTs, and the sands were above the water table, the value of
Δu2/σ'v0 was taken as zero. This value was confirmed by piezocone tests in saturated
and unsaturated sands at the site reported by Hebeler (2005). The soils all plot as
‘essentially drained sands,’ due to the zero value of Δu2/σ'v0. The slightly higher qc
values recorded in May 2005 lead to higher Q values, but the same ‘soil type.’ As
discussed in Chapter 4, Q-Δu2/σ'v0 (or Q-Bq) charts are dominated by CPT qc in drained
sands, and evaluation of the data using normalized tip resistance and friction ratio may
provide more information than Figure 20.
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Figure 21 plots CPT data recorded between 1m and 4m in May and July of 2005 on the
Robertson & Wride (1998) soil classification chart. Despite having a minimal fines
content (Table 2), the tests with lower qc values (July 2005, as well as Nov 2003, Aug
2004, and Mar 2006) plot on the border of ‘Zone 5’ and ‘Zone 6,’ or silty sands. This
results from the sands being on the looser side of medium dense at stress levels below
100 kPa, and the assumption of a stress exponent (n) of 0.5. Cavity expansion analyses
in Appendix A1 (as well as discussions by Olsen 1994 and Moss et al. 2006b) suggest
that, in looser sands, the stress exponent should approach 0.9 due to the minimal effects
of reduced dilation with increasing stress.

Figure 21. Seasonal effect on location of Shenton Park CPTs on Robertson & Wride
(1998) CPT soil classification chart
5.4.4.3 Shear wave velocity

The shear wave velocity (Vs) is used to derive the small strain shear modulus, G0:
G 0 = ρ ⋅ Vs

2

(2)
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where ρ is the bulk density. The addition of shear wave velocity measurements to the
standard cone penetration test, or seismic cone penetration test, SCPT (e.g. Campanella
et al. 1986), allows for relatively routine measurements of in situ small strain stiffness
during site investigation. While direct measurement of G0 is a useful starting point for
modeling the nonlinear behaviour of soil, the ratio of the small strain measurement of
G0 to parameters controlled by larger strain behaviour, such as CPT qc, is indicative of
ageing or structure of a deposit (e.g. Fahey et al. 2003). Shear wave velocity
measurements from SCPTs were recorded in November 2003 and March 2006 and are
summarized in Figure 22.

Figure 22. Profiles of soil stiffness collected during different investigations
There is a fair amount of scatter in Figure 22, particularly when compared to the
relatively uniform CPT profiles shown on Figures 10 to 14. Such scatter may be
partially attributed to the sensitivity of G0 to the degree of saturation, as indicated on
Figure 9.

Appendix A1 discusses development of charts comparing G0 with qc. These correlations
are relatively insensitive to soil compressibility (i.e., siliceous vs. calcareous) and if
there was a relatively unique relation between relative density and G0 there would be a
relatively unique relationship between G0/qc and normalized cone tip resistance
(regardless of soil compressibility). As stated by Rix & Stokoe (1991), among others,
this correlation is not unique for uncemented Holocene siliceous sands and variability in
the correlation increases due to age and cementation of natural deposits. An empirical
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expression which tends to match field and laboratory data well takes the following
format:
⎡ q c p ref ⎤
G0
= KG ⎢
0.5 ⎥
qc
⎣ (σ' v 0 p ref ) ⎦

−n

= K G ⋅ q c1N

−n

≈ K G ⋅ q c1N

−0.75

(3)

where pref is a reference stress (taken here as 100 kPa). The ‘n’ exponent tends to range
from 0.67 to 0.85. The range of KG values for ‘n’ of 0.75 tends to range from 110 to 330
for uncemented Holocene sands and 330 to 1100 for cemented and aged sands (after
Fahey et al. 2003, Schnaid et al. 2004, Appendix A1). For n=0.67, Schnaid et al. (2004)
recommended (essentially) the same boundaries as shown in Figure 23. The separation
of cemented and uncemented sands lies at ‘KG’ of 280, and ‘KG’ ranges between 110
and 800 for all sands when using ‘n’ of 0.67..

Figure 23. Ratio of G0 to qc between 1 and 4m for seismic cone tests at Shenton Park
(see also Appendix A1 for the development of this chart)
The ratio of shear modulus to cone tip resistance for each series of tests at Shenton Park
plots in similar areas of Figure 23, and indicates some level of cementation or
structuring of these soils. The three trend lines shown on the plot are based on Equation
7, with ‘n’ of 0.75 and ‘KG’ of 110, 330, or 1100, as indicated on the figure. A site
specific correlation for the Shenton Park data has ‘Kg’ of approximately 500 for n of
0.75.
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5.4.5.

Pressuremeter testing

The pressuremeter provides direct cavity expansion and contraction data, and hence is a
useful device to assist in interpretation of pile performance. For application to axial pile
design, the self boring pressuremeter (SBP) test is, however, limited by:
• its inability to induce strains large enough to measure the limit pressure in sands

without damaging the membrane;
• uncertainty in estimating limit pressure from the initial part of the cavity pressure –

strain curve;
• uncertainty in the degree of cavity contraction during unloading for a pile; as well as
• inconsistent levels of disturbance during installation of self boring pressuremeters.

Furthermore there are relatively few case histories of pile load tests with adjacent
profiles of SBP data.

Ten self boring pressuremeter tests in three boreholes were performed in the upper 5m
of sand at the Shenton Park test site. The instrument has a diameter of 83mm, a length
of just over 500mm, and was originally obtained from Cambridge In Situ, U.K..
Significant modifications to the UWA device are described by Fahey et al. (1988) and
Fahey & Jewell (1990). The membrane is expanded using nitrogen gas, with radial
displacements measured using strain gauged ‘arms’ at three points evenly spaced
around the mid height of the membrane.
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Figure 24. Self Boring Pressuremeter (SBP) testing (a) location and type of cutting shoe
(b) set-up behind drill rig at Shenton Park site

The SBP was installed using the aid of a drill rig, as shown in Figure 24b. In the upper
3m, the pressuremeter was advanced using the cutting head and vertical pressure from
the hydraulics of the drill rig. After that point, the device was removed from the soil and
the hole was drilled out and cased with a hollow stem auger to the maximum depth of
the previous test. The SBP is lowered through the casing and then advanced using its
cutting head to subsequent depths. A flat plate cutting head located approximately
10mm behind the cutting shoe was used to minimize disturbance during installation
(Figure 24a).

The SBP tests are evaluated here to assess:
• friction and dilation based on the slope of the pressure expansion curve, (s, Hughes et

al. 1977 as discussed in Appendix A2);
• stiffness during unload-reload loops; and
• time dependant behaviour obtained during stress hold periods (performed during

loading and unloading).
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Three unload-reload (U-R) loops were typically performed for each test. U-R loop
depths were selected based on the criterion proposed by Fahey (1991):
⎛ sin φ' ⎞
Δσ r = σ' ri ⎜⎜
⎟⎟
⎝ 1 + sin φ' ⎠

(4)

where Δσr is the pressure reduction in the loop and σ'ri is the initial effective radial
stress. The unload-reload shear modulus (Gur) is calculated through the gradient of the
unload-reload loop using elastic cylindrical cavity expansion theory:
G ur =

1 ⎛ Δp ⎞
⎜
⎟
2 ⎜⎝ Δε c ⎟⎠

(5)

where εc is the cavity strain and Δp is the change in radial stress over the loop (Δσr from
Equation 4).

Figures 25 through 28 present pressure expansion curves grouped by depth for the tests
at Shenton Park. The data are presented in two ways on these figures:
1. Recorded data corrected for membrane stiffness and system compliance.
2. Corrected data with creep stages and unload-reload loops removed. These plots are
used to evaluate the slope of the pressure expansion curve, s = f(φ', ψ').

Table 4 summarizes the interpreted data with three characteristic pressures listed:
1. p0 – the liftoff pressure (= σh0 for ‘perfect’ installation)
2. p5% - the expansion pressure at a cavity strain of 5% after removal of creep stages
3. p100% - extrapolation of p5% to a cavity strain of 100% assuming a linear slope, s.
This value is approximately equal to the cylindrical cavity expansion limit pressure;
see Appendix A1 and A2.

The average horizontal CoV of the SBP parameters is as follows:
• Gur = 12%
• p0 = 53%
• p5% = 11%
• p100% = 13%

The largest CoV is for the liftoff pressure, which highlights the difficulty in installing
the pressuremeter with minimal disturbance in shallow unsaturated sands as well as
difficulties in the general assessment of K0 in sandy soils. Premature liftoff is apparent
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for the test in BH-3 at 3.3m and the test in BH-1 at 4.3m. These tests also have slightly
higher slopes of the pressure expansion curve, s, than comparable curves at the same
depth, which is indicative of some installation disturbance (Fahey & Randolph 1984).
The CoV of Gur, p5%, and p100% is comparable with that of CPT qc data (Table 3).
The test data obtained in BH-1 at 3.3m and BH-3 at 4m are notable exceptions to the
relatively consistent pressure expansion curves. Considering that the SBP met refusal in
a hard layer prior to the test in BH-3 at 4.6m, greater stiffness and characteristic
pressures can be expected for that test. Other nuances influencing pressure expansion
curves at this site result from a combination of cementation, suction, and installation
disturbance. Additional measurements would be needed to separate these effects.
Table 4. Summary of SBP test results at Shenton Park site (January 2007)

Figure 25. SBP test pressure expansion curves at zmid of 1.3m
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Figure 26. SBP test pressure expansion curves at zmid of 2.3m

Figure 27. SBP test pressure expansion curves at zmid of 3.3m

Figure 28. SBP test pressure expansion curves zmid below 3.3m
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SBP data are compared to CPT qc in Figure 29. A relatively constant ratio of Gur/qc is
observed, independent of the range (albeit small) in qc1N. Theoretical solutions of the
ratio of qc/p5% and qc/p100% based on solutions discussed by Yu & Houlsby (1991) and
Yu et al. (1996) are also compared with the Shenton Park field data in Figure 29. The
following model input parameters were selected based on Table 4:
•

Gur,avg ≈ 25 MPa; σ'h0,avg ≈ 25 kPa; G/σ'h0 ≈ 1000

•

φ'cv = 32o; ψ' ≈ 6o; φ' ≈ 36.8o

For comparison to limit pressures, Collins et al. (1992) suggest the use of ψ'/2, and the
cases of ψ' and ψ'/2 are compared when analyzing the ratio of qc/p100% in Figure 29c.

As expected the ratio of qc/p5% is much higher than qc/p100%, as p100% (or plim,c) is
approximately 3 times greater than the pressure at a cavity strain of 5% for this site. The
interpretation based on theoretical solutions tends to overpredict the field data at this
site. This is in contrast to the underprediction of qc/plim at other field sites, as presented
in Appendix A1 (Figure 24). These differences may have resulted from (i)
underestimation of qc (using CPT data from March 2006 for SBP tests in January 2007)
due to seasonal effects; (ii) overestimation of plim,c from linear extrapolation to a cavity
strain of 100%; (iii) over estimation of plim,c due to finite length of the pressuremeter;
(iv) difficulties in selection of operational strength (ψ' and ψ'/2 used here) and stiffness
(Gur used here) values for input to theoretical models; as well as (v) the potential
influence of sand structure and suctions on the relationship between qc and
pressuremeter measurements.
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Figure 29. Comparison of parameters evaluated from SBP data to CPT qc
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5.4.5.1 Time dependant behaviour during loading

Prior to each unload-reload loop, the cavity pressure was held constant (stress hold test)
for durations ranging from 5 to 14 minutes to monitor creep and allow displacements to
stabilize. Creep tends to distort the initial portion of unload-reload loops, which may
influence the calculation of stiffness parameters (Withers et al. 1989). In addition, to
provide information on creep and stress relaxation during cavity contraction, i.e. the
stress regime relevant to pile design, 5 creep tests were performed during unloading of
the SBP test in BH-3 at 3.3m. Figure 30 illustrates the locations of stress hold tests
during loading and unloading in BH-3 at 3.3m, with the stress levels employed in the
unload-reload loops during cavity expansion being similar for other tests in the series.

Figure 30. Identification of loading and unloading SBP creep tests (BH-3 at 3.3m)
Nutt & Houlsby (1995) suggest that creep and time dependent behaviour of sands
during pressuremeter testing can be analyzed using the rate law of Singh & Mitchell
(1968):
⎛ t
δε
ε& = c = Ae αD ⋅ ⎜⎜
δt
⎝ t ref

⎞
⎟⎟
⎠

−m

(6)

where ε& is the cavity strain rate, A is a constant, tref is a reference time (taken here as 1
minute), m is a constant related to the soils creep characteristics, and D is some measure
of the mobilized strength. Nutt & Houlsby (1995) use the ratio of the current effective
cavity pressure to the limit pressure for quantification of the parameter D. Figure 31
shows the fit achieved for pressuremeter creep data from BH-3 at 3.3m using Equation
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6 with D=p/p100% where p100% is listed in Table 4. The increase in cavity strain rate with
increasing stress ratio is clear in Figure 31, and data are matched well by Equation 6
using m of 0.9, A of 6x10-3 (%/min), and α=13. It is noted that similar creep rates are
observed for pressures of 272 kPa and 297 kPa, with creep rates initially higher for the
test at 272 kPa (an opposite trend to that predicted using Equation 6). These trends
illustrate that the previously performed creep test at 272 kPa is likely to have influenced
the subsequent initial creep behaviour for the test at 297 kPa.
Evidence for constant A and α parameters is evaluated for all 33 stress hold tests by
looking at the strain rate at 1 minute (i.e., at t/tref = 1) as a function of stress ratio D in
Figure 32. Two stress ratios (D) are compared, p/p5% and p/p100%. Since p5% is a
measured property, uncertainty in extrapolation to the limit pressure, or p100% is
minimized. However, since the ratio of p5% to plim,c varies with soil strength and
stiffness, defining D as the ratio of p/plim,c (or p/p100%) is more useful for developing
general trends applicable to different sites. There is some additional scatter when
normalizing to p100%, but logarithmic trends of strain rate fit both normalization
frameworks well. It is noted that a stress hold ‘re-test’ was performed for the SBP in
BH-2 at 3.9m for p of 0.34 MPa. That test is indicated by an open circle in Figure 33
and the creep rate is approximately an order of magnitude lower that that of the initial
creep tests.

Figure 31. Creep behaviour during SBP loading (BH-3 at 3.3m)
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Figure 32. Summary of creep behaviour during loading as a function of stress ratio, D,
at Shenton Park site as compared to calcareous sands of Nutt & Houlsby (1995)
Data from Shenton Park are also compared in Figure 32 to full displacement
pressuremeter tests in calcareous sands in a calibration chamber reported by Nutt &
Houlsby (1995). The stress hold tests for the full displacement pressuremeter tests were
performed at much higher stress ratios, and higher rates of creep were observed. While
having similar ‘A’ parameters, the α at Shenton Park is assessed to be twice as large as
that indicated by the Nutt & Houlsby data. While accepting that α may not be constant
for the two sands, these differences may also be due to (i) overestimation of plim,c for the
Shenton Park tests; or (ii) influence of preceding creep tests on tests at higher stress
ratios for the Nutt & Houlsby data. Extrapolated creep rates for the Shenton Park data
appear unrealistically high for p/p100% > 0.6, suggesting perhaps, an overestimation of
plim,c for the Shenton Park data. Evaluation of the ratio of qc/plim,c in Figure 29c also
indicates that p100% may be an overestimation of plim,c for this site.
5.4.5.2 Time dependant behaviour during unloading

Stress relaxation is perhaps of greater importance than creep when assessing the time
dependence of axial pile capacity. While no stress relaxation tests (strain holding) were
performed at the Shenton Park site, Nutt & Houlsby (1995) illustrated compatible time
dependant behaviour for the pressuremeter under both stress and strain holding tests.
Figure 33 shows a reduction in radial stress during a strain holding test after cavity
expansion measured by Nutt & Houlsby. The mobilized strength, D, is maintained as
p/plim,c in analysis of stress relaxation.
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& , for m < 1 using parameters from
The relationship for the stress relaxation rate, D

Equation 6 is expressed as (Nutt & Houlsby 1995):

& = δD = m − 1
D
δt
αt

(7)

The m exponent for stress holding tests after cavity expansion at Shenton Park varied
from approximately 0.85 to 0.95.

Figure 33. Stress relaxation during strain holding test after cavity expansion in
calcareous Dogs Bay sand (Nutt & Houlsby 1995)
Figure 34 compares the creep data presented on Figure 30 during cavity contraction in a
format compatible with Equation 6. The stress ratio, D, must be redefined for
assessment of cavity contraction, and D=1-p/pmax is used for these analyses. Based on
Figure 2 and using a friction angle of 37.3 degrees (Table 4), stress reversal occurs at a
cavity pressure of 185 kPa and failure during unloading occurs at a cavity pressure of
73 kPa for the test in Figure 34. Creep rates are very low during unloading and very
close to the resolution of the measurement system until D is greater than approximately
1-Ka ≈ 0.75.

Creep data after unloading (which results in a decrease in cavity strain) are modeled
fairly well using Equation 6, although parameters during cavity expansion are different
than those during cavity contraction. This is likely due to the definition of stress ratio, D,
and it appears that use of D=1-p/pmax is an oversimplification of behaviour. The
unloading behaviour is complicated by a reversal of the principal stresses, as well as
location of failure in extension. A stress hold ‘re-test’ was performed at 16 kPa, and,
like the behaviour in cavity expansion, the re-test showed creep rates that are an order of
magnitude lower than the initial stress holding test.
145
Chapter 5 – Characterization of the Shenton Park sand site for pile design

During cavity contraction, subsequent stress hold tests result in an inward movement of
the pressuremeter membrane. For a corresponding strain hold test, the stress level would
tend to increase. These increases in radial stress are often associated with increases in
pile capacity, as discussed by Chow (1997) and Axelsson (2002). The relationship
between stress and strain holding tests after cavity contraction still needs validation.

Figure 34. Creep behaviour during unloading (BH-3 at 3.3m)

5.4.6.

Flat plate dilatometer testing

The flat plate dilatometer test, DMT, (Marchetti 1980) is a relatively simple penetration
test which measures pressure related to the outward expansion of a circular steel
membrane. After the device is pushed to the desired depth, the membrane is inflated and
two pressures are recorded; (i) the liftoff pressure, p0, which is recorded when the
membrane becomes flush with the surface of the blade; and (ii) the expansion pressure,
p1, when the membrane is expanded to 1.1mm. The parameters p0 and p1 refer to
pressures after correction for membrane stiffness effects (Marchetti 1980). Conceptually,
the process of inflating the dilatometer is similar to membrane expansion of a full
displacement pressuremeter, as illustrated in more detail for a ‘research’ DMT by
Bellotti et al. (1997).
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From the measured two pressures, three index parameters can be calculated; (i) the
material index, ID; (ii) the Horizontal stress index, KD; and (iii) the dilatometer modulus,
ED.
ID =

p1 − p 0
p0 − u 0

KD =

(8)

p0 − u 0
σ' v 0

(9)

E D = 38.2(p1 − p 0 ) ⋅ (1 − ν 2 ) ≈ 34.7(p1 − p 0 )

(10)

In this thesis, the equivalent DMT shear modulus is related to ED:
GD =

ED
≈ 13.4(p1 − p 0 )
2(1 + ν )

(11)

It is noted that the horizontal stress index is typically higher than K0 due to disturbance
induced during insertion of the probe, but the dilatometer modulus is often used directly
for foundation design since disturbance tends to have a small influence on reload
stiffness (e.g., Bellotti et al. 1989). The strain level associated with the dilatometer
modulus is taken as approximately 1.8%.

Dilatometer data collected at Shenton Park in September 2005 and March 2006 are
shown in Figure 35, while relationships between GD and qc for the depth range of 1 to 4
m are shown in Figure 36.

Considering the similarities in qc profiles between November 2003 and 31 March 06,
the differences in DMT pressure readings (p0 and p1) on different testing days is
surprising. The apparently high liftoff pressures for the March 2006 test series results in
calculation of relatively low ID parameters (and classification as a silt rather than a sand)
and a relatively high KD parameter. Surprisingly, the soil stiffness indicated by GD is
essentially the same for both test series. There is about 30% scatter in the ratio of GD/qc
in Figure 36 with tests from November 2003 on the lower end of the ratio. No
conclusive trends are observed for the small range of qc1N investigated, although, GD/qc
appears to reduce slightly with σ'v0, or depth, at this site.
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Figure 35. Dilatometer data from the Shenton Park Site
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Figure 36. Correlations between GD and qc for the Shenton Park site

5.5. Conclusions

Cone penetration test qc values will be of most use for analysis of pile load tests at the
Shenton Park site. While the results vary seasonally, CPTs were performed within a few
days of pile installation for all cases and are used to quantify seasonal effects on short
term pile capacity.

Comparison of laboratory index tests as well as measurements from various in situ tests
provides an indication of relative levels of strength and stiffness compared to ‘typical’
sands. Ratios of stiffness from shear wave velocity, pressuremeter and dilatometer
provide and indication of stiffness at various levels of strain. These data are compared
to CPT qc in Figure 37. It is observed that:
•

The ratio of G0/qc to qc1N-0.75 is higher than the separation of ‘cemented’ (or aged)
sands and ‘uncemented’ sands at 330, indicating some degree of cementation or
bonding.

•

Gur/G0 is on the order of 0.25, which is lower than typical values of 0.4 to 0.6 for
uncemented Holocene sands (Bellotti et al. 1989). This indicates the rate of
degradation in shear modulus with strain is greater than typical for the Shenton Park
sands, which has previously been observed for aged or structures sands at different
sites (e.g., Fahey 2005).

•

GD/qc is on the order of 1 to 2, which is another factor of four lower than Gur/qc.
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•

While the range of normalized cone tip resistance (qc1N) values is limited, there
appears to be a dependence of G0/qc on qc1N, while no clear dependence of the shear
modulus from the SBP or DMT on qc1N was observed. These differing trends may
result from the increase in shear modulus stress exponent (n, Equation 1) with
operational strain level (e.g., Jovičić & Coop 1997).

The Shenton Park sands are concluded to be slightly cemented or structured, and
seasonally influenced by suctions. The influence of cementation on the ratio of qc to pile
shaft friction has not been discussed in detail by previous investigators, and the test
series in Chapters 10 and 11 may provide additional insight into displacement pile
behaviour in structured sands.

Figure 37. Influence of normalized cone tip resistance and operational strain level on
G/qc ratios (strain level for pressuremeter moduli taken as cavity strain within each
unload-reload loop)
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AXIAL CAPACITY OF DISPLCAMENT PILES

151

152

6. BACK ANALYSIS OF TOKYO PORT BAY BRIDGE PIPE PILE
LOAD TESTS USING PIEZOCONE DATA
ABSTRACT:
This paper reports and back-analyses the results of two static load tests on 1.5 m
diameter instrumented pipe piles, conducted to aid the design of the Tokyo port bay
bridge. The site investigation included high quality piezocone testing (CPTU), which is
used to back-analyze the pile response in light of recently-developed design methods for
axial pile capacity. Local shaft friction (τf) in sands, silts, and lightly overconsolidated
clays, as well as unit base resistance (qb) of pipe piles in Tokyo gravel and Edogawa
sand are evaluated using CPT qt. A simple expression for shaft resistance, which is an
extension of the UWA approach for piles in sand, is shown to provide good predictions
for the shaft resistance through the mixed sand, silt and clay layers at this site. The base
resistance at a tip settlement of D/10 is a combination of resistance on the pile annulus
and the enclosed soil plug. The unit annulus resistance is fully mobilized and
comparable to CPT qt at the pile tip. The plug resistance is only ∼0.2qt,avg at the end of
the load test, but steadily increasing, which highlights the conservatism in limiting pipe
pile base capacity by a settlement criterion if the structure can tolerate additional
movement.
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6.1. Introduction

The complex deformation processes during the installation and loading of a driven pile,
prevent accurate theoretical modeling of axial pile capacity. Instead, design methods
must be calibrated using databases of load tests. Offshore and nearshore driven piles are
typically 0.76m to >2m in diameter, whilst databases of load tests used for design
method calibration typically have a mean diameter less than 0.5m. A recently-compiled
database of 77 pile load tests with adjacent CPT profiles at sandy sites contained only
four load tests on piles with a diameter greater than 1m (Schneider et al. 2007a). Since
the application of a calibrated design method to a nearshore or offshore pile involves
significant extrapolation from existing databases, it is essential that the equations in the
design method correctly capture the mechanisms that influence pile capacity; in
particular the effects of pile diameter and end-condition.

Cone penetration tests (CPTs) are routinely undertaken during an offshore site
investigation and are increasingly common for nearshore and onshore surveys. Various
CPT-based design methods for axial capacity have been developed and the 2006
revision of the American Petroleum Institute (API) recommended practice for fixed
offshore structures (RP 2A) will include four alternative methods for assessing the axial
capacity of piles in siliceous sand (API 2006).

The piezocone penetration test (CPTU) provides three measurements of soil behaviour
which are nearly continuous with depth: (i) cone tip resistance, qc, (ii) sleeve friction, fs,
and (iii) penetration-induced pore pressure measured behind the cone tip, u2. These
measurements are controlled by aspects of soil strength, stiffness, and the coefficient of
consolidation of the soil deposit. Not only is the CPTU useful for detailed profiling in
soft soils, but newer technologies allow near continuous penetration in very dense sands
and gravels with tip resistance in excess of 100 MPa. Testing in hard soils often requires
alternating drilling with wireline cone penetration testing (Fugro 2001), but these
techniques are relatively routine in practice, particularly for offshore and nearshore site
investigations.
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In addition to profiling of soil type and engineering parameters, a CPT can be
considered as a model pile, so the CPT parameters provide a sound basis for predicting
axial capacity. The static axial bearing capacity, Qt, of a deep foundation is given as the
sum of the shaft capacity, Qs, and the base capacity, Qb. Pile weight is subtracted for
piles in compression and Qb is taken as zero in tension.
h = Lemb

Q t = Q s + Q b = P ∫ τ f dh + q b A b

(1)

h =0

where:
P

= pile perimeter, πD,

Ab

= gross pile base area

Lemb

= total embedded length of pile

ztip

= tip depth of the pile

h

= height above the pile tip

Since the unit shaft and base resistance, τf and qb, are influenced by soil strength and
compressibility, pile geometry, installation method, direction of loading, and time
between installation and load testing, many correlations have evolved relating these
parameters to CPT tip resistance, qc. The predictive performance of recent CPT-based
design methods indicates that simple equations based on penetrometer parameters can
better capture the variation of τf and qb with soil conditions and pile geometry than
traditional earth pressure methods (based on the in situ stress multiplied by an earth
pressure coefficient for shaft resistance or a bearing capacity factor for base resistance).
This paper describes the back-analysis of two recent load tests on 1.5m diameter pipe
piles conducted in Tokyo Bay (Kikuchi et al. 2005, 2007) using adjacent CPTU data. As
there is a dearth of static load test data on large diameter piles, these case histories offer
valuable evidence of the behaviour of pipe piles. A discussion of the site
characterization using the CPTU results is presented, followed by back-analysis of static
load tests.
6.2. Site characterization by CPTU

The geotechnical investigation undertaken during the design of the new Tokyo port bay
bridge aimed to assess the available axial pile capacity, and provide information to
allow back-analysis of the subsequent load tests (Kikuchi et al. 2005, 2007). The
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investigation consisted of standard penetration tests (SPT), piezocone penetration tests
(CPTU), as well as sampling and laboratory triaxial testing.

Historically, it has been observed that an acceptable design assumption for the unit base
capacity (qb in MPa) for pipe piles in Tokyo Bay is approximately 10% of the SPT Nvalue. However, pile performance at neighboring sites has implied that lower bearing
capacities can be encountered for piles founded in the Tokyo Gravel layer. As CPT qc
has been shown to correlate well with pile base resistance (e.g. Delft 1936, White &
Bolton 2005, Xu. et al. 2005), and the CPT is analogous to a model pile, it is anticipated
that qc provides a more reliable indicator of base resistance than SPT N-value.
The measured profiles of each CPTU parameter are shown in Figure 1, as well as the
hydrostatic water pressure, u0, starting from sealevel, z = 0 (to match the zeroing of the
CPTU pore pressure device). In this figure, the cone penetration tip resistance, qc, has
been corrected for pore pressure effects to total cone tip resistance, qt, following the
standard procedure given by Lunne et al. (1997). The SPT-N values are equivalent
values defined as 50x(30/sN50), where sN50 is settlement measured at SPT-N value is 50.
The ratio of qt/pref (where pref is a reference stress of 0.1 MPa) to SPT N-value is
approximately 2 to 4, but the main distinction between the two in situ test parameters is
the more detailed profile of vertical variability revealed by the cone penetration test.
The local variation in qt is of paramount importance when calculating the axial capacity
of piles.

When evaluating soil layering and soil behaviour type from in situ test data, it is rational
to use normalized (dimensionless) parameters (Wroth 1984, 1988). Four common
normalized CPT parameters are:
Q=

q t − σ v 0 q cnet
=
σ' v 0
σ' v 0

(2)

Fr =

fs
f
= s
q t − σ v 0 q cnet

(3)

Bq =

u2 − u0
Δu 2
=
q t − σ v 0 q cnet

(4a)
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Δu 2 u 2 − u 0
=
σ' v 0
σ' v 0

(4b)

The parameters in these expressions are named as follows: qcnet is the net tip resistance,
Δu2 is the excess penetration pore pressure, Q is the normalized cone tip resistance (and
is equivalent to the bearing capacity factor, Nq in drained conditions), Fr is the friction
ratio, and Bq is the pore pressure parameter. When evaluating soil behaviour type (SBT)
in layered deposits using the piezocone, it is often clearer to use recent correlations
based on the normalized excess pore pressure, Δu2/σ'v0 (Schneider et al. 2007d) instead
of the traditional correlations based on Bq (e.g. Robertson 1990). Profiles of the
normalized piezocone parameters are shown in Figure 2. The soil layer boundaries
become more distinct when the normalized parameters are used compared to the
measured parameters (Figure 1). The properties of the individual layers are given in
Table 1.

The CPTU data for the soil layers shown in Table 1 are plotted on a Q-Δu2/σ'v0 SBT
chart in Figure 3. Piezocone SBT charts are useful for evaluating differences in soil
behaviour for each ‘layer’, particularly for assessing whether cone penetration is drained
or undrained. Penetration in clays is usually undrained, while penetration in sands is
usually drained. In silty soils, penetration often occurs under conditions of partial
consolidation, which complicates interpretation.

157
Schneider, J.A., White, D.J., and Kikuchi, Y. (2007). Back analysis of Tokyo port bay bridge pile load tests using
piezocone data, Advances in Deep Foundations, Taylor & Francis, 183-194.

Table 1. Soil layers evaluated from Figure 2 supplemented with soil properties based on
lab testing of the sands and silts
D50
Qavg1
Layer
Depth
ρd
φ'
(m)
(mm)
[stdev]
(g/cm3)
(degrees)
Yurakucho CLAY
7-40
10.5
[2.7]
Interlayered
40-63
54.5
SAND and CLAY
[47.5]
Yurakucho CLAY
63-68
9.3
[0.46]
Tokyo GRAVEL
68-79
2.01
2.94
41
192.5
(CD)
[77.5]
Edogawa SILT
79-85
1.28
0.075
38
46.3
(CU)
[16.0]
Edogawa SAND
85-90
1.55
0.168
34
83.1
(CU)
[31.3]
1
su/σ'v0 = Q/Nkt; Nkt typically 12 to 15 in lightly OC clays
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Figure 1. In situ test data at Tokyo Bay load test site
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Figure 2. Profiles of normalized piezocone parameters at Tokyo Bay load test site

Zone

Soil Type

Zone

Soil Type

1a

SILTS and ‘Low Ir’ CLAYS

2

Essentially drained SANDS

1b

Undrained CLAYS

3

Transitional soils

1c

Sensitive CLAYS

Figure 3. Soil behaviour type from CPTU using generalized charts of Schneider et al.
(2007d)
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The Yurakucho clay exists as two layers, which both predominantly plot in Zone 1b of
this SBT chart. High penetration pore pressure and low cone tip resistance characterize
these clayey soils. Tokyo gravel and Edogawa sand have relatively high Q values, and
near hydrostatic penetration pore pressures. These soils predominantly plot in Zone 2 of
this SBT chart, indicating essentially drained penetration. The interlayered sands, silts,
and clays, between 40 and 63m, as well as the Edogawa silt, tend to plot between Zone
1b and to the left of Zone 2, or in Zone 3: ‘Transitional soils.’ Soils within this area of
this SBT chart are often partially drained during cone penetration tests (Schneider et al
2007d). Both Q and Δu2/σ'v0 are necessary for the assessment of SBT and are useful
when predicting pile behaviour.
6.3. Load test setup and results

Two piles were statically load tested to aid the design of foundations for the new Tokyo
port bay bridge. In addition, statnamic load tests and dynamic load tests were performed,
which are outside the scope of this paper but are discussed by Kikuchi et al (2005). A
summary of the test pile dimensions and load conditions is presented in Table 2, and a
photograph of the static load test setup is shown in Figure 4. The parameters in Table 2
are pile diameter, D, wall thickness, t, tip depth below sea level, ztip, embedded length,
Lemb, time period between installation and load testing, plug length ratio (PLR) at end of
driving, associated effective area ratio (Ar,eff), compressive load at a tip displacement of
0.1D, Qt,0.1D, and pile head displacement, whead, at the end of the load test.
The effective area ratio, Ar,eff, during an increment of penetration of an open-ended pile
is the ratio of the added volume (i.e. the gross pile volume minus any soil entering the
plug) to the gross pile volume.
A r ,eff = 1 − IFR

D i2
D2

(5)

Ar,eff = 1 corresponds to plugged penetration or a closed-ended pile. Ar,eff = 0
corresponds to a vanishingly thin-walled pile for which there would be negligible radial
movement. The incremental filling ratio (IFR) is the incremental change in plug height
(Δhp) with incremental increase in driving depth (Δztip), IFR=Δhp/Δztip. In the absence of
measurements of IFR, the plug length ratio (PLR = plug length / embedded pile length)
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provides an indication of the mean IFR during installation. An equivalent pile diameter
(Deq) can be calculated based on pile geometry and plugging during installation, Deq =
(D2-IFR⋅Di2)0.5=D⋅(Ar,eff)0.5.

Table 2. Pile load test parameters
Pile
D (m)
ztip
ID
[t (mm)]
[Lemb]
(m)
TP-1
1.5
73.5
[28]
[66.5]
TP-2
1.5
86.0
[28]
[79.0]

Time
(days)

PLR
[Ar,eff]

Qt,0.1D
(MN)

35

>1.0
[0.073]
>1.0
[0.073]

32.0

Final
whead
(mm)
255

36.0

240

60

The piles were installed using an IHC S280 hydraulic hammer, with a maximum rated
energy of 280 kN-m at a stroke of 2.1m. Measurement of the plug length within the pipe
pile at the end of driving showed a soil level above the seabed, indicating that
installation occurred primarily in a coring (unplugged) manner. Plug heights greater
than the penetration depth are typically due to dilation of the soil plug in dense soils
(Foray et al. 1998) and a maximum IFR of unity is used in analyses.

During load tests, the head load was measured as the jacking force, and the axial load
distribution was monitored using 12 to 14 levels of strain gauging. The first two levels
of strain gauges corresponded to the seabed and the bottom of the thick Yurakucho clay
layer at 40m depth. Internal channels were used to protect the strain gauges during
installation.

The piles were loaded in 4MN increments until a load of 24MN was reached, and then
loaded in 2MN increments until a pile tip displacement of approximately 0.1D. Each
load step was maintained for at least 30 minutes, resulting in the duration for each load
test of approximately 12 hours. Pile head and base load-displacement curves are
presented for TP-1 and TP-2 in Figure 5 and 6, respectively.

Load tests were performed 35 to 60 days after installation (Table 2). Assuming a
coefficient of consolidation for the clay layers of approximately 10m2/yr, normalized
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time factors (Teq=ch⋅time/Deq2) of 5 to 10 are calculated. Teq factors between 5 and 10
relate to 80 to 90 percent consolidation of the clay layers at the time of load testing
(Randolph 2003).

Figure 4. Static load test setup
6.4. Back analysis methodology
6.4.1.

Shaft resistance in sand

Piezocone data, combined with an extension of the UWA method for predicting axial
pile capacity in siliceous sands (UWA-05; Lehane et al. 2005a, 2007b), has been used to
evaluate the shaft friction and base resistance of the test piles. The general expression
for unit shaft resistance, τf, is based on a Coulomb failure criterion (Lehane et al. 1993).
τ f = (σ' rc + Δσ' rd ) tan δf = σ' rf tan δ f

(6)

where σ'rc is the radial stress after installation and equalization, Δσ'rd is the change in
radial stress during pile loading, δf is the soil-pile interface friction angle, and σ'rf is the
radial stress at failure. For large diameter piles, the influence of Δσ'rd becomes small
(e.g. Lehane et al. 2005a, 2007b), and τf can be estimated directly from CPT tip
resistance, qt, using modification factors a, b and c, in Equation 7.
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Figure 5. Load settlement behaviour of TP-1 tipped in gravel
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Figure 6. Load settlement behaviour of TP-2 tipped in sand

White (2005) suggested the general form of Equation 7, linking the parameters a, b and
c to the main mechanisms governing shaft resistance as follows:
•

a:

relates to the drop in stress from qt to a maximum value of normal stress on the

pile wall after the pile tip has passed a soil horizon.
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•

b:

relates to the partial displacement of soil around the tip of an open-ended pile,

which leads to a lower radial stress and unit shaft resistance at the pile shoulder
compared to a closed-ended pile (or CPT). Cavity expansion analysis provides a
theoretical basis for this parameter in clays (Carter et al 1980) and in sands (White et
al 2005).
•

c:

relates to the local degradation of horizontal stress due to friction fatigue as the

pile tip penetrates deeper (Heerema 1980, Lehane 1992, White & Lehane 2004).

Based on the methodology outlined in Lehane et al. (2005a, 2007b), the calibration of
UWA-05 using a database of load tests with adjacent CPT profiles resulted in the
parameters summarized in Table 3. At present, UWA-05 is the only CPT-based pile
design method within API (2006) which specifically caters for all the mechanisms
mentioned above that influence pile capacity in sands.

Table 3. UWA-05 method parameters in siliceous sand
Loading
a
b
c
Compression
33
0.3
0.5
Tension
44

tan δ

Measured or f(d50)

The UWA method was originally developed for piles embedded in sand. These Tokyo
Bay test piles pass through layers of clay, silt and sand, and so the UWA method cannot
be directly applied to estimate shaft resistance without further calibration. The
framework given by Equation 7 and the subsequent bullet points are equally applicable
to clay. However, account should be made of the effects of drainage and consolidation
which lead to additional differences between pile and CPT behaviour and differences in
the a, b and c parameters given above.
6.4.2.

Modified qt-τf correlations for this site

For the purposes of back-analysing the Tokyo Bay piles, which pass through clays and
silts before being tipped in sand or gravel, it is necessary to reconsider the parameters
given in Table 3, which were calibrated only for sands. The task is to assess how the
parameters a, b and c may differ in other soils.
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In materials finer than sand, cone tip resistance may be undrained, or partially
consolidated, while axial pile capacity during static load testing is essentially drained.
To illustrate this behaviour, it is helpful to reduce Equation 7 to a single parameter,
k1=qt,avg /τf,avg, which has been used previously to compare average CPT tip resistance
and pile shaft capacity (e.g. Almeida et al. 1996, Eslami & Fellenius 1997):

1
=
k1

A r ,eff

b

tan δf
a

−c
⎡ 1 L
⎤
⎛h ⎞
∫ q t (h ) ⋅ max ⎜ ,2 ⎟ dh ⎥
⎢
⎝D ⎠
⎣⎢ L emb h =0
⎦⎥
q t ,avg
emb

(8)

Equation 8 shows that k1 tends to increase with pile slenderness as friction fatigue has a
more significant influence on mean unit shaft resistance: increased slenderness (i.e.
higher Lemb/D) leads to a reduction in the bracketed term of Equation 8. Also, partial
consolidation or undrained behaviour during cone penetration leads to higher values of
k1 in sands compared to silts, which are in turn higher than those in clays (Lehane 1992,
Eslami & Fellenius 1997). Since the cone parameter Q also increases with coefficient of
consolidation (or soil type) for a constant overconsolidation ratio (OCR) (Figure 3), k1
can be estimated as a function of Q. The purpose of such a link is to allow shaft
resistance in all types of soil to be estimated from qt.
Typical values of k1 have previously been proposed for particular soil types and for
typical ranges of in situ state (i.e., Q). These values of k1 range from 15 to 40 in clays
and 100 to 250 in silts and sands, respectively (e.g. Almeida et al. 1996, Eslami &
Fellenius 1997). For this Tokyo site, Q is typically in the range of 5 to 15 in the clay
layers, 50 in the silts, and 100 to 200 in the sands and gravels. The following equation
links these measurements with previous suggested values of k1:
⎛4
⎞
k1 ≈ min⎜ Q + 10,250 ⎟
⎝3
⎠

(9)

The resulting values of k1 range from 17 – 30 in the clay layers, increasing to 75 in the
silts, and up to 250 in the Tokyo gravel. It should be noted that Equation 9 has been
calibrated for ranges of Q at this site, and may be unconservative in softer NC clays or
loose sands and overly conservative in heavily overconsoldiated clays.
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Lehane et al (2000) note that k1 is influenced by factors other than simply soil type. In
clays, k1 is affected by su/σ'v0 (or OCR), sensitivity (St), plasticity index (Ip), and
relative voids index (Irv), in addition to friction fatigue, end condition and interface
friction angle, as mentioned previously for sands. Equations 7 and 8 separately account
for the influence of end condition and friction fatigue on the k1 parameter via the Arb
and (h/D)c terms.

It is more rigorous to separate out these mechanisms rather than use a single correlation
to capture the effect of soil type – indicated by the parameter Q – on all mechanisms
affecting shaft resistance. Equation 10 links Q to the ‘a’ parameter (in Equation 7) and
interface friction angle for this site.
a
⎛2
⎞
≈ min⎜ Q + 5,78 ⎟
tan δ f
⎝3
⎠

(10)

Values of a/tanδf are approximately half to one third of k1 due to the influence of
friction fatigue, as expressed in Equation 8. For Q values greater than 117, Equation 10
is limited by a/tanδf equal to 78. This value ties in with the UWA-05 method for piles in
compression using values of a = 33 and δf = 23 degrees. Lower interface friction angles
are associated with coarser grained sands and gravel (e.g. Lehane et al. 2005). Slightly
lower values of a/tanδ equal to 60 apply in the Edogawa sand layer, with Qavg of 83.
These values tie in with the UWA-05 method for δf between 28 and 29 degrees, which
is typical for fine sands.

Equation 10 therefore allows an improved back-analysis of the load test shaft resistance
to be made, using the full expression for shaft resistance (Equation 7). By changing the
‘a’ parameter into a function of Q, the effect of soil type is modeled.

There is less information available on the influence of soil type on the ‘b’ and ‘c’
parameters for Equation 7, but it is desirable to account for these differences. A binary
distinction between ‘drained’ and ‘undrained’ CPTU penetration resistance is
tentatively made at Δu2/σ'v0 = 1 for simplicity. ‘Drained’ parameters were taken based
on the UWA-05 method for sands. For ‘undrained’ CPTUs, the area ratio parameter, ‘b’,
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was taken as 0.1 based on Carter et al’s (1980) study into the difference between open
and closed-ended piles (for Ar,eff > 0.05), while ‘c’ was taken as 0.2 (Lehane et al 2000).
In summary, a back-analysis of the measured distribution of shaft resistance through the
mixed soils of Tokyo Bay has been achieved by extending existing empirical
relationships for pile capacity in sand by evaluating the mechanisms influencing CPT qt
and pile τf in other soils. The revised parameters used in Equation 7 are given in Table 4.
The purpose of this modification is to allow the effect of soil type to be incorporated
into a simplified correlation between τf and qt, using only normalised CPT parameters as
inputs. This back-analysis is compared to the measured data in section 5, after
discussion of factors influencing calculation of base resistance.

Table 4. Parameters used in Equation 7 for back analysis of compression load tests at
the Tokyo Bay site
CPT
Δu2/σ'v0
a/tanδf
b
c
Penetration
‘Drained’
<1
0.3
0.5
min(2/3Q+5, 78)
‘Undrained’
>1
0.1
0.2
6.4.3.

Base resistance in sand

To estimate the base resistance of large diameter piles from in situ test data requires
consideration of: (i) averaging of the in situ parameters to account for the differing
zones of influence of the in situ test and the pile; (ii) plugging: piles plug statically in
uniform deposits if the plug length is at least 5D in that layer (e.g. Randolph et al
1991b; Lehane & Randolph 2002), but the static plugging behavior may differ in
layered deposits; (iii) the stiffness of the soil below the pile will influence the fraction of
the ultimate (plunging) capacity that can be mobilized at acceptable levels of settlement
(typically 0.1D).

SPT N-values are usually measured at a vertical separation of 1.5m to 2m. There are
usually insufficient N-values in the zone influenced by the pile tip to conduct
meaningful averaging or to detect thin strata. This is a serious limitation in heavily
layered deposits, such as Tokyo Bay, since vertical as well as horizontal variability may
significantly influence the available pile base resistance.
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As shown in Figure 1 and expanded for Figure 7, CPTs provide a much more detailed
vertical profile of soil strength. Due to differences in the diameter of a CPT and a pile,
qt must be appropriately averaged. A discussion of different averaging techniques is
presented by Xu & Lehane (2005) and Lehane et al. (2007b).

Figure 7 highlights the variation in qt close to the tips of the test piles. Table 3
summarizes the average cone tip resistance for the two test piles using three common
methods:
(i) the arithmetic mean over a vertical range of ±1.5D (i.e., Bustamante & Gianeselli
1982);
(ii) the effective geometric average using pile outer diameter over up to +4D to -8D
(Eslami & Fellenius 1997);
(iii) the minimum path Dutch averaging technique over up to +4D to -8D (Van
Mierlo & Koppejan 1952, Schmertmann 1978).
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Figure 7. Cone tip resistance and SPT data in founding strata

For open-ended pipe piles, it is necessary to choose an appropriate effective diameter
when applying these methods. The total base resistance is the sum of the annular
resistance on the steel of the pile, Qann, plus any plug resistance, Qplug, mobilized on the
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soil within the pile (Lehane & Gavin 2001, Paik et al. 2003). As loading begins, the
annular resistance is mobilized first, whilst the soil below the plug undergoes
compression. If these mechanisms are considered separately, the zone of the influence
of the annulus is much smaller than the plug, and correspondingly more sensitive to
local layering.

Annular resistance is often linked directly to local cone tip resistance without additional
averaging, since the pile wall thickness is comparable to the CPT diameter (qann = αqt,
α=0.6 to 1.0; DNV 1992). When calculating installation resistance for a coring or
partially plugged open-ended pile, the effective diameter, Deff, calculated by considering
the effective area ratio is most logical. However, under static loading, failure occurs in a
plugged manner, so an area ratio of unity is appropriate, implying that the full diameter
of the pile should be used for averaging qt. Table 5 shows the averaged values of qt
found using the methods described above.

The following observations arise from Table 5:
(i) Average qt over ± 1.5D leads to slightly higher values than qt at the pile tip;
(ii) The Dutch method, when applied using Deq, leads to values of qt,avg that are 70 to
85% of qt.
(iii) The Dutch method, when applied using the inner pile diameter (which is more
logically applicable for static load testing), leads to values of qt,avg in the range
30 − 50% of qt.

These contrasting values of qt,avg highlight the need for additional research into qt
averaging for the assessment of pile base resistance for large diameter pipe piles in
layered deposits.

Table 5. Average cone tip resistance for evaluation of pile end bearing
Tip
qt
±1.5D
effective
Dutch
Depth
(MPa)
(MPa)
geometric
Di=
(m)
average
1.444m
(MPa)
(MPa)
73.5
80.7
84.4
50.0
23.8
86
42.1
47.9
35.4
19.6

Dutch
Deq=
0.406m
(MPa)
57.2
36.0
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6.5. Back analysis results
6.5.1.

Summary of back analysis approach

The back analysis of the piles is addressed in two stages:
1. Assess appropriate qb/qc,avg for the annulus and plug based on strain gauging
near the pile tip;
2. Apply modified τf-qc correlations developed for the range of Q in sands, silts,
and clays at this site, as discussed in Section 4.2.
The shaft resistance is added to the base resistance to develop back-analysed axial load
transfer curves for test piles TP-1 and TP-2, which are compared to measured strain
gauge data.
6.5.2.

Measured vs. back analyzed base resistance

Annulus and plug resistance were separated by studying the strain gauge responses
close to the pile tip. A sharp increase in the apparent local shaft resistance was observed
1.5D above the pile base on both test piles. This deviation was attributed to the onset of
load transfer via internal shaft resistance, and was used to evaluate the resulting plug
resistance, as described by Kikuchi et al (2005, 2007).

Table 6 summarizes the components of base capacity at a pile tip displacement (wtip) of
0.1D. It can be seen that despite the plug having an area more than ten times greater
than the annulus, the resistance on the annulus provides the majority of the base
capacity at wtip of 0.1D for TP-1 and approximately 40% of the base resistance for TP-2.
These surprising results arise because:
(i) for this layered site the average cone tip resistance applicable to the annulus is up to
4 times greater than that applicable to the plug due to the different zones of influence
(Table 5);
(ii) base resistance on the annulus is mobilized at smaller displacements than on the
plug due to compression of the soil near the tip of the pile, and the relative dimensions
of the plug compared to the pile wall.
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Table 6. Measured base resistance at wtip=0.1D on the pile annulus and the soil plug
Pile
Tip Depth
Annular
Plug
(m)
Resistance1
Resistance2
(MN)
(MN)
TP-1
73.5
8.2
7.5
TP-2
86
4.6
6.7
1
Area of pile annulus 0.13 m2
2
Area of pile plug 1.64 m2
Figures 8 and 9 summarize the mobilization of pile base resistance normalized to cone
tip resistance values for TP-1 and TP-2, respectively. Annular resistance is normalized
using a non averaged CPT qt. Plug resistance is normalized using the Dutch method
averaged with the internal pile diameter, Di. Despite higher average qt values, a much
higher proportion of qt,avg is mobilized along the annulus as compared to that on the plug.
These observations are in agreement with Lehane & Gavin (2001) and Paik et al. (2003)
who separated the components of plug and annular resistance using strain gauged
double walled piles. Annular resistance on TP-1 plateaus at approximately 0.8qt, while
TP-2 shows much higher resistance at 1.5qt. The higher resistance on TP-2 is attributed
to potentially higher qt values at the pile location as compared to those measured by the
CPT. This natural variability near the tip of TP-2 is indicated in Figure 7, which shows
qt increases from 40MPa to 70MPa within 1m of the base of TP-2.
The plug resistance for both piles is approximately 0.15 to 0.2 qt,Dutch averaged over the
pile inner diameter, in agreement with observations of Xu et al. (2005), among others.
For these low displacement piles, base stiffness is similar to that of a bored pile (Lehane
& Randolph 2002) and would require significant displacement to mobilize qt,avg despite
the pile failing in a plugged manner.

The following equation was used for end bearing in the back analysis.
Q b 0.1 = 1.0q t A ann + 0.15q t ,avg,plug A plug

(11)

The average cone tip resistance on the soil plug was calculated using the Dutch
averaging technique over the internal pile diameter. The cone tip resistance was not
averaged for calculating annular resistance.
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Figure 9. Mobilization of base resistance for TP-2
Neither test reached a steady value of plug resistance. Reviews of closed-ended pile
capacity indicate that an ultimate (plunging) capacity of qb/qt,avg in the range 0.6 − 1.0 is
achieved after sufficient settlement, often no more than 0.1D (White & Bolton 2005).
Since open-ended piles fail in a plugged manner, a similar plunging capacity should be
achieved after compression of the soil beneath the pile and within the soil plug.
However, these load tests, and all other published load tests on open-ended piles of
diameter >1.5m, were halted prior to the full mobilization of plunging capacity.

At the end of these load tests, the unit plug resistance was continuing to increase
approximately linearly at a rate of >1.0qb/qt,avg per diameter. For applications in which
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significant settlement can be tolerated this observation suggests that there may be
significant reserves of base capacity that are not exploited if capacity is defined by a
settlement criterion. In the case of these test piles in Tokyo Bay, the tangent base
stiffness at the end of each load test was ∼1MN per 10mm of settlement.
6.5.3.

Axial load transfer curves

The back-analysed axial load transfer curves for test piles TP-1 and TP-2 are shown in
Figures 10 and 11 respectively. These profiles correspond to a tip displacement of D/10.
As discussed in section 4, the shaft resistance profile has been calculated using an
extension of the UWA-05 method based on Equations 7 and 10, and the parameters
given in Table 4. The base resistance has been calculated using Equation 11 after
assessment of strain gauge response near the pile tip. Comparisons of the calculated and
measured capacity are given in Table 7.

Table 7. Comparison of back-analysed capacity at wtip = 0.1D
TP-1 (MN)
Qs
Qb
Qt
Qs
18.5
16.3
34.8
24.0
Calculated, Qc

TP-2 (MN)
Qb
10.2

Qt
34.2

Measured, Qm

16.3

15.7

32.0

24.7

11.3

36.0

Ratio Qc/Qm

1.13

1.04

1.09

0.97

0.90

0.95

The calculated base resistance matches the measurements well when using the full value
of qt on the annulus and 15% of the Dutch averaged (using the inner pile diameter) qt
value on the pile plug. Variability in cone resistance near the pile tip may have resulted
in higher apparent proportions of qt on the annulus. The magnitude and distribution of
shaft friction is predicted reasonably well over the length of the pile, particularly
considering the simple expression used for the sand, silt and clay layers. This expression
relies only on CPT parameters without supplementary laboratory data, although,
supplemental laboratory data would help refine input parameters and increase the level
of knowledge related to mechanisms influencing pile capacity.

In places along the profile, the predicted and measured shaft friction distribution tends
to be vertically offset, which can be attributed to natural soil variability. Matching of
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trends in driving resistance with trends in the CPTU profile could be used to update a
model after pile installation. Additionally, shaft friction in the Yurakucho clay above
40m tends to be overpredicted. This may have resulted from strain softening due to pile
compression or partial consolidation of the clay following pile driving.
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Figure 10. Comparison of predicted to measured axial load transfer along TP-1 for tip
displacement of 0.1D
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Whilst this back-analysis has been conducted after the event, the resulting approach has
a robust basis since it captures the governing mechanisms influencing shaft resistance,
including:
•

the influence of end condition on the increase in radial stress due to pile installation;

•

the effect of drainage and partial consolidation during cone penetration testing on the
relationship between CPT qt and radial stress at the pile wall after installation and
consolidation; and

•

the reduction in local shaft resistance with continued pile penetration (friction
fatigue) and strain softening of soft clay layers near pile head.

6.6. Conclusions

This paper describes the back-analysis of two static load tests on large-diameter pipe
piles in Tokyo Bay, and discussed factors influencing cone penetration tip resistance
and the relationship between CPTU parameters and pile capacity. It is concluded that:
Piezocone testing provides superior profiling of soil type and strength in a cost effective
manner compared to SPTs complemented by sampling and laboratory testing. This
comparison highlights the value of CPTU tests in order to aid the design of long piles in
layered soil deposits, such as those for the Tokyo port bay bridge.
•

Combined drilling and wireline CPTUs provides near continuous profiles of soil
strength in very dense sands and gravels. This information is of significant value
when evaluating the influence of soil layering in the vicinity of a pile tip.

•

Degree of consolidation during cone penetration testing and pile installation effects
the correlation between CPTU and pile (i.e., qb and τf) parameters. A correlation
between a/tanδ and Q has been developed to assess τf for typical CPTU parameters in
sands, silts, and clays at this site. Results agree well with existing empirical
correlations as well as site specific data, and further exploration of this approach
appears promising.

•

The base resistance of open-ended piles is influenced by resistance on the annulus as
well as resistance on the soil plug. Prior to full mobilization of the soil plug, it is
necessary to assess annular resistance as a direct fraction of CPT qt without local
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averaging, due to the small zone of influence. However, local variability will
therefore significantly influence qt, and thus estimates of annular resistance, as
observed for this site.
•

The correlation between CPT qt and base resistance on the pile plug needs to account
for the larger diameter of piles. The ‘Dutch’ averaging technique using the inner pile
diameter appears to be appropriate for the layered soil profiles at this site.

Open-ended piles require greater displacement to mobilize base capacity as compared to
a closed-ended pile of the same diameter. At the end of these load tests, the plug
resistance remained only partially mobilized and the tangent base stiffness was
significant. If structures can tolerate larger settlements, addition base capacity may be
available for design, but load tests to higher displacement are necessary to prove this
hypothesis.
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7. DATABASE ASSESSMENT OF CPT BASED DESIGN
METHODS FOR AXIAL CAPACITY OF DRIVEN PILES IN
SILICEOUS SANDS
ABSTRACT:
Numerous CPT based methods exist for calculation of the axial pile capacity in sands,
but no clear guidance is presently available to assist designers in the selection of the
most appropriate method. To assist in this regard, this paper examines the predictive
performance of a range of pile design methods against a newly compiled database of
static load tests on driven piles in siliceous sands with adjacent cone penetration test
(CPT) profiles. Seven driven pile design methods are considered, including the
conventional American Petroleum Institute (API) approach, simplified CPT alpha
methods and four new CPT based methods, which are now presented in the commentary
of the 22nd edition of the API recommendations. Mean and standard deviation database
statistics for the design methods are presented for the entire 77 pile database, as well as
for smaller subset databases separated by pile material (steel and concrete), end
condition (open vs. closed), and direction of loading (tension vs. compression). Certain
methods are seen to exhibit bias towards length, relative density, cone tip resistance and
pile end condition. Other methods do not exhibit any apparent bias (even though their
formulations differ significantly) due to the limited size of the database subsets and the
large number of factors known to influence pile capacity in sand. The database statistics
for the best performing methods are substantially better than those for the API approach
and the simplified alpha methods. Improved predictive reliability will emerge with an
extension of the database and the inclusion of additional important controlling factors
affecting capacity.

7.1. Introduction

The static axial bearing capacity (Qt) of a deep foundation is given as the sum of the
shaft capacity (Qs) and base capacity (Qb):
z tip

Q t = Q s + Q b = P ∫ τ f dz + q b A b

(1)

z tip − Lemb
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where P is the pile perimeter, τf is the local ultimate shaft friction, qb is the ultimate unit
base resistance, Ab is the pile base area, ztip is the tip depth and Lemb is the embedded
pile length. The value of qb (which is zero for a pile loaded in tension) is normally
limited to that mobilized at a pile tip settlement of 10% of the pile diameter.
A wide range of empirical approaches are currently used to calculate τf and qb for driven
piles in coarse grained soils. This range has arisen because of the inadequacy of existing
theoretical methods for prediction of the soil response during and after pile installation
coupled with the large number of variables known to affect pile axial capacities in sand
(Randolph 2003). Furthermore, Dennis & Olson (1983) concluded that while soil
density influences shaft friction and base capacity of open ended piles, interpretation of
the influence of density is highly uncertain due to poor definition of soil properties
along the length of a pile. Use of the cone penetration test (CPT) for site
characterization provides a large amount of repeatable information on the vertical
variability of soil strength and compressibility and therefore leads to increased design
reliability (i.e., Briaud & Tucker 1988). This paper and its companion paper (Chapter 8)
seek to assist designers in making informed decisions regarding axial pile capacity
based on an understanding of the basis of a given empirical approach and of the
associated relative level of uncertainty and bias.

While site specific static (and dynamic) load tests reduce the level of uncertainty for
onshore practice, load tests are prohibitively expensive in the offshore environment and
reliance is placed on extrapolation of empirical correlations derived for onshore
applications (McClelland et al. 1969). Although the derivation of τf and qb in equation
(1) for offshore piles in sand has historically been based on ‘visual classification
methods’ placed within frameworks of bearing capacity theory and an earth pressure
approach (McClelland et al. 1969), four Cone Penetration Test (CPT) based methods are
now included in the commentary of the 22nd Edition of American Petroleum Institute
(API) recommended practice (RP2A) for fixed offshore structures (2006). The CPT is
often thought of as a model pile and has a long history of use for estimations of static
axial pile capacity (Delft 1936). There are, however, a wide variation of CPT-based
design methods in use worldwide (e.g. DeCock et al. 2003) because the factors
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controlling axial pile capacity are influenced by more soil parameters than those
affecting the CPT tip resistance, qc, (e.g. Lehane et al. 1993).
Empirical design methods rely on calibration with databases of static load tests. The
number of published high quality case histories with adjacent CPT profiles remains
surprisingly small and hence previous calibration exercises make arbitrary and often
subjective assumptions to allow for issues such as (i) the effect of the pile end condition
(closed, open, or partially plugged), (ii) the interface friction angle between the in-situ
sand and concrete, steel or timber pile shafts, (iii) the selection of a design CPT qc
profile, (iv) the absence of reliable axial load data near pile tips to assess the relative
contributions of shaft friction and base resistance, and (v) the ratio of the shaft friction
in tension to that in compression. Adequate allowance for these factors requires division
of a database into relatively small database subsets.

This paper evaluates the predictive performance of the API RP2A static axial pile
design method and six CPT qc methods against a new database of load tests on driven
piles in siliceous sands at sites with CPT data3. Twenty design methods were assessed
during the initial phases of this study and two of the best performing simplified CPT
‘alpha’ methods are considered here. A general overview of the seven selected methods
is provided in the following after an initial description of the terms uncertainty and bias,
which aims to place the subsequent assessment of design method predictive
performance in context. Method reliability is discussed in a companion paper (Chapter
8) and a detailed discussion of end bearing formulations is presented by Xu et al. (2007).
Driven pile capacities in more compressible calcareous/micaceous sands or in sands
with high CPT friction ratios (Fr > 3%) are not discussed in this paper.
7.2. Uncertainty and bias

The level of uncertainty associated with empirical correlations (such as used for driven
piles) can be reduced through increased site investigation and testing, as well as
improved incorporation of the mechanics governing the behavior into the design model

3

All CPT data were collected with electric cone penetrometers except adjacent to the concrete piles at Drammen
and pipe piles at Padre Island. Mechanical CPTs at Drammen were shown to be equivalent to electric CPTs
performed at a later date (Lunne et al. 2003) while the mechanical and electric CPT qc values in the medium dense
sands at Padre Island were considered equal.
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(Zhang et al. 2004). The database of load tests on driven piles with adjacent CPT data
reported here is influenced to some degree by uncertainty in input parameters as well as
model uncertainty. This study minimizes errors associated with poor and discontinuous
site investigation data provided by the standard penetration test (e.g. see Dennis &
Olson 1983) as well as those induced by the dependence of pile capacity on installation
technique so that an assessment of the level of uncertainty related to any given method’s
capacity prediction may be obtained. Uncertainty in pile capacity predictions due to site
variability is not quantified as reported data at each site generally included one
representative CPT profile.

Statistical bias is defined as the systematic distortion of an expected result due to
neglect of controlling variables (Simpson & Weiner 1989). The influence of bias on the
quantification of (relative) reliability is discussed throughout this and the companion
paper. Developing a better understanding of where that bias lays and how it influences
calculations is necessary when using new design methods in practice. The
models/methods discussed in this paper make various assumptions related to variables
that influence the axial capacity of driven piles in siliceous sands. Linear trend lines are
fitted to plots of the ratio of the natural log of calculated to measured capacity
[ln(Qc/Qm)] against a design parameter (i.e., as defined in the Appendix, qc, qc1N, D, L,
Leff, IFR, time) to examine bias in design methods, or bias in subset database
characteristics. The influence of extrapolation bias due to design method formulation on
the calculation of relative reliability is discussed in the companion paper (Chapter 8).
7.3. API method

The API (2000, 2006) design method assumes that both τf and qb vary in direct
proportion with the free field vertical effective stress (σ'v0), but its imposed limiting
values on shaft friction (τf,lim) and end bearing (qb,lim) generally control the capacity of
long piles, such as those used offshore. τf is given as:
τf = K f ⋅ σ' v 0 tan δf = βs ⋅ σ' v 0 ≤ τf ,lim

(2)

where Kf is a coefficient of lateral earth pressure and δf the interface friction angle
between the soil and pile wall. For open-ended pipe piles driven unplugged, it is usual
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to adopt a Kf value of 0.8 for both tension and compression loading. Values of Kf for
full displacement piles (plugged or closed-end) are assumed to be 1.0, with
recommended values of δf contained in Table 1a. API (2006) combines Kf and δf into
the parameter βs (=Kf·tanδf) in Table 1b, implying that it is not appropriate to modify
the empirical method with a measured δf.

The unit end bearing at a tip displacement of 10% of the pile diameter, qb0.1, is
calculated using the bearing capacity factor (Nq) and the effective overburden stress
(σ'v0), which must be less than a limiting value (qb,lim); see Table 1a/b:
q b 0.1 = N q σ' v 0 ≤ q b,lim

(3)

Statistics from the database study of API RP2A presented in this paper are based on the
parameters in Table 1a for API-00. API (2006) removes some soils types from Table 1a
(which were considered to result in over-estimations of pile capacity), and therefore API
(2006) could not be applied to a large number of sites in the database.
Table 1a. API RP2A (2000) design guidelines for non-cohesive soils*
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Table 1b. API RP2A (2006) design guidelines for non-cohesive soils1

7.4. CPT ‘alpha’ methods

Although sleeve friction, fs, measured during a CPT has been related to pile shaft
friction (e.g. Begemann 1965), due to greater variability in fs measurements (among
other issues), qc based methods for shaft friction generally dominate practice. These
methods can simply be referred to as “alpha” methods, since qc is related to qb and τf by
a factor, α i.e.
q b = α b ⋅ q c,avg ≤ q b ,lim
τf =

(4)

qc
≤ τ f ,lim
αs

(5)

The calculation of pile end bearing from qc was the focus of early research in the
Netherlands, as piles were typically driven through soft clays to bear on a dense sand
layer. Meyerhof (1956) extended the research to include pile shaft friction, proposing
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approximate values of αs of 200 in sandy soils with αb =1 (when the tip depth to
diameter ratio exceeded 10). In a summary of current European practice, De Cock et al.
(2003) report design αb values ranging from 0.4 to 1.0 and αs values ranging from 50 to
400 for sandy soils. Some alpha methods impose limits on the maximum values of qb
and τf.

Two popular versions of the alpha method are discussed in this paper, namely LCPC-82
(Bustamane & Gianeselli 1982) and EF-97 (Eslami & Fellenius 1997). Parameters for
each of these methods are presented in Table 2. LCPC-82 is not considered applicable
to open ended piles (due to the database employed for its calibration), while the single
EF-97 formulation is presented as being equally applicable to pipe piles, concrete piles
and H-piles.

Table 2. Input parameters for selected CPT alpha methods in sandy soils

7.5. CPT based methods for offshore piles

The four CPT based methods now included in the commentary of the new 22nd edition
of the API RP 2A recommendations (2006) are referred to as:
•

Fugro-05 (Kolk et al. 2005a)

•

ICP-05 (Jardine et al. 2005)

•

NGI-05 (Clausen et al. 2005)
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•

UWA-05 (Lehane et al. 2005a).

These ‘offshore’ CPT methods are intended to better reflect the mechanisms that
influence the capacity of displacement piles in sand, and their formulations are provided
in Tables 3 and 4. The more complicated form of these expressions, compared to the
‘alpha method’, has arisen due to attempts by the respective authors to allow for factors,
other than qc, affecting pile capacity. This higher level of detail is clearly warranted
given that the methods are based on calibrations with static tests on relatively small
onshore piles while their intended use is for much larger offshore piles.
7.5.1.

Formulations for shaft capacity

The local ultimate friction (τf) that can develop on the shaft of a displacement pile in
sand is a function of the radial stress after installation and equalization (σ'rc), the change
in radial stress during loading (Δσ'rd), and the interface friction angle (δf) as (Lehane et
al. 1993):
τ f = (σ' rc + Δσ' rd ) tan δ f = σ' rf tan δ f

(6)

Two notable features included in the shaft capacity calculations for these four methods
are: (i) the recognition that τf in a given soil horizon reduces as a pile is driven deeper,
i.e., “friction fatigue” (Toolan et al. 1990, Lehane et al. 1993, Randolph et al. 1994,
White & Lehane 2004, and others) and (ii) open ended piles tend to have lower τf values
than closed ended piles. These issues are important for long, large diameter offshore
piles, which are primarily driven open ended in a coring manner.

Although refined based on different assumptions, the shaft friction formulations of ICP05, Fugro-05, and UWA-05 are generally similar. The equation formats are based on
studies with the instrumented jacked closed ended Imperial College Model Pile (Lehane
et al. 1993, Chow 1997), which showed that radial stress after installation and
equalization at a given depth is related to cone tip resistance and the distance above the
pile tip (h) normalised by the pile radius (R). ICP-05 was extended from the closed
ended jacked model pile studies to open end driven piles using studies performed at the
Dunkirk test site in France and a thorough evaluation of a database of pile load tests
(Chow 1997).
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Table 3. Offshore CPT based design methods for local shaft friction of driven piles in
siliceous sand
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Table 4. Offshore CPT based design methods for base resistance of driven piles in
siliceous sand
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Fugro-05 was modified from the design equations of Lehane & Jardine (1994) and
Chow (1997) and was primarily calibrated using τf values measured in load tests on
heavily instrumented 0.76m diameter driven pipe piles for EURIPIDES (Kolk et al.
2005b), Ras Tanajib II (Kolk et al. 2005c), and the micaceous sands at Jamuna Bridge
(Fugro 1995). A (relatively small) database of additional loads tests was used to assist
the calibration exercise (Kolk et al. 2005a). The method assumes that the interface
friction angle is relatively constant between sand types after installation of the pile and
that Δσ'rd is minimal for all database piles.

The separate effects of the pile end condition and friction fatigue are incorporated in the
Fugro-05 and ICP-05 methods using the h/R* term, where R* = (R2 – Ri2)0.5 and Ri is
the internal radius of a pipe pile. The UWA-05 method avoids the use of this lumped
approach and proposes a (h/D)-0.5 term to allow for friction fatigue and the following
effective area ratio term, Ars,eff, to allow for varying levels of soil displacement induced
in any given soil horizon during pile installation (White et al. 2005):
2

A rs ,eff = 1 − IFR

Di
D2

(7)

where IFR is the incremental filling ratio. The value of Ar,eff is a measure of the soil
displacement induced during installation, which has been shown experimentally by
Gavin & Lehane (2003), and others, to influence the radial stresses developed on the
pile shaft. As Ar,eff equals (R*/R)2 when IFR is equal to unity, the h/R* term in Fugro05 and ICP-05 can be expressed as a product of (h/D)-c times the area ratio, Ar, raised to
the power of ‘c/2’ i.e. there is inter-dependence of the two terms capturing the effects
of friction fatigue and end condition, each of which is controlled by different factors.
Friction fatigue depends on the number and characteristics of the installation cycles (e.g.,
White and Lehane 2004), while the degree of partial plugging tends to reduce as the pile
diameter increases.

The formulations proposed by NGI-05 differ in format to the other three CPT methods.
Cone tip resistance is included through a specified correlation between nominal relative
density and normalized cone tip resistance. Friction fatigue is based on the floating
triangle distribution of τf using z/L degradation of local shaft friction (Toolan et al.
1990), as opposed to the pile diameter dependent terms, h/D or h/R, recommended by
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other methods. As parameters for differences in end condition and material type are
fixed (unlike the three other offshore CPT based methods), they are tied to the
characteristics of the database and additional bias may arise when extrapolating to other
soil types and pile geometries.

All methods assume that the ultimate shaft friction mobilized in tension is lower than
that in compression. Fugro-05 assumes different τf distributions under tension and
compression loading while the three other methods apply equivalent ft/fc multiples on
the total shaft friction of between about 0.7 and 0.8.
7.5.2.

Formulations for end bearing

End bearing formulations for the four ‘offshore’ CPT methods are summarized in Table
4. Each method is quite different, with the ratio of qb to an average qc value in the
vicinity of the pile tip being assumed to vary with the pile diameter in ICP-05, with
relative density in NGI-05, with cone tip resistance in Fugro-05 and with the effective
area ratio in UWA-05. A critical review of these end bearing formulations is presented
in Xu et al. (2007).
7.6. Database characteristics

A database of static load tests was compiled by the authors and is referred to here as the
UWA database. It was derived primarily from the geotechnical literature, with
information on additional case histories provided by Fugro Engineers, B.V., the
California Department of Transportation (Caltrans), the Florida Department of
Transportation, the Louisiana Transportation Research Center (LTRC), Imperial
College London, and the Norwegian Geotechnical Institute (NGI). Primary differences
between this database study and previous studies include:
y

All CPT data were digitized to a depth interval of 0.1m or smaller. The digitization
of profiles minimizes ambiguity and errors associated with selection of a “design
profile”. The study showed that this level of detail was required to obtain an
adequate assessment of offshore CPT methods (each of which predicts distributions
of τf /qc along the pile shaft).

y

Although the database contains static pile test data at sites which only contain SPT
data, these data were not included in this assessment of CPT qc-based correlations
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because of the significant uncertainty associated with deriving an equivalent qc
value from an SPT N blowcount and the reduced level of detail in vertical soil
variability provided by a typical SPT profile.
y

Piles included in the database were limited to impact driven piles. No jacked piles,
vibratory driven piles or bored piles were included due to the influence of
installation method on pile capacity.

y

The database was limited to sites where the pile tip was bearing in a siliceous sand
layer and where siliceous sand contributed to more than 50% of the shaft capacity.

In total, the data from over 200 pile load tests were processed. This database was
filtered and subdivided into five categories comprising a total of 77 load tests; the
statistics presented in this paper relate to these load tests. Typical reasons for exclusion
of pile load tests from database analyses are summarized above. In addition, (i) re-tests
on piles at the same pile embedment; (ii) piles with a diameter less than 0.2m and (iii)
piles with an embedded length less than 5m were all omitted from consideration.
Characteristics of the pile load tests considered within this study are contained in Tables
A1 to A5 of the appendix to this paper.

The database subsets examined are:
•

Closed Ended Concrete Piles in Compression (CECC) – 17 piles

•

Closed Ended Steel Piles in Compression (CECS) – 15 piles

•

Closed Ended Piles in Tension (CET) – 12 piles

•

Open Ended Steel Pipe Piles in Compression (OEC) – 17 piles

•

Open Ended Steel Pipe Piles in Tension (OET) – 16 piles

The database of closed ended piles in tension was not separated further into steel and
concrete piles due to the small number of load tests from different sites for this category
of test. The use of this database subset was justified later when insignificant bias was
observed when comparing closed ended steel and concrete piles in compression.

Pile capacity in tension was defined as the maximum uplift load less the pile weight.
Pile capacity in compression was defined at a tip displacement of 10% of the pile
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diameter (0.1D). In 6 of the 77 cases, neither a tip displacement of 0.1D or a plunging
failure was reached during a load test. For those cases, hyperbolic extrapolation using
the Chin (1978) method was used to estimate capacity at a displacement of 0.1D.
Extrapolation typically led to a 5% increase in the maximum measured capacity and did
not exceed 15%. Maximum measured loads and associated tip displacements are also
indicated in Tables A1 to A5, when available.

Histograms of soil relative density, pile geometry, and load test characteristics are
presented in Figure 1 for the UWA database. Nominal relative density for an assumed
normally consolidated sand (Dr) has been estimated as a function of the normalized
cone tip resistance (qc1N) using the following empirical relationship (Jamiolkowski et al.
2003):
D r = 0.35 ln(q c1N 20)

where

(8a)

qc1N=(qc/pref)/(σ'v0/pref)0.5 and pref=100 kPa

(8b)

To account for soil layering, the plotted relative densities have been weighted based on
the shaft friction distribution estimated using the UWA-05 method.

For 64 of the 77 piles, CPT friction ratios were also available at the test sites. Weighted
average normalized tip resistance and friction ratio (Fr) for each site are plotted on a soil
behavior type chart in Figure 2, which was developed based on recommendations of
Robertson & Wride (1998).

Based on Figures 1 and 2, it is apparent that:
y

Piles in the database typically have a capacity less than 5 MN.

y

The database of 77 piles consists primarily of piles with diameters less than 0.8m.

y

While pile lengths vary from 5m to 80m, most piles are between 10m and 20m.

y

The 77 pile database contains a relatively even and wide range of nominal sand
relative density, although individual subset databases may be biased towards
specific sand densities.

y

The time between installation and load testing is typically less than 4 weeks.

y

Most soils in the database classify as clean sand to silty sand in Zone 6 with some
points in Zone 5 (silty sand to sandy silt). Assuming a near zero value of the pore
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pressure parameter Bq, these soil behavior types correspond to Zones 5 and 4 of the
Eslami & Fellenius (1997) classification chart mentioned in Table 2.

Figure 1. Frequency of occurrence of soil and pile parameters within analysed database

191
Schneider, J.A., Xu, X., and Lehane, B.M. (2008). Database assessment of CPT based design methods for axial
capacity of driven piles in siliceous sands, ASCE Journal of Geotechnical and Geoenvironmental Engineering, (in
press).

Figure 2. Soil behavior type classification (after Robertson & Wride 1998) for average
CPT parameters corresponding to 64 load tests within the database
Future analyses of the omitted tests will provide more information to assist CPT based
design for piles in non-siliceous sands, residual soils and aged deposits. It is noted that
all of the prediction methods considered tended to over-predict pile capacity in
calcareous or micaceous sands and under-predict pile capacity in residual soils. In
addition, measured capacities at a given site tended to increase with time.
7.7. Calculation procedures

A spreadsheet was developed to calculate axial pile capacity in sandy soils based on
CPT parameters. For shaft friction calculations, discretization for numerical integration
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was set at 0.1m intervals. Method input and the accuracy of numerical integration using
the spreadsheet solution was validated using integral solutions of pile capacity in
uniform sand profiles. Soils with constant relative density of approximately 0.4 and 0.8
were analysed for open and closed ended piles of 10m and 70m length, with diameters
of 0.5m and 1m. The verification studies showed that spreadsheet calculations were
within 0.5% of the integral solutions for all methods and cases using a discretization
interval of 0.1m (Lehane et al. 2005b).

The following assumptions were also made in the absence of site specific data:
y

The in-situ bulk unit weight was 19 kN/m3.

y

For the ICP-05 and UWA-05 methods, if δf was not measured in a laboratory
interface tests, δf was estimated as a function of D50 or sand description (i.e., fine,
medium, coarse) as discussed in Lehane et al. (2005a). If no grading data were
available, δf was assumed to be 29o.

y

For UWA-05, when profiles of IFR were not available, IFR was assumed equal to
the final filling ratio (FFR) and taken as either the plug length ratio (PLR) or
estimated as a function of pile inner diameter (Lehane et al. 2005a).

y

Based on a number of studies relating CPT data to shaft friction of displacement
piles in clay (e.g. Lehane et al. 2000) and to avoid introducing unnecessary
complexity, the analyses assumed a fully equalised ultimate shaft friction value of
qt/35 to calculate the contribution of the clay layers within the sand profiles at the
test sites. The time between installation and load testing of the test piles was such
that, for those involving clay layers, full equalisation of pore pressures was expected
to be effectively completed.

Additionally, the equivalent radius (Req) or diameter (Deq) for square piles (for use in
‘offshore’ pile design method ‘friction fatigue’ formulations) is derived assuming
equivalence in area i.e. Deq = 2B/π0.5, where B is the side width of the square pile
(Jardine et al. 2005).
7.8. Relative performance of methods

The ratio of the calculated to the measured capacities (Qc/Qm) for each method was
evaluated and the predictive performance was expressed in terms of the geometric mean
(μgR) and the standard deviation of the natural log of the Qc/Qm ratios (σlnR). These
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statistical parameters, as well as sample median, are summarized in Tables 5 through 8
for each of the database subsets discussed above, as well for the entire database. The
LCPC-82 method may not have been initially intended for application to open ended
piles, but performance is presented for discussion purposes. To prevent bias towards
sites with multiple tests of similar pile geometry, the average Qc/Qm ratio of similar
piles at the same site was used in statistical analysis. A pile with a similar geometry was
defined as one constructed of the same material with the same end condition in a sand
deposit where the qc values at the respective pile locations are within 10% of their
average and where diameters and pile lengths differ by less than 15%. Multiple piles of
similar geometry at the same site are indicated in the Tables A1 to A5.

Figure 3 illustrates the well known (Toolan et al. 1990, Chow 1997) bias towards
density (weighted average normalized cone tip resistance along the pile shaft) and tip
depth for API-00. Figure 4 shows bias plots towards weighted average cone tip
resistance for the six CPT based methods discussed. To account for the influence of
layered profiles on average parameters, cone tip resistance is weighted by the inferred
local shaft friction at a specific depth. The shaft friction distribution of the UWA-05
method is used for weighted averaging, although, similar values are obtained when
using shaft friction distributions of ICP-05 or NGI-05.

Figure 3. Bias towards density (weighted qc1N) along pile shaft and effective pile length
for API-00
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Table 5. Performance of design methods for closed ended concrete (CECC) and steel
piles (CECS) in compression

API-00
LCPC-82
EF-97
Fugro-05
ICP-05
NGI-05
UWA-05

μgR
0.99
1.20
1.25
1.16
0.94
0.96
0.88

CECC
median
0.90
1.23
1.38
1.24
0.93
0.99
0.89

σlnR
0.36
0.27
0.17
0.33
0.24
0.30
0.24

μgR
0.55
0.95
1.22
1.14
0.88
1.10
0.93

CECS
median
0.63
0.84
0.96
1.02
0.85
0.89
0.84

σlnR
0.46
0.33
0.33
0.33
0.35
0.33
0.33

Table 6. Performance of design methods for closed (CEC) and open (OEC) ended piles
in compression

API-00
LCPC-82
EF-97
Fugro-05
ICP-05
NGI-05
UWA-05

μgR
0.76
1.08
1.24
1.16
0.92
1.02
0.90

CEC
median
0.81
1.12
1.23
1.16
0.89
0.94
0.85

σlnR
0.50
0.31
0.25
0.32
0.29
0.32
0.28

μgR
0.72
1.44
2.34
1.13
0.87
1.00
0.96

OEC
median
0.84
1.41
2.38
1.18
0.98
1.02
0.95

σlnR
0.59
0.21
0.28
0.31
0.29
0.25
0.19

Table 7. Performance of design methods for closed (CET) and open (OET) ended piles
in tension

API-00
LCPC-82
EF-97
Fugro-05
ICP-05
NGI-05
UWA-05

μgR
0.84
1.33
1.02
0.78
0.88
0.92
0.85

CET
median
0.79
1.44
1.09
0.89
0.84
0.90
0.89

σlnR
0.90
0.65
0.47
0.38
0.31
0.42
0.29

μgR
0.73
1.26
1.25
0.92
0.96
1.04
0.97

OET
median
0.66
1.23
1.21
0.85
0.92
0.97
0.98

σlnR
0.64
0.46
0.25
0.32
0.16
0.29
0.19

Table 8. Performance of design methods for entire 77 pile database

API-00
LCPC-82
EF-97
Fugro-05
ICP-05
NGI-05
UWA-05

μgR
0.76
1.23
1.40
1.04
0.91
1.01
0.92

Entire Database
median
0.78
1.27
1.36
1.11
0.92
0.96
0.90

σlnR
0.60
0.40
0.42
0.35
0.27
0.31
0.25
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Figure 4. Potential bias towards weighted average qc along pile shaft for CPT methods
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Inspection of Figures 3 and 4 along with statistics provided in Tables 5 through 8
indicates inconsistent performance between methods for each database subset. Some of
the differences are a function of the soil consistency and pile geometry within each
database subset, although differences also result from method formulation. General
observations of method performance are summarized as follows:
API-00 has the highest coefficient of variation (COV 4 ) for each of the subset

y

databases, which is two to four times higher than the COV of CPT based methods.
y

Bias in length and density result in apparently conservative statistics towards the
database for API-00, although the same method gives Qc/Qm =3.4 for the tension test
on the 23.5m long pile in loose sand at Drammen, Norway. This tendency towards
un-conservatism for longer piles in looser sand has been identified previously (e.g.,
Toolan et al. 1990) and is discussed in more detail in Chapter 8.

y

As indicated in Figure 4, all CPT methods significantly overpredicted the
compression capacity of closed ended steel piles at Lock & Dam 26 by
approximately a factor of two. It is uncertain whether the poor predictions resulted
from scale effects on CPT qc measurements in the gravelly sand, site variability or
other factors. In the original reference, Briaud et al. (1989b) also note that the
measured capacities are unusually low as compared to predictions using CPT based
methods.

y

No consistent trends were observed regarding the ability of a given method to
predict the difference in capacity between a steel and concrete pile. Each method
accounts for steel and concrete piles in different ways, with EF-97 and Fugro-05 not
distinguishing between the two material types. Evidently, due to the small database
of sites and pile sizes, variability in method performance due to pile geometry and
soil consistency exceeds variability in pile capacity due to material type.

y

LCPC-82 tends to have a bias towards cone tip resistance. On average, the method
over-predicts the capacity of database piles by about 40%. Predictions can, however,
exceed measured capacities by a factor of up to 4.
The use of a constant αs for sand in the EF-97 method tends to eliminate the bias

y

towards cone tip resistance observed for LCPC-82.

4

COV=[exp(σln2)-1]0.5, and is approximately equal to σln for σln < 0.5.
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y

The simplified α CPT methods over-predict the capacity of open-ended piles in
tension and compression. As these methods do not recommend differences in
capacity calculation for open-ended piles, and may or may not have been intended
for analysis of these types of piles, differences in method performance highlight the
importance of distinguishing open and closed ended piles. Predictions for piles in
compression are much worse than for piles in tension, indicating significant errors in
the respective end bearing formulations; see Xu et al. (2007).

y

Fugro-05 tends to over-predict the capacity of piles in compression and slightly
under-predict the capacity of piles in tension. This tendency is believed to be partly
related to the end bearing formulation, which allows qb/qc to be greater than unity
(Xu et al. 2007), and to the comparatively high friction fatigue (h/R*) exponent of
0.85 to 0.9.

y

NGI-05 tends to be slightly less conservative (μg ≈ 0.9 to 1.1) and less precise (σlnR
= 0.25 to 0.4) than UWA-05 and ICP-05 (μg ≈ 0.85 to 1.0, σlnR ≈ 0.2 to 0.3).

y

UWA-05 generally has improved performance for the database of open ended piles
in compression (μgR=0.96; σlnR=0.19) as compared to other methods. This is
primarily considered due to treatment of the influence of partial plugging on end
bearing (as well as shaft friction) within the framework for UWA-05 (Xu et al.
2007).

7.9. Summary and conclusions

Static axial pile design in sands is still an area of great uncertainty. This paper has
discussed a number of static design methods, which roughly cover the evolution from an
earth pressure based approach to simplified CPT alpha methods, to more detailed CPT
based methods developed for extrapolation to offshore piles. A relatively large database
of pile test sites in siliceous sands with CPT data is presented, which covers a
representative range of sand relative density, although pile geometry is more typical of
onshore conditions than those offshore. Database studies show that the COV has
reduced with each of those improvements in design theory, with API-00 having a σlnR of
0.4 to 0.9 which is biased to database subset characteristics, CPT alpha methods having
a σlnR on the order of 0.3 to 0.6, and offshore CPT methods having a σlnR of 0.2 to 0.4.
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While this trend of improving statistics is encouraging, the following limitations should
be noted:
y

As pile geometry (length, diameter, end condition, direction of loading) and soil
profile (density, in situ stress state, soil layering) appear to be the most significant
factors influencing axial pile capacity for the range of pile sizes within the database,
the relative size of the subset databases is too small to assess the influence of minor
features. These minor features may be of significant importance when extrapolating
to pile geometries and soil conditions outside of the database.

y

Many more load tests would be necessary to attempt an unbiased regression analysis,
and presented statistics are significantly biased towards the soil and pile conditions
within this database. Direct application of statistics from database studies to
calibration of resistance and safety factors and reliability analyses should be used
with caution, as the potential for extrapolation bias may be more significant than
σlnR. Applications of these results to reliability analyses for offshore piles are
addressed in more detail by Chapter 8.

Despite these limitations, the evaluation presented in this paper has indicated that:
y

The API-00 method performs poorly against database piles. An investigation into
bias of the method (Chapter 8) is required to explain why the method has shown
acceptable performance in practice.

y

CPT alpha methods need to distinguish between open and closed ended piles.
Assuming qb/qc of unity within EF-97 leads to much larger errors for open ended
piles than qb/qc of 0.4 to 0.5 recommended by LCPC-82. Extrapolation of alpha
methods to piles outside of database characteristics may be expected to lead to
greater uncertainty than the four ‘offshore’ CPT-based methods.

y

The more detailed method formulation of UWA-05 (which is based on recent
research into the controlling mechanisms influence pile capacity in sands) is thought
to be the primary reason for its slightly better predictive performance against the
database than that of ICP-05, NGI-05 and Fugro-05.

y

None of the published methods are equipped to deal with the complex time
dependant behavior of driven piles in sands.
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Appendix
Tables A1 through A5 presents summary information for load tests in the database discussed in
this paper. A short description of each column is listed below.
Column
1
2
3
4
5
6
7

Heading
ID
Site
Pile No.
Pile Material
Pile Shape
B or D (m)
t (mm)
ztip
[Leff]
(m)
[Leff]
(m)
Water
Table
(m)
Time (days)

Description
ID number for UWA database
Site name based on descriptions in reference
Pile identification
Material from which pile was constructed
Exterior shape of pile
Outer width (B) of square or octagonal piles or diameter (D) of circular piles
Wall thickness of open ended piles

12

Avg qc1N tip

Average normalized cone tip resistance at pile tip, using Dutch averaging technique

13

Avg Fr (%)

Weighted average CPT friction ratio, based on UWA-05 shaft friction formulation

8a
8b
9
10
11

14

Tip depth of pile. Only one pile (ID 116 at Hunters Point) had an embedded length
less that tip depth, with that value contained in a footnote below the table.
Of interest is the “effective length” of the pile, which is the length behind the tip in
which 80% of the pile shaft friction is estimated to be generated using the UWA-05
Depth to water table at time of driving

Time between installation and load testing
Weighted average normalized cone tip resistance, based on UWA-05 shaft friction
Avg qc1N shaft
formulation

Dbase Qt (MN) Pile capacity at a tip displacement of 0.1D, used in database assessment of Qc/Qm

15a

Max Qt (MN)

15b

[w (mm)]

16

Clay Qs (MN)

17

Avg IFR

18

No. Piles

19

Reference

Maximum load measured in pile load test
Maximum displacement measured in pile load test. This value is contained in
[brackets] below the maximum load value.
Estimated value of shaft friction occurring in clay layers
Weighted average incremental filling ratio (IFR) of open ended pile, based on UWA05 shaft friction formulation. The IFR was estimated from (a) continuous field
measurements; (b) plug length ratio measured at the end of driving; (c) as a function
of pile inner diameter after Lehane et al (2005a).
Number of “similar” piles at same site. Qc/Qm for piles at a site with this value
greater than one were averaged prior to assessment of database statistics to minimize
the potential for bias towards a given site.
Reference which contains information describing pile load test.
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Fittja Straits

Jonkoping

Jonkoping

Jonkoping

Ogeechee River

Tickfaw River

Tickfaw River

117

118

119

127

130

131

Drammen

108

112

Drammen

107

Drammen

Drammen

106

111

Drammen

105

Drammen

Cimarron River

104

110

Baghdad

102

Drammen

Baghdad

101

109

Site

ID

TP1

TP2

H-2

p26

p25

p23

D

E

E

E

E

E

D/A

A

p2

p2

Concrete

Concrete

Concrete

Concrete

Concrete

Concrete

Concrete

Concrete

Concrete

Concrete

Concrete

Concrete

Concrete

Concrete

Concrete

Concrete

Concrete

Material

No.

p1

Pile

Pile

Square

Square

Square

Square

Square

Square

Square

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Octagonal

Square

Square

Shape

Pile

0.61

0.61

0.406

0.275

0.235

0.235

0.235

0.28

0.28

0.28

0.28

0.28

0.28

0.28

0.61

0.253

0.253

(m)

B or D

-

-

-

-

-

-

-

-

-

-

-

-

-

-

-

-

-

(mm)

t
[Leff]
(m)
11
[6.8]
15
[9.4]
19.5
[13.1]
8
[4.9]
16
[11]
7.5
[4.5]
11.5
[7.6]
15.5
[10.7]
19.5
[12.2]
23.5
[12.9]
12.8
[8.2]
16.8
[10.9]
17.8
[10.9]
16.2
[10.5]
15.2
[8.2]
32
[26.1]
25.9
[20.3]

ztip

1

1

1.5

1.3

1.3

1.3

2

1.7

1.7

1.7

1.7

1.7

1.7

1.7

1

6

6.2

Water
Table
(m)

?

?

0.5

>1

<1

>1

5

?

?

?

?

?

?

?

?

42

88

(days)

Time

43

41

130

91

114

93

42

49

41

39

41

50

39

48

111

54

qc1N
shaft
60

Avg

11

24

112

78

144

112

39

62

50

32

27

21

32

25

37

49

qc1N
tip
38

Avg

0.77

0.77

0.25

0.44

0.46

0.44

0.44

0.41

0.42

0.39

0.39

0.4

0.4

0.39

0.42

2.6

Fr
(%)
2.63

Avg

2.47

2.96

2.75

1.4

1.65

1.72

0.34

0.84

0.64

0.47

0.33

0.21

0.49

0.28

3.56

1.61

Qt
(MN)
0.98

Dbase
Qt (MN)
[w (mm)]
1.1
[110]
1.61
[29]
3.56
[65]
0.29
[39]
0.5
[41]
0.21
[32]
0.33
[30]
0.48
[35]
0.65
[32]
0.9
[40]
0.36
[35]
1.72
[50]
1.5
[14]
1.4
[50]
3.16
[133]
2.6
[19]
2.35
[25]

Max

0.53

1.04

-

0.07

0.06

0.06

0.03

-

-

-

-

-

-

-

-

-

Qs
(MN)
-

Clay

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

IFR

Avg

1

1

1

3

3

3

1

1

1

1

1

1

1

1

1

1

1

Altaee et al.
1992
Altaee et al.
1992
Nevels &
Snethen 1994
Gregersen et al.
1973
Gregersen et al.
1973
Gregersen et al.
1973
Gregersen et al.
1973
Gregersen et al.
1973
Gregersen et al.
1973
Gregersen et al.
1973
Axelsson
2000
Jendeby et al.
1994
Jendeby et al.
1994
Jendeby et al.
1994
Vesic
1970
Titi & AbuFarsakh 1999
Titi & AbuFarsakh 1999

No. Reference
Piles

Table A1. Characteristics of load tests on concrete closed ended piles in compression
(CECC)
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Ogeechee River

Pigeon Creek

Sermide

Lock&Dam 26

Lock&Dam 26

Lock&Dam 26

123

124

125

126

128

129

Hunter's Point

116

Ogeechee River

Hsin Ta

115

122

Hsin Ta

114

Ogeechee River

Hoogzand

113

121

Cimarron River

103

Ogeechee River

Akasaka

100

120

Site

ID

7-Mar

4-Mar

1-Mar

S

1

H-15

H-14

H-13

H-12

S

TP6

TP4

II

p1

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Material

No.

6C

Pile

Pile

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Shape

Pile

0.406

0.356

0.305

0.508

0.356

0.457

0.457

0.457

0.457

0.273

0.609

0.609

0.356

0.66

0.2

(m)

D

-

-

-

-

-

-

-

-

-

-

-

-

-

-

-

(mm)

t
[Leff]
(m)
11
[4.9]
19
[12.9]
6.8
[2.6]
34.3
[20.2]
34.3
[23.9]
9.2*
[6.1]
6.1
[2.6]
8.9
[4.5]
12
[6.7]
15
[8.1]
6.9
[3.0]
35.9
[19.6]
14.2
[7.8]
14.4
[7.9]
14.6
[8.0]

ztip

0

0

0

0

3

1.5

1.5

1.5

1.5

2.4

2

2

3.2

1

9

Water
Table
(m)

28

27

35

?

4

0.5

0.5

0.5

0.5

24

30

33

?

?

?

(days)

Time

234

235

235

91

203

131

134

144

155

88

74

62

430

112

qc1N
shaft
168

Avg

145

155

167

81

190

102

83

118

111

63

28

36

388

39

qc1N
tip
189

Avg

0.37

0.38

0.38

-

0.55

0.25

0.28

0.33

0.38

0.27

-

-

0.86

0.43

Fr
(%)
-

Avg

1.62

1.15

1.17

5.49

1.5

3.95

3.21

2.64

2.08

0.44

4.91

4.26

2.85

3.57

Qt
(MN)
1.21

Dbase
Qt (MN)
[w (mm)]
~1.5
[1000]
3.58
[80]
3.1
[64]
4.26
[78]
4.4
[21]
0.5
[83]
2.14
[130]
2.81
[132]
3.56
[131]
3.83
[61]
1.77
[150]
5.62
[84]
1.32
[76]
1.13
[33]
1.79
[76]

Max

-

-

-

0.29

0.01

-

-

-

-

-

0.61

0.72

-

-

Qs
(MN)
-

Clay

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

IFR

Avg

3

3

3

1

1

1

1

1

1

1

2

2

1

1

1

Briaud et al.
1989b
Briaud et al.
1989b
Briaud et al.
1989b

Appendino 1981

Nevels &
Snethen 1994
Beringen et al.
1979
Yen et al.
1989
Yen et al.
1989
Briaud et al.
1989a
Vesic
1970
Vesic
1970
Vesic
1970
Vesic
1970
Paik et al. 2003

BCP Com. 1971

No. Reference
Piles

Table A2. Characteristics of load tests on steel closed ended piles in compression
(CECS)
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Lock&Dam 26

Lock&Dam 26

Lock&Dam 26

I-880

I-880

208

209

210

211

Hoogzand

204

207

Drammen

203

Ogeechee River

Drammen

202

206

Drammen

201

Hsin Ta

Baghdad

200

205

Site

ID

2-W

2-T

8-Mar

5-Mar

2-Mar

H-16

TP5

II

E

D/A

A

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Concrete

Concrete

Concrete

Concrete

Material

No.

p1

Pile

Pile

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Square

Shape

Pile

0.61

0.61

0.406

0.356

0.305

0.457

0.609

0.356

0.28

0.28

0.28

0.253

(m)

B or D

-

-

-

-

-

-

-

-

-

-

-

-

(mm)

t
[Leff]
(m)
11
[6.8]
8
[4.9]
16
[11]
23.5
[12.9]
6.8
[2.6]
34.3
[17.5]
15
[8.1]
11
[6.0]
11.1
[6.1]
11.1
[6.1]
10.7
[4.8]
12.3
[5.8]

ztip

0

0

0

0

0

1.5

2

3.2

1.7

1.7

1.7

6.2

Water
Table
(m)

20

16

28

27

35

1.5

28

?

?

?

?

200

(days)

Time

459

455

222

222

221

131

54

430

49

38

49

qc1N
shaft
62

Avg

-

-

-

-

-

-

-

-

-

-

-

qc1N
tip
-

Avg

2.15

1.99

0.4

0.4

0.39

0.25

-

0.86

0.41

0.4

0.39

Fr
(%)
2.63

Avg

3.2

2

0.9

0.61

0.54

1.54

2.63

1.21

0.29

0.25

0.09

Qt
(MN)
0.58

Dbase
Qt (MN)
[w (mm)]
0.58
[65]
0.09
[18]
0.25
[37]
0.29
[37]
1.21
[57]
2.45
[21]
1.54
[10]
0.54
[62]
0.61
[43]
0.9
[60]
2
[32]
3.2
[38]

Max

0.29

0.21

-

-

-

-

0.18

-

-

-

-

Qs
(MN)
-

Clay

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

Closed

IFR

Avg

2

2

3

3

3

1

1

1

1

1

1

1

Altaee et al.
1992
Gregersen et al.
1973
Gregersen et al.
1973
Gregersen et al.
1973
Beringen et al.
1979
Yen et al.
1989
Briaud et al.
1989b
Briaud et al.
1989b
Briaud et al.
1989b
Vesic
1970
Olson & Shantz
2004
Olson & Shantz
2004

No. Reference
Piles

Table A3. Characteristics of load tests on closed ended piles in tension (CET)
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Hoogzand

Hound Point

Pigeon Creek

Shanghai

Shanghai

Trans-Tokyo Bay

SEUS

311

313

314

315

316

317

EURIPIDES

306

310

EURIPIDES

305

Hoogzand

Dunkirk zdh

304

309

Drammen

303

EURIPIDES

Drammen

302

308

Drammen

301

EURIPIDES

SFOBB

300

307

Site

ID

MT

TP

ST-2

ST-1

2

p

III

I

II

Ic

Ib

Ia

C1

25

25

16

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Material

No.

Bent E31R

Pile

Pile

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Shape

Pile

0.324

2

0.914

0.914

0.356

1.22

0.356

0.356

0.763

0.763

0.763

0.763

0.457

0.813

0.813

0.813

0.61

(m)

D

38.1

34

20

20

32

24.2

20

16

35.6

35.6

35.6

35.6

13.5

12.5

12.5

12.5

12.5

(mm)

t
[Leff]
(m)
13.3
[5.2]
11
[6.3]
15
[7.0]
25
[12.0]
10
[6.6]
30.5
[7.3]
38.7
[8.8]
47
[15.2]
46.7
[14.6]
7
[2.8]
5.3
[1.7]
26
[7.5]
7
[3.2]
79
[45.5]
79.1
[46.9]
30.6
[17.4]
42.4
[25.2]

ztip

3.7

0

0.5

0.5

3

0

3.2

3.2

1

1

1

1

4

3

3

3

0

Water
Table
(m)

21

52

35

23

4

21

19

37

6

11

2

7

68

2

2

2

25

(days)

Time

123

296

95

95

202

144

86

58

82

81

192

138

428

385

425
420

230

230

231

307

296

284

293

246

244

32

46
299

53

29

qc1N
tip
96

Avg

41

58

qc1N
shaft
318

Avg

1.29

-

-

-

0.56

-

0.9

0.86

1.54

1.32

1.43

1.22

0.85

0.64

0.42

0.58

Fr
(%)
1.53

Avg

3.58

34.68

17.08

15.56

1.03

7

1.85

2.27

19.5

19.5

13

8.25

2.94

2.7

1.89

1.21

Qt
(MN)
2.87

Dbase
Qt (MN)
[w (mm)]
2.71
[28]
1.6
[204]
2.05
[NA]
3.28
[NA]
2.82
[34]
11.6
[260]
16.26
[249]
23.41
[260]
21.53
[190]
2.5
[64]
2
[64]
7.5
[215]
1.28
[135]
16.36
[121]
17.82
[130]
34.68
[203]
3.72
[91]

Max

1
1
1
1
1
1

0.88c
0.88c
0.88c
0.78c
0.99a
0.97a

-

2
1
1
1
1
2
2
1
1

0.95a
0.66b
0.77b
0.95c
0.83a
0.80b
0.85b
1.00b
0.50b

-

0.02
1.72
1.74
1.32
0.32

0.44

-

2

0.96a
-

-

-

-

1

-

Shioi et al. 1992

Pump et al. 1998

Pump et al. 1998

Olson & Shantz
2004
Tveldt &
Fredriksen 2003
Tveldt &
Fredriksen 2003
Tveldt &
Fredriksen 2003
Jardine &
Standing 2000
Kolk et al.
2005b
Kolk et al.
2005b
Kolk et al.
2005b
Kolk et al.
2005b
Beringen et al.
1979
Beringen et al.
1979
Williams et al.
1997
Paik et al. 2003

No. Reference
Piles

0.83c

IFR

Avg

Qs
(MN)
0.66

Clay

Table A4. Characteristics of load tests on steel open ended pipe piles in compression
(OEC)
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EURIPIDES

406
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EURIPIDES

405

Hoogzand

EURIPIDES

404

408

Dunkirk zdh

403

EURIPIDES

Dunkirk zdh

402

407

SFOBB

Los Coyotes

Site

401

400

ID

A

A

MT

2-P

p

p

III

I

II

Ic

Ib

Ia

R1

C1

Bent E31R

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Steel

Material

No.

5

Pile

Pile

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Circular

Shape

Pile

0.508

0.508

0.324

0.61

1.22

1.22

0.356

0.356

0.763

0.763

0.763

0.763

0.457

0.457

0.61

0.356

(m)

D

12.7

12.7

38.1

19.1

24.2

24.2

20

16

35.6

35.6

35.6

35.6

13.5

13.5

12.5

11.2

(mm)

t
[Leff]
(m)
14.9
[8.9]
13.3
[5.3]
10
[6.6]
19.3
[12.6]
30.5
[7.3]
38.7
[8.8]
47
[15.2]
46.7
[14.6]
7
[2.8]
5.3
[1.7]
34
[13]
41
[18.7]
12.3
[5.8]
42.4
[25.2]
14.6
[9.9]
17.1
[11.9]

ztip

1

1

3.7

0

0

0

3.2

3.2

1

1

1

1

4

4

0

5

Water
Table
(m)

2

2

28

28

4

11

19

37

7

11

2

7

9

69

25

2

(days)

Time

115

127

130

461

140

172

420

425

296

284

293

246

234

299

320

qc1N
shaft
146

Avg

-

-

-

-

-

-

-

-

-

-

-

-

-

-

-

qc1N
tip
-

Avg

-

-

1.37

2.17

-

-

0.9

0.86

1.54

1.32

1.43

1.22

0.99

0.85

1.55

Fr
(%)
2.15

Avg

0.65

0.48

2.44

2

3.74

3.86

0.53

0.82

11

13.75

9.75

3

1.45

0.82

1.34

Qt
(MN)
1.51

Dbase
Qt (MN)
[w (mm)]
1.51
[26]
1.34
[34]
0.82
[46]
1.45
[31]
3
[76]
9.75
[36]
13.75
[72]
11
[76]
0.82
[20]
0.53
[10]
3.86
[25]
3.74
[NA]
2
[43]
2.44
[62]
0.48
[37]
0.65
[NA]

Max

1
1
1
1
1
2

0.83c
0.78c
0.78c
0.99a
0.97a
0.96a

0.66
-

1
1
1
1
1
1
1
1

0.66b
0.77b
0.95c
0.95c
0.82c
0.50b
0.87b
0.80a,b

0.41
0.34
0.4
0.32

-

-

2

0.95a
-

-

1

McClelland
1974
McClelland
1974

Olson & Shantz
2004
Olson & Shantz
2004
Jardine &
Standing 2000
Jardine &
Standing 2000
Kolk et al.
2005b
Kolk et al.
2005b
Kolk et al.
2005b
Kolk et al.
2005b
Beringen et al.
1979
Beringen et al.
1979
Williams et al.
1997
Williams et al.
1997
Olson & Shantz
2004
-

No. Reference
Piles

0.74c

IFR

Avg

Qs
(MN)
0.64

Clay

Table A5. Characteristics of load tests on steel open ended pipe piles in tension (OET)
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8. APPLICATION OF STATIC LOAD TEST DATABASES TO
RELIABILITY ANALYSES FOR OFFSHORE PLATFORMS
ABSTRACT:
This paper presents the results of analyses that quantify the relative reliability of a range
of methods, including new recommendations in the American Petroleum Institute RP2A
(2006), for evaluation of the axial capacity of a driven pile in siliceous sand; the study
employs the load test database described in a companion paper (Schneider et al. 2007a).
It is shown that a new method included in the commentary of API (2006), referred to as
UWA-05, has the highest relative reliability index of the methods considered and that it
provides the safest extrapolation of capacity from the database (comprising piles with a
mean diameter of about 450mm) to large diameter pipe piles commonly used offshore.
The paper also shows that the low incidence of failure of offshore foundation systems
designed using previous API recommendations is not associated with low levels of
uncertainty or conservatism in recommendations for single pile axial capacity and can
only be explained because of the exclusion of relevant factors from reliability
assessments. It is concluded that the reliable and efficient design of offshore piled
foundations requires improvements in our understanding of mechanisms influencing
foundation system capacity.
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8.1. Introduction

Reliability analyses are now being performed more routinely in geotechnical
engineering (e.g. Christian 2004, Hicks 2005), and have been used to aid the assessment
of safety factors for piled foundations and to assist the re-certification of fixed offshore
platforms (Tang et al. 1990, Lacasse & Goulois 1989, Bea et al. 1999, Paikowsky et al.
2004, Jardine et al. 2005). Input parameters for these analyses comprise the mean and
standard deviation of the pile resistance for particular loading conditions. Values for the
mean and standard deviation of the foundation resistance may be derived from database
studies that summarise the performance of a given predictive method against a database
of measurements using the ratio of calculated (or predicted) capacity to the measured
capacity (Qc/Qm); a companion paper (Schneider et al. 2007a) presents such an
assessment for the axial capacity of driven piles in siliceous sands with adjacent cone
penetration test (CPT) profiles. The results of that study allow designers to assess the
relative merits of four new CPT based design methods, which have been introduced to
the commentary of the 22nd edition of the American Petroleum Institute (API)
Recommended Practice for Fixed Offshore Structures (RP2A) (API 2006). The four
‘offshore’ CPT driven pile design methods for siliceous sands are referred to as Fugro05 (Kolk et al. 2005a), ICP-05 (Jardine et al. 2005), NGI-05 (Claussen et al. 2005), and
UWA-05 (Lehane et al. 2005a). Schneider et al. (2007a) present a discussion of the
formulations for each of those methods and compare these with the API (2000, 2006)
main text methods (API-00, API-06), and two CPT ‘alpha’ methods, LCPC-82
(Bustamante & Gianeselli 1982) and EF-97 (Eslami & Fellenius 1997).

A reasonable design method should result in consistently acceptable levels of reliability
for an expected range of conditions, or a low occurrence of failure. Low occurrence of
failure may result from two primary sources (Lacasse & Nadim 1994):
(i)

low uncertainty in a method through an accurate assessment of all physical
mechanisms influencing a design problem; or

(ii)

high levels of conservatism in the design method or in application of the
design method.

Uncertainty in the estimation of resistance (σln,R) can be further broken down into
uncertainty in the model (σln,Rm), uncertainty in the input parameters to that model
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(σln,Ri) as well as uncertainty due to small sample size (σln,Rs), which Wu et al. (1989)
express as:
σ ln,R = σ ln,Rm + σ ln,Ri + σ ln,Rs
2

2

2

(1)

The effects of sample size are not considered further here as the primary focus is to
quantify relative levels of uncertainty/reliability for different design methods. Whether
uncertainty exists within a predictive model or within the input parameters for that
model affects how an engineer approaches an investigation for a specific site. For
example, improving the degree of knowledge related to the input parameters of a given
design method is of little use if the predictions associated that method have a high level
of uncertainty. Additionally, design methods cannot be developed reliably if the vertical
distribution of soil type and strength is poorly quantified (Dennis & Olson 1983). This
paper explores whether the observed high level of reliability for offshore piled
foundations is related to (i) low levels of uncertainty, (ii) conservative bias in design
method formulation, or (iii) time dependent foundation system resistance. The potential
for extrapolation bias due to differences between the characteristics of database piles
and long, large diameter open ended offshore piles is also examined.

Statistics relating the ratio of calculated to measured capacity (Qc/Qm) are provided in
the companion paper (Schneider et al. 2007a) for the seven design methods considered.
However, these only provide an indication of actual reliability if they are adjusted to
account for uncertainty due to database size and characteristics (Wu et al. 1989, Zhang
et al. 2004). Offshore pile design loads in compression are typically an order of
magnitude larger than capacities indicated by the existing database of load tests on
onshore piles and the capacity extrapolated from these smaller piles depends
significantly on the particular design method employed. Figure 1 provides an illustration
of this sensitivity by presenting predictions for the capacity of a 2.4m diameter open
ended pile in a Gulf of Mexico sand profile (Lehane et al. 2005b). Changes in pile
capacity based on CPT qc methods tend to mirror the CPT qc profile in Figure 1,
although, the relative magnitude of variations in capacity induced by soil layering is
method specific. For a compression load of 70 MN and tension load of 30 MN, it is
evident that required pile tip depths vary by up to 15m (≡25% of the total pile length),
depending on the designer’s preferred prediction method. The choice of method can be
guided by assessment of each method’s predictive performance for a database of load
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tests on single piles. However, the reliability of a given method requires consideration
of the ability of that method to encapsulate the most important factors affecting axial
pile capacity.
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Figure 1. Comparison of design total capacities for API (2006) main text and commentary
methods at a Gulf of Mexico location (Lehane et al. 2005b). The dashed lines indicate pile
tip depths using API-00 for tension (30 MN) and compression (70 MN)
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8.2. Relative reliability of existing design methods

The probability of a foundation collapse and its associated costs are major concerns for
owners and operators. To quantify foundation reliability for offshore structures, it is
necessary to assess the uncertainty and bias in (i) loads, (ii) transmission of loads via the
structure to the foundation elements and (iii) foundation capacity. The database
assessment of CPT based axial pile design methods described in Schneider et al.
(2007a) only provides information related to foundation capacity and therefore the
reliability values derived in the following using this database should be regarded as
measures of relative (or nominal) reliability related to the axial capacity of piles - and
not actual reliability. Employing a database of static load test data to determine relative
levels of reliability is justified as the axial capacity of offshore piles is determined using
static design methods (McClelland 1974, Randolph et al. 2005) even though the loads
on offshore foundations are predominantly cyclic (McClelland 1974). Static capacity
and effects of cyclic loading are addressed separately for offshore piles (API 2000,
2006).

The recommendations in the first edition of API RP2A (1969) considered that for pile
penetrations greater than 30m (the approximate depth at which limiting shaft friction
values were applied in sand), a factor of safety of as low as 2 could be used for the
combination of operating loads with frequent storm events, and a factor of safety of as
low as 1.5 could be employed for maximum design loads including the effects of
extreme storm events (McClelland 1969). If “below average” site investigation
information was available, minimum factors of safety were raised to 3 and 2 for
operating and extreme environmental conditions respectively (Pelletier et al. 1993). API
(2006) currently maintains minimum recommended factors of safety between 1.5 and 2,
and suggests that higher factors of safety be considered when designing piles in
siliceous sands using CPT based methods.

Factors of safety can be related to the nominal probability of failure through the
reliability index, β (Christian 2004).
p f = 1 − Φ (β )

(2)

where Φ is the cumulative distribution function (CDF) of the standard normal
distribution. For this study, load and resistance are assumed to be uncorrelated. The
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correlation between load and resistance (ρQR) implies designer experience, i.e., if
designers are faced with higher loads for a similar design situation, they will select a
solution with a higher resistance (Harr 1987). Designer experience is highly variable
and ρQR and should be taken as zero without additional documentation. For uncorrelated
variables, the reliability index (β) can be calculated for a lognormal distribution as
(Christian 2004):
⎛R⎞
ln⎜ ⎟
⎝Q⎠
β=
σ 2 ln R + σ 2 ln Q

(3)

where σlnR is the standard deviation of the natural log of the resistance (R), and σlnQ is
the standard deviation of the natural log of the load (Q). The standard deviation of the
natural log of a variable is essentially equal to the coefficient of variation (COV) for
COV less than 0.5, and those two parameters are related as:

[

]

COV = exp(σ 2 ln ) − 1

0.5

(4)

For quantification of uncertainty in pile design methods, σlnR is often characterized
using a database of pile load test results, with uncertainty in design loading conditions
typically taken as a nominal value inferred from separate studies. When using the
lognormal distribution, the mean (λ) and standard deviation (σlnR) are defined using the
natural logarithm of the variables (Christian 2004), i.e., the ratio of calculated to
measured capacity (Qc/Qm) for load and resistance. The geometric mean of the load and
resistance are equal to exp(λ), and identified as μgQ and μgR in this paper and the
companion paper (Schneider et al. 2007a). The reliability index can be expressed as a
function of the applied factor of safety (FSA), the bias (μg), and the standard deviation
(σln):
⎛
μ gQ ⎞
⎟
ln⎜ FS A
⎟
⎜
μ
gR
⎠
β= ⎝
2
2
σ ln R + σ ln Q

(5)

The discussion presented here refers to a nominal reliability index since many factors
influencing uncertainty (σlnR and σlnQ) within the design process are ignored. For
nominal design loading conditions, σlnQ is taken here as 0.15 (Lacasse & Nadim 1994)
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and μgQ is assumed to be unity 5 . Considering unbiased extrapolation, a nominal
probability of failure is a lower bound of the actual system performance (Christian
2004) and factors of safety based on nominal probability of failure (or nominal β)
values may be unconservative. However, Bea et al. (1999) suggest that other factors
influencing foundation system design may result in higher system reliabilities than
implied by the nominal β value. Therefore, while this index is useful for assessment of
relative performance of design methods, it cannot be used for statistical quantification

of actual factors of safety or reliability without inclusion of all significant features
influencing uncertainty and bias.

Method performance is quantified using the geometric mean (μgR) and standard
deviation of the natural log (σlnR) of the ratio of calculated to measured pile capacity
(Qc/Qm). Figure 2 summarizes these parameters for the database and methods discussed
in Schneider et al. (2007a), and also plots the nominal reliability indices (β) inferred
from these parameters for a factor of safety of 2 (API 2006). Statistics are presented for
the 77 piles in the full database and for subset databases comprising closed-ended piles
loaded in compression and tension (CEC & CET) and open-ended piles loaded in
compression and tension (OEC & OET). The same conclusions are drawn when using
the sample geometric mean or median for calculations in Figure 2.
It is apparent that the values of μgR of the LCPC-82, EF-97 and Fugro-05 methods vary
significantly between subset databases i.e. these methods do not provide the same level
of under-prediction or over-prediction for all pile types. Such bias points to
inadequacies in these design approaches (e.g. see Schneider et al. 2007a and Xu et al.
2007) and to the high level of uncertainty associated with extrapolation to conditions
outside of those relevant to the (relatively small) subset databases. Inconsistent
predictive performance is also evident on examination of the range of standard
deviations (σlnR) for a given method e.g. API-00 and LCPC-82 indicate very wide
differences between the respective σlnR values for various pile types.

5

Noting that σlnQ varies with the relative proportion of live and dead loads.
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Figure 2. Statistical values (μgR, σlnR & β) for design methods based on database of
driven piles in siliceous sands presented by Schneider et al. (2007a).
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The nominal reliability indices plotted on Figure 2 show that ‘offshore’ CPT based pile
design methods perform better than API-00, LCPC-82 and EF-97, with β in the range of
2 to 3.5 for statistics from the full 77 pile database. While these indices are close to a
target reliability value 3.2 for ultimate limit state conditions (Phoon & Kulhawy 2002),
the actual prediction uncertainty is higher (and hence β is lower) due, for example, to
the small database sizes and the extent of the extrapolation required. The relatively low
levels of reliability for API-00 against a database of onshore load tests implied by
Figure 2, despite the apparent low probability of failure observed for offshore
foundations, is addressed through parametric studies of method formulation discussed
later.

Of greater concern when extrapolating to predict the capacity of large offshore driven
piles is the potential for bias in method formulation, which may not be apparent in a
database comprising much smaller piles. The strong effect of bias on the nominal
reliability index is illustrated in Figure 3 by plotting the β variation with the ratio of μgQ
to μgR for the ‘offshore’ CPT based methods using the σlnR value for the entire 77 pile
database, σlnQ of 0.15 (Lacasse & Nadim 1994) and FSA of 2. Evidently, unconservative extrapolation will significantly reduce the nominal β values when using a
relatively low FSA of 2, and some conservative bias or larger factors of safety are
needed to reach acceptable target levels of reliability.

Nominal Reliability Index, β

5
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UW A-05
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Full Database
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Figure 3. Nominal reliability index as a function of system bias for design methods and
database of driven piles in siliceous sands presented by Schneider et al. (2007)
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8.3. Quantifying extrapolation bias

Experimental observations made over the past 20 years have highlighted many of the
important factors influencing axial pile capacity in siliceous sands and may be used to
reduce the level of uncertainty associated with extrapolation using current design
methods. A summary of these factors, and if or how they are incorporated in each
design method, is presented in Table 1; it is acknowledged that this table does not
include all variables influencing pile capacity in sand6. The full formulations for each
method are provided in Schneider et al. (2007a).
8.3.1.

Offshore CPT qc-based methods

As seen in Table 1, the UWA-05 method accounts for a greater number of factors
known to affect the base and shaft capacity of driven piles in sand. Based on a series of
recent peer-reviewed publications in this area, this method assumes a diameter
dependence of both the degree of partial plugging during pile installation (as described
by the incremental filling ratio, IFR) and the increase in lateral stress (Δσ'rd) during pile
loading. The IFR and the value of ∆σ'rd are significant when predicting the capacity of
smaller diameter piles in the database, but typical large diameter offshore piles core
during installation (i.e. IFR ≈ 1) and ∆σ'rd may be expected to be negligible (Lehane &
Jardine 1994). The effects of assuming IFR=1 and Δσ'rd=0 are examined for the UWA05 method in Table 2, which shows that the ‘offshore simplification’ (i.e. IFR=1 and
∆σ'rd=0, Lehane et al. 2005a) leads to predicted capacities that are 10% to 25% more
conservative than the measured capacities. This table does not indicate that this
simplification of UWA-05 is conservative for all pile geometries, but it does imply that
the other methods which do not account for Δσ'rd or IFR are potentially un-conservative
when extrapolated to offshore conditions. Table 1 is not meant to imply that the UWA05 method is ‘correct’ for all circumstances, but that additional mechanisms have
explicitly been incorporated into its formulation in an attempt to minimize extrapolation
bias.

6

There are many aspects in need of further study including (i) differences in friction mobilization between tension
and compression piles, (ii) ageing and cyclic degradation for large diameter piles in a variety of conditions and (iii)
pile performance in materials such as calcareous sands, micaceous sands, residual silty sands, aged sand deposits, and
sandy silts.
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Table 1. Inclusion of primary mechanisms influencing capacity of piles in design
methods

1

API-00 and NGI-05 allow for differences in capacity for open and as compared to closed ended piles, but do not
account for differences between thick walled and thin walled open ended piles
2
No method explicetely accounts for the effects of time between installation and load testing. Approximate design
times have been recommended based on performance relative to the database for certain methods, but implications of
these design times still warrants additional study, particularly for large diameter piles.
3
For large diameter piles, or piles in loose sands, internal shaft friction or pile plugging behaviour is not explicetely
included in ICP-05.
4
NGI-05 recommends high shaft friction for concrete piles as opposed to steel piles, which may be related to
interface friction angle. This simplification, which does not include particle size effects, does not appear to work well
for all cases in this database.
5
It is acknowledge that this table does not include all mechanisms which influence pile capacity in sand, or that
inclusion of nine of these mechanisms in the formulation of UWA-05 implies that method is ‘correct’ for all
situations.
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Table 2. Comparison of UWA-05 database statistics to case assuming IFR=1 and
Δσ'rd = 0

The variations with pile diameter of calculated to measured capacity ratios (Qc/Qm) for
database piles using the CPT-based ‘offshore’ methods are plotted on Figure 4. There is
no clear tendency for any of the methods to over/under-predict capacities for the range
of diameters in the database. For UWA-05, the capacity ratios (Qc/Qm) derived using
estimates of IFR and Δσ'rd are compared with those calculated assuming IFR=1 and
Δσ'rd=0. The evaluation assuming IFR=1 and Δσ'rd =0 clearly has a lower mean, but no
obvious bias with pile diameter is evident despite the fact that two parameters which
vary with pile diameter were removed for the method’s formulation. This tendency
highlights the difficulty in calibrating a design method involving a relatively large
number of parameters using a small number of pile test results, each of which has an
associated level of uncertainty e.g. only four of the 77 piles in the database have a
diameter exceeding 1m.
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Figure 4. Potential bias towards diameter for database piles
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Figure 5. Diameter bias for ‘offshore’ CPT pile design methods as compared to UWA05 for CPT qc profile in Figure 1 and D/t = 50
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The diameter dependence of capacities predicted by ‘offshore’ CPT methods is
compared on Figure 5 by plotting the ratio of the predicted capacity to that given by
UWA-05 for open-ended piles with the CPT qc profile shown in Figure 1 and a pile tip
depth of 40m, 50m, and 60m. Despite each method having a broadly similar nominal
reliability index when assessed against the existing database (see Figure 2), it is evident
that there are very considerable differences between the methods. The choice of an
appropriate pile diameter for a particular application requires a judgment to be made on
the ability of a given design method to capture the physical mechanisms governing the
diameter dependence of pile capacity.

There is an obvious and large diameter effect when comparing UWA-05 and Fugro-05
at a fixed pile length. The difference is more significant in tension than compression
because of the higher friction fatigue exponent (h/D-0.85 and h/D-0.9) proposed Fugro-05
relative to that presumed by UWA-05 (h/D-0.5); see Schneider et al. (2007a).

Although assumptions relating to radial stress change during pile loading (Δσ'rd) are
similar for both ICP-05 and UWA-05, the UWA-05 method accounts explicitly for the
influence of partial plugging during installation of open ended piles. It is seen that both
methods provide broadly similar capacities within the pile diameter range typical of the
database. However, as the diameter increases beyond this range (i.e. D >0.8m), the
UWA-05 predictions for tension capacity fall below those of ICP-05 and are about 70%
of the ICP-05 predictions for piles with D>1.5m. Based on Figure 3, this bias implies
that the nominal reliability index, β, of UWA-05 for large diameter offshore piles in
tension is higher than that of ICP-05 by a value of about 1. The two methods have
similar capacities in compression due to the conservative assumption of ICP-05 for end
bearing (Xu et al. 2007). The ‘jump’ in the ratio of QICP-05 to QUWA-05 at D=1.5m arises
because of the ICP-05 presumed sharp transition between a pile failing statically in a
coring as opposed to plugged mode. This discontinuity does not arise for UWA-05, for
which failure in a coring mode is not considered possible if the plug length is greater
than 5D.
Considering the influence of IFR and Δσ'rd quantified within UWA-05, it would be
expected that the ratio of the NGI-05 to UWA-05 capacity would increase with diameter
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for a given pile length. However, Figure 5 shows an opposite trend because the friction
fatigue formulation for NGI-05 is based on z/L rather than (L-z)/D =h/D, and
consequently the average shaft friction predicted by NGI-05 for a fixed pile length does
not vary with the pile diameter. While a reasonable fit to database piles can be achieved
within the NGI-05 framework, assumptions related to method formulation are often
inconsistent with observations from experimental studies and may lead to poor
performance for piles outside of the NGI database (i.e., Hound Point site in Figure 4).

The differences between the various methods’ pile capacity predictions evidently result
primarily from bias in method formulation. This bias is of critical importance to the
reliability of predictions for the capacity of large offshore piles and is more significant
than that inferred from statistical analysis of the existing database of (smaller) piles. The
exclusion or inappropriate treatment of factors known to result in pile diameter effects
contribute to this bias and are likely to lead to incorrect (and potentially unconservative) engineering decisions.
8.3.2.

API main text methods

The API-00/API-06 recommendations do not incorporate many of the factors listed in
Table 1 and hence it is not surprising that the method’s predictive performance for the
database piles is poor e.g. the nominal reliability index plotted on Figure 2 is on average
only 50% of the average index derived for UWA-05. However, given the virtual
absence of pile failure offshore, it may be inferred that the actual reliability is relatively
high (and that the method is potentially over-conservative in many instances).

It appears that the higher than anticipated level of reliability of the API-00
recommendations results from compensating errors; these errors lead to trends of
average shaft friction (τavg) for piles with a length greater than 30m in dense sands that

are broadly similar to the ‘offshore’ CPT methods, each of which contain a friction
fatigue term. The variation with pile length of τavg values predicted by API-06 and
UWA-05 are compared in Figures 6 and 7 for 1.2m diameter pipe piles in uniform
medium dense sand and dense silica sand (with respective normalised CPT end
resistance values, qc1N, of 60 and 180); the parameters βs=τavg/σ'v0,avg and αs=qc,avg/τavg
are used for this comparison. It is noted that local shaft friction at a given depth varies
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significantly for these two methods, which will result in inconsistent relative
performance in layered soil deposits.
β s = τavg /σ'vo,avg
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Figure 6. Comparison of average shaft friction in compression to average vertical
effective stress in uniform (constant relative density) silica sand profiles for UWA-05
and API-00/API-06. Note: qc1N=(qc/pref)/(σ'v0/pref)0.5 and pref = 100 kPa
α s = qc,avg / τavg
0

100

200

300

400

500

600

700

800

0
10
typical database piles

20
30
depth (m)

API-06; qc1N=60
40

API-06; qc1N=180

50

UWA-05; qc1N=60

60

UWA-05; qc1N=180
shaft friction in
compression
D = 1.2m
t = 32mm
IFR=1
o
δ = 29

70
80
90
100

Figure 7. Comparison of average shaft friction in compression to average cone tip
resistance in uniform (constant relative density) silica sand profiles for UWA-05 and
API-00/API-06
Figures 6 and 7 indicate that:
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(i)

For piles longer than 30m, both API-00 and UWA-05 predict similar rates of
change of αs and βs with pile length. However, UWA-05 predicts greater βs
values in dense sand than in medium dense sand but its predicted αs values are
relatively independent of sand density. In contrast, API-00 predicts that βs is
essentially constant but that αs is strongly density dependant.

(ii)

For shorter piles (typical of the database), the differences between API-00 and
UWA-05 predictions for βs and αs are more significant, with API-00 showing
constant βs values and αs reducing with pile length (to L=25m for the example
illustrated on these figures).

These differences in uniform sand profiles illustrate a density and length bias for API00/API-06 that is consistent with the method’s predictive performance for database piles
(Schneider et al. 2007a). Consequently, the relatively low value of μgR for API-00
calculated for the database piles (typically ≈0.7; see Figure 2) cannot be equated to
prediction conservatism for long and large diameter offshore piles, and it is inferred that
actual reliability of this method arises because of other factors, such as:

y

designer conservatism in the selection of soil parameters and the estimation of
environmental loads;

y

designer experience with similar pile geometries, soil conditions and loading types;

y

an increase of pile shaft capacity with time (although effects of cyclic degradation
may also be expected to increase with time);

y

a reserve of capacity in compression, which is nominally defined at a tip
displacement of 0.1D; and

y

conservatism in the estimate of the resistance of the total foundation system e.g.
redundancy of foundation elements, exclusion of the resistance in compression
provided by mudmats on jacket structures, among other issues.

Many of these factors are also noted by Bea et al. (1999) in their review of the reliability
of offshore foundation performance in clay soils. The influence of time and pile head
displacement of a 0.76m diameter open ended pile in dense sand (EURIPIDES, Kolk et
al. 2005b) is illustrated in Figure 8. It may be seen that an extra 20% (or more) of short
term capacity may be available due to the mobilization of end bearing, although
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significant deformations will occur. Of greater significance is the increase, by at least
50%, of the peak compression capacity over the 1.5 year period between initial loading
and re-loading. This strong ageing characteristic is associated primarily with increases
in shaft friction (e.g. Chow et al. 1998); the rate of increase with time varies with the
sand properties and the pile’s loading history and geometry, but is presently difficult to
quantify reliably.
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Figure 8. Influence of displacement and time on compression capacity of 0.76m
diameter pipe piles for EURIPIDES (data from Kolk et al. 2005b)

These additional factors are potential sources of conservative bias and appear to be a
major reason why offshore piled foundations have been designed with high levels of
reliability at low factors of safety (but, evidently, not with low values of uncertainty in
the evaluation of resistance). These sources of bias need to be considered in the
assessment of foundation system reliability when designing for different type of loading
conditions, soil types and pile geometries. Load and resistance factor design (LRFD)
provides a framework which is more suited for quantification of these site specific
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differences than use of global factors of safety. It is noteworthy, for example, that a
majority of offshore design experience is related to the performance of ‘jacket
structures’, which resist wave induced moments in ‘push-pull’ by generating
compression and tension pile loads. However, newer offshore foundation solutions
involving anchor piles (which are permanently in tension) cannot rely on a conservative
assessment of capacity in compression and, unlike jacket structures, their reliability
relates strongly to the estimated pile shaft friction.
8.4. Conclusions

The companion paper (Schneider et al. 2007a) presents a comparison of the predictive
performance of methods included in API (2006) for evaluation of the axial capacity of
driven pile foundations in siliceous sands. This paper uses the database of pile tests
assembled to investigate the relative reliability of these methods. It is shown that:
•

The nominal (or relative) reliability index of the UWA-05 method is generally
greater than that of the other methods considered in API (2006). This is likely to be
because UWA-05 specifically caters for the following factors which research over
the past 20 years has shown to have an important influence on driven pile capacity:
X dependence of shaft friction and base capacity on the CPT qc value;
X reduction in local friction (τf) with continued pile penetration (i.e. friction

fatigue);
X influence of soil displacement during installation on shaft friction and base

capacity;
X variability in the coefficient of friction between the soil and pile;
X changes in radial stress (and hence available friction) at the soil pile interface

during pile loading;
X effect of variability in qc near the pile tip (soft layers) on end bearing capacity.

•

Extrapolation bias due to method formulation may be more significant than
extrapolation uncertainty, and will significantly influence reliability of offshore
foundations designed at low factors of safety. The UWA-05 method provides a
safer extrapolation of capacity for large offshore piles from the existing database of
pile test results and other methods in API (2006) are potentially un-conservative.

•

The assessment of actual reliability and true factors of safety for use in efficient
design requires quantification of additional factors such as the time dependence of
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shaft friction and foundation system response in addition to assessment of
uncertainties related to site variability, method formulation and environmental load
estimation.
•

In the absence of site specific pile load tests, uncertainty in extrapolation bias can
only be accounted for by a better understanding of mechanisms which influence
pile capacity.
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EXPERIMENTAL INVESTIGATIONS OF PILES IN SAND
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9. EFFECTS OF WIDTH ON SQUARE CENTRIFUGE
DISPLACEMENT PILE BEHAVIOUR IN SILICEOUS SAND

9.1. Introduction

As discussed throughout this thesis, the local ultimate friction (τf) that can develop on
the shaft of a displacement pile in sand is a function of the lateral stress after installation
and equalization (σ'rc), the change in radial stress during loading (Δσ'rd), and the
interface friction angle (δf) as (Lehane et al. 1993):
τ f = (σ' rc + Δσ' rd ) tan δf = σ' rf tan δf

(1)

Radial stress after installation and equalization can be estimated as a function of CPT
cone tip resistance (qc) and pile geometry:
b

qA
⎛h ⎞
σ' rc = c r ,eff max⎜ , ν ⎟
a
⎝D ⎠

−c

(2)

with parameters previously defined in Chapters 2 and 6, as well as Appendices A4, A7,
and A11. Changes in radial stress during loading can be modeled as constrained dilation
using cylindrical cavity expansion theory (Boulon & Foray 1986):
Δσ' rd =

4G
Δy = k n Δy
D

(3)

where G is the operational shear modulus, D is the pile diameter, kn is the normal
stiffness, and Δy is displacement perpendicular to the pile interface. Displacement at the
interface may result from dilation or contraction of soil particles near the interface as
well as a Poisson effect for the pile.

Equations 1 through 3 result in the calculation of a possible diameter effect due to two
mechanisms7:
1. friction fatigue, τf = f[qc(h/D)-c]
2. changes in radial stress during loading, Δσ'rd = 4G·Δy/D
The influence of diameter (or width) on the shaft capacity of driven piles in sand has
been discussed with reference to a database of full scale pile load tests in Chapter 8 (e.g.,
see Figure 4) and indicated that the observed influence of diameter on unit shaft friction

7

A third mechanism which may cause a diameter effect for open ended piles results from the potential influence of
diameter on pile plugging during installation, e.g., Liyanapathirana et al. (1998), Lehane et al. (2007b)
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appears to be small relative to the variability in other factors for the range of diameters
in the database.

Still, as illustrated on Figure 1, there is the potential for calculation of a strong diameter
dependence on pile shaft friction at any fixed depth. Taking a database with an average
pile diameter of about 0.45m (e.g. Chapter 7), use of a higher friction fatigue exponent
(c) actually leads to less conservative extrapolation to large diameters piles (of fixed
length). The influence of neglecting interface dilation for database calibration of design
methods can be inferred from Chapter 8 (Table 2) to be approximately 15 percent using
current analyses methods. For small (model scale) diameter centrifuge piles, the
influence of changes in radial stress (Δσ'rd) becomes more significant (e.g., Boulon &
Foray 1986; Foray et al. 1998b, Garnier & König 1998, Fioravante 2002) due to the
influence of high normal stiffness (kn=4G/D). Dilation in the shear band is not scaled
(ISSMGE TC2 2007) and therefore the influence of Δσ'rd is likely to be large compared
to field scale piles. Figure 2 indicates the calculated influence of changes in radial stress
(Eq. 3) during loading of a ‘typical’ steel pile (Ra ≈ 10μm). Both qc and G0 are assumed
constant for this illustrative example.

Figure 1. Influence of diameter (> 0.5m) on τf,avg for a pipe pile with Ar=0.1, L=40m
and qc=50MPa; Solid lines include calculation of Δσ'rd while dashed lines do not
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Figure 2. Influence of diameter on average shaft friction with (solid) and without
(dashed) the influence of interface dilation for constant qc and G0
An increase in radial stress due to dilation, Δσ'rd, for piles with diameter less than
300mm is calculated to be significant and needs to be accounted for (e.g., Lehane &
Jardine 1994). Alternatively, the influence of Δσ'rd on small diameter centrifuge piles
may be reduced by minimizing Δy/D through the use of fine sand (small D50 and
therefore low Δy, e.g., Bruno & Randolph 1999) and by the use of smooth piles (small
Ra and therefore low Δy, e.g. Klotz & Coop 2001). Changes in pile roughness or particle
size may alter other aspects of soil-foundation behaviour, and needs careful
consideration.
For investigation of an analytical framework for calculating Δσ'rd, results are most
evident if Δy/D is maximized, or for an interface with a high normalized roughness (see
Figure 8 in Appendix A1). Lehane et al. (2005d) discuss a set of drum centrifuge
experiments studying the tension capacity of rough piles (glued sand interface) ‘buried’
in very dense sand. Piles with diameters varying between 3 and 18mm were tested at
centrifuge accelerations between 30 and 180g; the diameter effect observed is illustrated
on Figure 3, which plots τf divided by the average σ'rc (K0⋅σ'v0) on the pile shaft against
D. Analyses of those results indicate the importance of soil stiffness nonlinearity when
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assessing operational levels of shear modulus (G), as well as the influence of kn on Δy.
Current methods for calculating Δσ'rd in sand rely on compensating effects and tend to
overpredict G and underpredict Δy (e.g., Lehane et al. 2005d, Lehane et al. 2007b,
Appendix A1).

Figure 3. Influence of diameter and stress level on average normalized shear stress at
failure for ‘perfectly’ buried rough piles in dense sand (Lehane et al. 2005d)
For displacement piles, changes in the stress state surrounding a pile, changes in particle
characteristics, as well as cyclic installation effects can also influence Δσ'rd. These
effects cannot currently be estimated theoretically and must be measured experimentally.
The measurement of radial stresses developed on displacement piles is therefore
considered vital to the advancement of the understanding of the mechanisms controlling
both model scale and full scale displacement pile capacity.

The chapter builds upon the set of experiments discussed by White & Lehane (2004)
and Lehane & White (2005), which used a 9mm square model pile with measurements
of local radial stress at four heights above the pile tip. As the influence of diameter on
(i) reduction in radial stress with height above the pile tip or number of installation
cycles (‘friction fatigue’); and (ii) changes in radial stress during loading (Δσ'rd) are still
areas of great uncertainty, the 9mm pile was fitted with two extension pieces to measure
σ'hc and Δσ'hd for widths of 14.4mm and 17.7mm. The stress subscript ‘h’ is used as
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opposed to ‘r’ since measurements of horizontal lateral stresses were made on the
square piles.
9.2. Experimental study
9.2.1.

Model Pile

Lateral stress measurements were made on the centrifuge model piles using Kyowa PS5KA miniature total pressure cells embedded in the shaft surfaces. The piles were
constructed of stainless steel, had an approximate centerline average roughness (RCLA)
of 0.5 μm, and an average peak and large displacement interface friction angle (δ) of
16o and 12o, respectively. Additional details on the 9 mm wide square model pile are
given in White & Lehane (2004) and Lehane & White (2005).

Two sections were designed to fit around the original 9 mm wide model pile to extend
the width to 14.4 mm and 17.7 mm. Since width extensions covered the two lateral
stress cells located on the back of the 9 mm wide pile, discussion in this chapter will
focus on forward facing lateral stress cells as seen on Figure 4 – which shows the three
pile configurations.
9.2.2.

Drum centrifuge specimen

The UWA drum centrifuge, employed for the model pile experiments, has an outer
diameter of 1.2 m, an inner diameter of 0.8 m, and a channel width of 0.3 m. Details of
the UWA drum centrifuge are given in Stewart et al. (1998). This centrifuge enabled
multiple tests (pile and cone penetration) to be performed within the specimen without
stopping to change tools or actuator locations.

The centrifuge samples were created using fine to medium grained sub-angular silica
‘UWA’ sand, with index properties summarized in Table 1. Sand was rained through air
into the channel while spinning at 20 g. The sand was saturated and then drained from
its base at 50 g to induce suction that enabled its surface to be scraped level after halting
the centrifuge. The soil was subsequently spun first to 50 g (where a cone penetration
test, CPT, was performed) and then to 100 g, when it was allowed to spin and dry for 65
hours prior to testing. The dry sand had a relatively uniform medium-dense consistency
(Dr ≈ 0.55±0.1) throughout its 180 mm depth, as shown in Figure 5. The locations of
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lateral stress cells for the standard pile installation depth of 120 mm are also shown in
Figure 5.

Figure 4. Photographs of 9mm, 14.4mm, and 17.7mm wide pile configurations
Table 1. Index properties of ‘UWA’ silica sand
emax
0.76

emin
0.49

Gs
2.65

D60

D50

D10

Fines

mm

mm

mm

%

0.22

0.20

0.12

< 1.5

Sample uniformity can also be assessed by comparing the axial pile stress applied
during installation with the average CPT end resistance (qc). This comparison is shown
in Figure 6 and indicates that the profiles of axial stress and qc are similar both in terms
of their trends and magnitudes. The similarity in magnitudes indicates that the total axial
resistance is derived primarily from base resistance, and that there are minimal
boundary effects on installation resistance for these piles of differing width.
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Figure 5. Profiles of relative density (derived using UWA correlation with CPT from
drum centrifuge experience)

Figure 6. Comparison of pile installation stress to cone tip resistance at 100g for 13
monotonic installations
A general comparison of soil consistency, stress level, and pile geometry is made for
centrifuge experiments (this chapter) and field experiments discussed in the next chapter
(Chapter 10) in Figure 7. Both deposits were medium dense in consistency, although,
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the field pile tests were performed at lower stress levels and had much higher
slenderness ratios. These centrifuge tests, therefore, do not specifically model field tests
discussed in Chapter 10. This is mainly due to the minimum pile width of 9mm required
to house the lateral stress cells for centrifuge tests, and the heterogeneous nature of the
Shenton Park site below depths of 4m. These experiments should therefore be viewed as
an investigation into mechanisms influencing pile capacity, rather than specific
modeling of field tests.

Figure 7. Comparison of CPT qc and pile geometry for field (Chapter 10) and centrifuge
(this chapter) experiments

9.2.3.

Testing program

Data from seventeen pile installations in the medium dense sand specimen are presented,
with tests summarized in Table 2. Each test involved up to five of the following steps:
1. Installation at 0.2 mm/s
2. Rebound to zero head load at approximately 120 mm
3. Equalization for 10 minutes
4. Cyclic loading of the pile at 0.01 mm/s followed by 10 minute equalization
5. Static tension testing of pile at 0.01 mm/s
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Table 2. Drum centrifuge pile test program

Of the 17 installations in Table 2, eight piles were installed monotonically and unloaded
prior to subsequent static tension testing, while five piles involved (i) monotonic
installation and unloading, (ii) cyclic loading and (iii) static tension. One load test
involved installation to 121.6mm depth, but with the applied axial head load maintained
prior to cycling. The remaining three tests involved ‘progressive cyclic’ (PC)
installations followed by unloading and static tension testing.

Most tests had lateral stress cells facing along the drum centrifuge channel to minimize
the potential for boundary effects on those measurements. Four of the installations,
identified with an “E” channel alignment in Table 2, were performed with the lateral
stress cells facing the drum centrifuge wall to investigate the potential for boundary
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effects. Boundary effects are discussed in Appendix A9, and it is concluded that they
are minimal for installation resistance and average tension capacity, although significant
for measurement of local lateral stress when stress cells are facing the channel wall (i.e.,
alignment “E”). Lateral stress measurements from stress cells facing the channel wall
are therefore not discussed further.

9.3. Monotonically installed piles

This section describes the main observations for monotonically installed piles. Data
from individual tests are presented in Appendix A9. Results from three lateral stress
cells located at distances behind the pile tip (h) of 9 mm, 27 mm, and 54 mm are
discussed.
9.3.1.

Installation

Piles were installed monotonically and unloaded until the actuator supported the pile
weight. Horizontal stresses measured during pile installation and unloading for a 9 mm
wide pile are shown in Figure 8a. As shown in Figure 8b, centrifuge pile test data in
UWA sand with a higher density but lower g-level (White & Lehane 2004) have similar
trends. Average lateral effective stresses recorded during monotonic installation (σ'hm)
normalized by the corresponding CPT qc values are plotted in Figure 9a for the three
pile widths investigated; results for the 9mm wide pile are compared with data from
White & Lehane (2004) in Figure 9b. From Figures 8 and 9 it is evident that:
•

No dependence of σ'hm on the distance behind the pile tip (h) is observed during
installation; i.e. the existence of a stress bulb emanating from the pile base leading
to σ'hm values reducing with h/B is not apparent. This trend is consistent with the
data of White & Lehane (2004) for 9 mm × 9 mm displacement piles in very
dense sand.

•

The σ'hm/qc ratios for the pile with B=9 mm are typically about 50% higher than
the average ratio of the 14.4 mm and 17.7 mm piles (which appear to give similar
ratios). This tendency is compatible with the higher operational lateral stiffness
for the smaller pile (c.f. Equation 3) and suggests that the contribution of dilation
at the soil-pile interface to friction generated during installation is significant.

•

The comparable σ'hm/qc values for the 14.4 mm and 17.7 mm wide piles may be
due to the similarity between these B values and the use of relatively small 6 mm
diameter lateral stress sensors on these piles.
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•

The σ'hm/qc ratios for the 9 mm wide pile are 10 to 20 percent less than those
measured by White & Lehane (2004) in very dense sand. Radial stress data
obtained using the Imperial College instrumented pile in medium dense sand and
dense sand (Chow 1997) suggests that a lower σ'hm/qc value is indicative of a
lower value of ∆σ'hd.

Figure 8. Profiles of horizontal stress with depth during monotonic installation and
unloading as a function of distance behind the pile tip (a) this study at 100g in medium
dense sand (b) at 50g in very dense sand, after White & Lehane (2004)

Figure 9. Influence of pile width and normalized depth on average normalized lateral
stress during installation for all instrument locations (h=9mm, 27mm & 54mm) (a) this
study at 100g in medium dense sand (b) comparison with White & Lehane (2004) for
very dense sand at 50g
241
Chapter 9 – Effects of width on square centrifuge displacement pile behaviour in siliceous sand

9.3.2.

Unloading after monotonic installation

When the pile tip reached a penetration of about 122 mm, the head load was reduced to
support the pile weight and the pile left in this state for 10 minutes. As shown in Table 2,
displacement during unloading varied from 0.8 to 2.2 mm, increasing with pile weight,
head load, and width. Figure 10 shows profiles of stationary lateral stress averaged for
each installation and normalized to average cone tip resistance at the corresponding
depth of the stress measurement, as a function of relative height of the stress sensor
above the pile tip (h). Wider piles are observed to have larger normalized lateral stresses,
prompting the format of Figure 11 which plots normalized stresses (σ'hc/qc) as a function
of height (h) divided by equivalent diameter [Deq=2(A/π)0.5, where A is the pile base
area].
Despite differences in relative density and stress level, the degradation of σ'hc/qc with
h/Deq is in good agreement with data presented by Lehane & White (2005) for 9 mm
wide piles after monotonic installation in very dense sand. Data from the closed ended
piles shown in Figure 11 are best fit using an ‘a’ parameter of 170, ‘c’ of 0.8, and ‘ν’ of
0.7 for Equation 2. The ‘a’ values are approximately 4 times lower than those observed
by Lehane et al. (1993) for 0.1m diameter jacked piles in a medium dense sand. Part,
but not all, of this discrepancy may be due to under-registration of lateral stresses due to
‘cell action’ effects for the sensors. Cell action effects are consistent between sensors,
but may have resulted in under registration of up to 50 percent for these relative
stiffness values (see Bond 1989, Clayton & Bica 1993).

The inference of a width, or diameter, effect on reduction in pile shaft friction with
height above the pile tip in figures 10 and 11 requires the assumption that the radial
stress distribution across the pile face is constant for all three pile configurations. While
the potential for variation in measurement of radial stress due to the relative width of the
stress cell compared to the pile face requires additional study, the consistency between a
width effect on radial stress (Figures 10 and 11) and a width effect on average shaft
friction (discussed later, Figure 13) gives some support to the observations of a width
effect in figures 10 and 11.
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Figure 10. Variation of normalized lateral stress with height above pile tip following
monotonic installation

Figure 11. Normalized stationary lateral stress with normalized height (h/Deq) above pile
tip following monotonic installation
The equivalent diameter is used for normalization instead of width (B) to facilitate
comparison with analyses discussed in Chapter 7. Normalization of these same data
using h/B is presented by Schneider & Lehane (2006). Whether normalization by B or
Deq is more appropriate is still uncertain, and use of Deq essentially results in a
difference in the ‘a’ parameter of 13 percent for square piles [=(4/π)0.5]. The 13 percent
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difference in ‘a’ cannot be distinguished based on currently available data due to
uncertainties regarding the influence of soil and pile properties on ‘a’ as well as the
potential for under registration of the lateral stress cells in these experiments.
The consistency seen in Figure 11 of the σ'hc/qc vs. h/Deq trend line for all experiments is
remarkable, given that the σ'hm/qc values did not reveal any systematic dependence on
h/B (or h/Deq) during installation (Figure 8). It appears that the trend in Figure 11 arises
because of the near inverse proportionality between unloading radial stiffness and pile
width (c.f. Equation 3). Estimates of the contraction values (∆y) using equation (3)
associated with a stress reduction from σ'hm to σ'hc are on the order of 10 microns. This
reduction occurs over the first unloading cycle and additional cycling may be expected
to reduce σ'hc further (White & Lehane 2004).
Lateral stresses recorded during installation, unloading, and tension testing are shown in
Figure 12. Points on the figure represent (1) end of installation, (2) unloading, (3)
equalization, and (4) peak tension load. The pattern of lateral stress behaviour,
particularly at the h=9mm location, resembles loops of contraction followed by dilation
during 2-way cyclic loading (i.e., Airey et al. 1992, White & Lehane 2004), although,
the level of dilation during tension loading is small due to the relatively smooth
interface and slight pile contraction due to a Poisson effect in tension. This figure
emphasizes the importance of installation sequence on subsequent pile response,
previously discussed by Craig (1984) and Garnier & König (1998), among others.

9.3.3.

Static tension tests

Average shaft friction measured in static tension tests on relatively smooth model piles
after monotonic installation tended to increase with pile width, as shown in Figure 13.
This trend is in keeping with the lower σ'hc values developed on the narrower piles in
Figure 10, but in contrast with the inference that Δσ'hd increases with reduced pile width
(Eq. 3). As seen in Figure 12, ∆σ'hd values in these experiments were low and increases
were confined to a region within ≈3B of the pile tips. Data presented by Lehane &
White (2005), and others, also indicate relatively low ∆σ'hd values in tension loading
(compared to compression loading) following monotonic installation.
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Figure 12. Lateral stress changes during loading cycle of installation, unloading, and
tension testing

Figure 13. Load-displacement curves for tension tests after monotonic installation,
unloading, and equalization
9.4. Piles installed using progressive cycling

Three piles were installed using ‘progressive cycling’ (PC), one installation for each of
the pile widths investigated (9mm, 14.4mm and 17.7mm). The installation method
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involved forward penetration of 5.09mm followed by unloading of 0.25mm, and
resulted in 25 cycles to reach the full pile depth. This installation method is essentially
the same as the ‘jacked’ method described by White & Lehane (2004), although the pile
in these tests was unloaded to a displacement of 0.25mm rather than a head load of zero.
This results in a slightly different type of cycling during installation and broadly
represents piles with very high residual base loads at the end of each jacking stroke or
hammer blow.

Progressive cycling, like the ‘jacked’ and ‘pseudo dynamic’ installation methods of
White & Lehane (2004), captures an effect which cannot be achieved in most laboratory
interface shear tests, i.e., lateral stress recovery with subsequent cycling to a failure
stress.
9.4.1.

Installation

The installation head stresses are compared to the CPT qc profile for ‘progressive
cyclic’ (PC) installations in Figure 14. Like the monotonically installed piles (Figure 6),
the applied axial stress for piles installed using the PC method was very similar to qc,
indicating that installation resistance is primarily controlled by base capacity.
Reductions in head load are apparent at approximately 5mm increments due to
unloading. The constant 0.25mm of unloading leads to lower head stresses for the 9mm
pile than for the 14.4 and 17.7mm piles; this response is consistent with observations
made during unloading after monotonic installation. These jacked piles exhibited high
base stiffness upon re-loading, as also observed in other centrifuge experiments on
jacked displacement piles (e.g., Coop et al. 2005, Colombi et al. 2006, Xu 2007, Deeks
2008).

Lateral stresses during PC installation of the 9mm pile (MD04) are compared with those
measured during monotonic installation (MD05) in Figure 15. It is evident that
maximum lateral stresses (σ'hm) during PC installation are essentially the same as those
during monotonic installation. The slightly higher values for RSC-2 (=27m behind the
tip) and lower values for RSC-1 (=9mm behind the pile tip) are consistent with
variability in σ'rm during monotonic installation (Appendix A9). The most significant
observation seems to be the variation in degree of unloading with height above the pile
tip, i.e., the lateral stress for RSC-3 (h=54mm) unloads essentially to zero for each cycle
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while there is little change in σ'h during unloading for RSC-1 (h=9mm). The degree of
unloading evidently increases with the larger number of cycles experienced by any
particular soil horizon. It is interesting that the large reductions in lateral stress are fully
recovered on re-loading. This aspect of progressive cyclic behaviour during pile
installation is difficult to model using laboratory interface shear box tests, but still needs
to be considered when modeling interface behaviour during installation and cyclic
loading.

Figure 14. Comparison of pile installation stress to cone tip resistance at 100g for 3
progressive cyclic installations
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Figure 15. Comparison of profiles of horizontal stress with depth during monotonic
installation and unloading (MD05 - Figure 8) to that recorded for different instrument
locations during ‘Progressive Cycling’ (MD04) (a) monotonic installation; (b) PC
installation 9mm above tip; (c) PC installation 27mm above tip; (d) PC installation
54mm above tip;
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9.4.2.

Unloading after monotonic installation

Normalized lateral stresses after PC installation, unloading, and equalization are
compared with the monotonic case in Figure 16a. While the characteristics of cycling
are somewhat variable for each pile width, a relatively unique reduction in σ'hc/qc with
h/Deq is observed, although with lower (30 to 50%) lateral stresses than that for
monotonic installation in Figure 11. The distribution of normalized lateral stress behind
the pile tip for these PC installations in medium dense sand are compared in Figure 16b
with distributions for ‘jacked’ and ‘pseduo-dynamic’ installations of White & Lehane
(2004). Good agreement is obtained for the 1-way ‘PC’ and ‘jacked’ installations, with
more severe cycling (which occurred during ‘pseduo-dynamic’ installation) resulting in
lower lateral stresses. This highlights the influence of cycling and cyclic characteristics
on degradation behaviour of sands, as previously discussed by Chan & Hanna (1980),
among others.

Figure 16. Influence of installation method and location behind pile tip on normalized
lateral stress after unloading

9.4.3.

Static tension tests

Tension tests after ‘PC’ installations are compared with tension tests after monotonic
installation in Figure 17. To assist comparison with other data, load displacement curves
for monotonic tests in Figure 17a are represented by an average τav-w curve and limiting
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‘monotonic peaks’ (which increase with pile width). Despite lower measured values of
σ'hc/qc, the response in tension after ‘PC’ installation is very similar to that after
monotonic installation (except for the 17.7mm wide pile). It follows that, Δσ'rd would
need to be larger after PC installation to result in similar values of σ'rf (and thus τf for
the same δf). Figure 18 compares lateral stresses recorded during installation, unloading,
equalization, and tension testing for one monotonic and all three PC installation cases.
For clarity, only two (representative) locations of lateral stress measurements (h=9mm
& h=54mm) are shown.

For PC installation ‘step’ 0 to 1, significant increases in lateral stress are apparent in
compression for the last cycle of loading for measurements at h=54mm, although during
tension loading there are no apparent differences between the trends for Δσ'rd and the
installation method. As for the monotonic installation, there is a large reduction in
lateral stress during unloading of piles installed by PC (step 1 to 2). The reduction
appears greater for the smaller 9mm wide pile, and is slightly greater for the PC
installations as compared to the monotonic installation (e.g. Figure 18a).

Figure 17. Comparison of tension load tests after (a) Monotonic installation (after
Figure 13) and (b) progressive cyclic installation
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Figure 18. Lateral stress changes during cycle of installation, unloading, and tension
testing for ‘Progressive cycling’ (PC) installation (note: MD08 monotonic installation,
as shown in Figure 12, included for comparison)
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9.5. Cyclic Loading

The previous section presented evidence that installation cycles led to greater reduction
in lateral stress during unloading than the monotonic installation case. To enable
reliable quantification of shaft capacity of displacement piles in sands, changes in lateral
stresses due to cyclic installation effects as well as during tension loading (Δσ'rd) need to
be understood. This understanding may be improved by examining changes in lateral
stress during cycling about a fixed location and also by subsequent tension testing.

Early centrifuge research on the cyclic shaft capacity of displacement piles in sand
performed at the University of Manchester is discussed by Craig (1984) and Sabagh
(1984), with research at Cambridge University presented by Nunez et al. (1988). Similar
results were observed for both studies, each showing (i) piles tended to ‘fail’ due to the
accumulation of cyclic displacements; and (ii) as the ratio of cyclic stresses to static
shaft friction increased, a smaller number of cycles was required to reach ‘failure’
(defined at a predetermined displacement). These results were in agreement with the
previous calibration chamber studies of Chan & Hanna (1980), who concluded that
cyclic pile behaviour is governed by:
•

the amplitude of loading cycles;

•

the characteristics of the loading cycles (i.e., 1-way or 2-way); and

•

the number of the loading cycles.

Poulos (1988) proposed the concept of a cyclic stability diagram for axially loaded piles
and Poulos (1989a) extended this work specifically for piles in sand. Cyclic degradation
for 20mm diameter piles monotonically jacked into a calcareous sand is shown in
Figure 19, and a cyclic stability diagram is presented in Figure 20. In Figure 19, Dτ is
the ratio of the ultimate shaft friction following cyclic loading to shaft friction for a
static test after installation and unloading, and ρc/d is the ratio of cyclic amplitude to
pile diameter.

While the results of the previously mentioned studies provide a useful framework for
quantifying cyclic degradation of piles in sands during operation loading, there is still
uncertainty concerning the mechanisms that cause this cyclic degradation, particularly
during installation. Few investigations of the cyclic axial response of piles in sand have
been reported, and centrifuge studies on the topic appear limited to the previously
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mentioned studies of Craig (1984), Sabagh (1984) and Nunez et al. (1988), as well as
the more recent studies of Hanke et al. (2002), White & Lehane (2004), Gaudin et al.
(2005) and Deeks (2008). Of these studies, only White & Lehane (2004) explicitly
measure lateral stress changes during cyclic loading, which is very useful, and almost
essential, for understanding the mechanisms which influence pile friction behaviour.

Figure 19. Friction 2-way cyclic degradation factors for displacement piles in calcareous
sand (Poulos & Chan 1986, Poulos 1989a)

Figure 20. Influence of degradation assumptions on cyclic stability diagram for sandy
soils (Poulos 1989a)
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As indicated in Table 2, cycling was performed after installation for tests MD12, MD03,
MD09, MD17, and MD16. The lateral stresses measurements obtained during these
tests are used to address the influence of the following factors:
•

amplitude of loading cycles;

•

number of loading cycles;

•

lateral stress prior to cycling;

•

location of lateral stress measurement; and

•

pile width.

Displacement (ρc) controlled cycles are used in this investigation with normalized
displacement (ρc/B) varying from 0.014 to 0.057. The ‘rate’ of degradation discussed in
this chapter refers to the number of cycles required to reach a ‘minimum’ lateral stress.
9.5.1.

Sensor location

The preceding discussion of ‘cyclic degradation’ (during installation, Section 9.4)
focused on normalized lateral stress as a function of height above the tip and installation
type. As the level of cycling increased, the normalized lateral stress at a given sensor
location, or height above the pile tip, decreased. Figure 21 indicates the continued
reduction in lateral stress with cycling for a 9mm wide pile subject to –/+0.25mm cycles
(ρc/B=0.028). After approximately 100 cycles, the lateral stresses at all three locations
are essentially equal, and continued cycling actually leads to a slight increase in lateral
stress. Since the geostatic vertical effective stress at the level of the three instruments
ranged from 100 kPa to 200 kPa, these results indicate that lateral stress degrades to a
minimum absolute value, rather than a minimum ‘earth pressure coefficient’, K=σ'r/σ'v0.
The independence of the minimum lateral stress and the initial vertical effective stress is
not unexpected, as failure during cavity contraction after expansion is controlled by the
ratio of radial to hoop stress, Ka=σ'r/σ'θ (Chapter 5 Figure 2).
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Figure 21. Influence of sensor location on degradation of lateral stress during
-/+0.25mm cycling (ρc/B=0.028) for 9mm wide pile (MD03)

9.5.2.

Lateral stress prior to cycling

The trends in Figure 21 indicate that lateral stress approaches a minimum value during
cycling, regardless of the initial lateral stress after pile installation (or initial horizontal
effective stress prior to pile installation). For the three sensor locations in Figure 21 the
‘rate’ of degradation, or number of cycles required to reach this minimum value, is
different for each case. It is desirable to be able to quantify this ‘rate’ of degradation for
evaluation of cyclic stability diagrams as well as cyclic installation effects. This section
compares two factors which may influence this ‘rate’ of degradation; (i) element
location above the pile tip, or height (h); and (ii) initial lateral stress (after one
unloading cycle).

The influence of initial lateral stress on ‘rate’ of cyclic degradation is compared in
Figure 22 for two cases; (i) the ‘typical’ case where pile head load was unloaded to zero
prior to cycling (Figure 21, Figure 22a), and (ii) a cases where pile head load was not
reduced to zero prior to cycling (Figure 22b). Pile head stress during cycling is also
shown in Figure 22 so that the characteristics of the cyclic loading are more apparent.
Figure 22 indicates lateral stresses at each sensor location degrading to approximately
7kPa, regardless of senor location or initial lateral stress. As the initial lateral stress
increases, the number of cycles (nc) to reach σ'h,min also tends to increase; the number of
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cycles inferred to reach the minimum lateral stress is included in the legend of Figure 22.
This observation is reproduced in Figure 23 with the number of cycles to reach σ'r,min
increasing with the ratio of σ'r,c/σ'r,min. It is noted that the relationship in Figure 23 is
specific to the case presented here, as the relationship is likely to vary with normalized
cyclic amplitude, pile diameter / width, among other issues.

Figure 22. Comparison of tension cyclic degradation (ρc/B=0.028) of lateral stress for
(a) unloaded (MD03) and (b) loaded (MD12) piles
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Figure 23. Increase in number of cycles to reach minimum lateral stress with increases
in ratio of lateral stress after installation and equalization to minimum lateral stress for a
9mm monotonically installed pile and ρc/B=0.028 cycling
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9.5.3.

Magnitude of cycles for constant pile width

The influence of the magnitude of the cyclic displacement amplitude is examined in
Figure 24 using the data from pile installations MD13, MD17, and MD16. A 17.7mm
wide pile was used for each of these tests, and the cyclic amplitude was increased from
0.25mm to 1mm for the different tests. For lateral stresses shown in Figure 24, it is
apparent that:
•

The rate of cyclic degradation increases with ρc at RSC-1 and RSC-2.

•

σ'h,min apparently decreases with increasing ρc.

•

For stress measurements further behind the pile at RSC-3, larger
degradations are observed in σ'hc for the first cycle. Beyond that point,
lateral stresses generally increase for ‘small’ cycles (ρc/B=0.014), and
lateral stresses continue to decrease slightly for ‘large’ cycles (ρc/B=0.056).

The ‘characteristics’ of cyclic loading at RSC-1 (9mm behind the pile tip, Figure 24a)
for different cyclic amplitudes are shown in Figure 25. Each of the loading cycles were
‘2-way’, in that the minimum lateral stress occurred in between the location of the stress
reversals. The magnitude of cycling therefore resulted in different degrees of ‘recovery’
of lateral stress within each cycle, i.e., larger cycles tended to have higher maximum
stress values with each cycle. Larger cycles also tended to have lower levels of
minimum lateral stress within each cycle. This could initially be considered counter

intuitive, but the dilation which occurs at larger displacements that leads to recovery of
lateral stress also results in loosening of the shear band adjacent to the pile. Upon a
stress reversal, a greater degree of contraction tends to occur. Due to the high normal
stiffness surrounding the pile, the reduction in lateral stress will also be quite large
during contraction, and lead to a more ‘rapid’ rate of decay to the ‘minimum’ lateral
stress for the larger cycles.
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Figure 24. Influence of cyclic amplitude (ρc/B) on rate of cyclic degradation for
17.7mm wide pile at various sensor locations (a) 9mm behind tip; (b) 27mm behind tip;
(c) 54mm behind tip
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Figure 25. Cyclic degradation of lateral stress after monotonic installation at RSC1
(9mm behind tip) for (a) ρc/B=0.014; (b) ρc/B=0.028; (c) ρc/B=0.056; (d) head stress
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9.5.4.

Pile width

Evaluation of the influence of normalized cyclic displacement (ρc/B) on rate of
degradation can also be assessed by changing the pile width. Two cases are compared in
this section:
1. A reduction in ρc/B at a cyclic displacement amplitude (ρc) of 0.25mm. For this ρc
value, pile widths of 9mm, 14.4mm, and 17.7mm have resulting ρc/B values of
0.028, 0.017, and 0.014, respectively (Figure 26).
2. Equivalent values of ρc/B (=0.028) for different widths, i.e., ρc = 0.25mm for a 9mm
pile and ρc = 0.5mm for a 17.7mm pile (Figure 27).
Figure 26 indicates that increases in B for a constant ρc leads to a reduction in the rate of
cyclic degradation. This is consistent with the trend shown on Figure 24 and confirms
that cyclic degradation is more severe at higher ρc/B ratios. Similar rates of cyclic
degradation were, however, observed for the 14.4mm and 17.7mm wide piles, although
this is likely due to the similarity in the respective B values (within 15% of the average)
and the use of relatively small 6mm diameter lateral stress cells.
While σ'hc values for the 9mm wide pile were initially lower than those on the 17.7mm
wide pile (e.g., Figure 10), Figure 27 shows the rate of reduction of lateral stress during
cyclic loading with constant ρc/B (=0.028) is quite similar for the two pile widths. For
this case, it appears as if σ'h,min may increase with pile width. The influence of pile
width on ‘minimum’ lateral stress has significant implications for the design of large
diameter offshore piles and needs additional study.
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Figure 26. Influence of pile width of rate of cyclic degradation for constant ρc=0.25mm
at various sensor locations (a) 9mm behind tip; (b) 27mm behind tip; (c) 54mm behind
tip
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Figure 27. Influence of pile width of rate of cyclic degradation for constant ρc/B at
various sensor locations (a) 9mm behind tip; (b) 27mm behind tip; (c) 54mm behind tip
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9.5.5.

Post cyclic tension testing

As discussed by Lehane & White (2005), the shaft friction generated during tension
loading after cycling is difficult to predict due to the complex dependency of Δσ'hd on
the cyclic history. The tests of Lehane & White (2005) indicated that cycling resulted in
lower values of σ'hc, but that these were partially offset by relatively larger Δσ'rd values.
Larger displacements were typically necessary to generate these changes in lateral stress,
resulting in a ‘softer’ head response. Figure 28 shows average shaft friction and lateral
stress response near the pile tip for post cyclic tension tests performed during this study.

Figures 28a&b illustrate behaviour during the three tension tests on 17.7mm wide piles
while Figures 28c&d present results for the two other tests, one for the 9mm wide pile
and one for the 14.4mm wide pile. Average shaft friction was not consistently higher or
lower as a function of cycling, and the responses were not consistently stiffer or softer.
Reductions in void ratio due to contraction during cycling may lead to a dense interface
layer and higher stiffness values, although, this contraction may also lead to lower
lateral stresses and lower shaft friction / stiffness values.

Some observations from cyclic loading and tension testing within this series may be
summarized as follows:
•

Smaller amplitude cycles (ρc) for the 17.7mm wide pile resulted in larger lateral
stresses at the end of cycling (as compared to cases with larger amplitude cycles),
and thus higher average shaft friction values.

•

Even after 300 No. 0.25mm cycles, the 17.7mm wide pile had an average peak
shaft friction which was greater than that for monotonic installation. Changes in
the Δσ'rd term (rather than the σ'rc term) in Equation 1 are therefore more
dominant for this case.

•

Average shaft friction in tension for the 14.4mm wide pile after 300 No. 0.25mm
cycles is similar to that for the monotonic case. Initial stiffness is greater, while
the displacement to mobilize peak friction is increased, likely due to the larger
component of Δσ'hd.
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Figure 28. Load tests behaviour for piles cycled in tension after monotonic installation;
See Figures 13 and 17 for data relating to ‘Monotonic stiffness fit’ and ‘Monotonic
Peaks’

265
Chapter 9 – Effects of width on square centrifuge displacement pile behaviour in siliceous sand

•

The 9mm wide pile subject to 300 No. 0.25mm wide cycles had an average shaft
friction value which was approximately half of the value after monotonic
installation. Changes in lateral stress for this pile seem minimal for the first
0.5mm of displacement, resulting in relatively low values of Δσ'hd and thus τf,av.

•

Higher average shaft friction values for piles with lower L/Deq is consistent with
the apparent influence of pile diameter / width on reduction in lateral stress with
continued pile penetration (Equation 2), although the influence of diameter / width
on changes in lateral stress (Equation 3) showed the opposite behaviour in this
study. It is therefore apparent that Δy (Equation 3) is not constant during loading
and the operative shear modulus constraining dilation may also be influenced by
cycling.

9.6. Conclusions

Experimental results within this study related to installation, unloading, and tension
testing of relatively smooth centrifuge displacement model piles in a siliceous sand
indicate:
1. For piles embedded to the same depth, width had a significant influence on the
average shaft friction that can be developed during tension testing in this study.
2. The lateral stress during installation, σ'hm, was independent of the relative depth
of the pile tip, implying no influence of a stress bulb during installation.
3. Lateral stresses during installation (σ'hm) normalized to cone tip resistance
tended to increase in inverse proportion to the pile width during installation, and
also tended to decrease with pile width after unloading (σ'hc). This trend implied
that changes in lateral stress were proportional to width, resulting in a relatively
unique trend of σ'hc/qc with h/Deq after one unloading cycle (See Figure 11).

Tension cyclic loading was influenced by a larger number of variables, and it was
observed that:
1. Regardless of initial lateral stress after installation (σ'hc) or initial in situ
horizontal effective stress, cyclic degradation for a constant amplitude (ρc) and
pile width (B) tended towards a specific minimum lateral stress value during
cycling.

266
Chapter 9 – Effects of width on square centrifuge displacement pile behaviour in siliceous sand

2. Wider piles tend to have higher values of minimum lateral stress and larger
cycles tend to lead to lower values of minimum lateral stresses.
3. Lower values of lateral stress after one unloading cycle tended to result in a
more rapid decay in lateral stress to the minimum value (i.e., a decrease in ‘nc’).
4. Cycling at the same normalized displacement (ρc/B) results in similar ‘rates’ of
reduction in stationary lateral stress, σ'hc.
5. Changes in lateral stress during tension testing (Δσ'hd) after cyclic loading are
influenced by the magnitude and number of preceding cycles (even for these
relatively smooth piles). It follows that both Δy and G in Equation 3 are not
constant and that current methods for quantifying Δσ'rd (which assume those
parameters to be constant) need to be examined further.

Measurements of lateral stress during cyclic loading after installation within this study
are useful for understanding factors which influence quantification of changes in shaft
friction due to cyclic loading. For assessment of installation behaviour, reduction in
radial stress involves ‘progressive cycling’, where some lateral stresses will be
recovered during subsequent cycles. Characteristics of such variations in cyclic history
should ideally be accounted for in assessment of design method performance, and
require additional experimental measurements of lateral stress as well as numerical /
analytical modeling.
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10. TENSION TESTS ON DRIVEN PILES AT THE SHENTON
PARK SAND SITE

10.1. Introduction

This chapter summarizes results of tension testing for 2 series of driven piles at the
Shenton Park unsaturated siliceous sand test site in Western Australia. These test series
were primarily intended to evaluate the influence on pile shaft friction of the effective
area ratio, pile diameter, slenderness ratio (L/D), and time between installation and
loading. Evaluation of pile end bearing based on compression load tests for these
installations is discussed by Xu (2007) and are also included in Appendix A6 (Xu et al.
2007). In situ and laboratory test data for the Shenton Park test site are discussed in
Chapter 5.
10.2. Test programme

Twelve piles were driven at the Shenton Park site to a maximum depth of 4m. Six of
those piles (P1-P6) were installed in May 2005, while a second series of 6 piles was
installed in July 2005 (P7 – P12). Piles were driven using a 25 kg mass with a fall
height of 0.5m for all cases except for P7, which was driven using a 10 kg mass with a
fall height of 0.5m. Pile locations and adjacent CPTs are shown in Figure 1. CPT-1
through CPT-12 were performed in May 2005 and CPT-13 through CPT-21 were
performed in July of 2005, as discussed in Chapter 5. Profiles of pile installation
resistance (blow counts), incremental filling ratio, as well load displacement curves
measured in static tension tests are presented in Appendix A10 with additional
discussion presented by Xu (2007).
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Figure 1. Location of driven test piles and adjacent CPTs at the Shenton Park site

A summary of pile installation details and load test results is contained in Tables 1 and 2.
To calculate ultimate average shaft friction (τf,avg), the pile and plug weight were
subtracted from peak load during a tension test and that value was divided by the
surface area of the pile:

τ f ,avg =

Qt −

πD eq ,s
4

2

πD i
⋅ PLR ⋅ L emb ⋅ γ soil
4
2

⋅ L pile ⋅ γ steel −

(1)

πD ⋅ L emb

where
Qt

= peak tension load

D

= pile outer diameter

Di

= pile inner diameter

Deq,s

= the equivalent diameter of the steel = D 2 − D i

Lpile

= length of the pile including stickup above ground

Lemb

= embedded length of the pile

PLR

= plug length ratio

γsteel

= unit weight of steel

γsoil

= unit weight of soil in the plug
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2

Since piles were re-tested in tension a number of times, the embedded length was
reduced for calculation of pile surface area for each test.

The number of hammer blows during installation tended to increase with CPT qc as well
as the equivalent pile diameter during driving (Deq,d). Since the average cone tip
resistance was relatively constant for each series of tests, the correlation between
average blow count and Deq is shown in Figures 2 and 3. The equivalent diameter during
driving is calculated as a function the equivalent diameter of steel as well as the average
incremental filling ratio (IFR), or PLR for this (non layered) site:
D eq ,d = D 2 − IFR ⋅ D i ≈ D 2 − PLR ⋅ D i
2

2

(2)

It is inferred from Tables 1 and 2, as well as Figures 2 and 3 that:
• The closed ended piles had the highest average blow counts for each series of

installations. For Series 1, this occurred despite the closed ended pile (P3) having a
lower diameter than the 114mm diameter open ended pile P5; this trend indicates that
the installation resistance for these piles was dominated by the end bearing
component.
• The relatively linear variations in average number of installation blows with

equivalent diameter (Deq) indicate that the installation resistance is strongly
influenced by pile end condition (open ended /closed ended) and degree of plugging.
• The resistance to driving was much higher for May 2005 installations than that in

July 2005. This was a result of the pile hammer being sized based on CPTs
conducted in wet seasons of November 2003 (see Chapter 5 Table 3). Average qc
values in the upper 4m were 65% greater in May 2005 compared to November 2003.
Average qc values in the upper 4m were essentially the same in November 2003 and
July 2005, which resulted in acceptable hammer performance.
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Figure 2. Influence of equivalent diameter on soil resistance to driving for Series 1
(May 2005) installations

Figure 3. Influence of equivalent diameter on soil resistance to driving for Series 2 (July
2005) installations
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Table 1. Information on testing program for driven steel piles installed at the Shenton
Park site

Table 2. Installation details and load test results for driven steel piles at the Shenton
Park site

Since most pile load tests in the database studies discussed in Chapter 7 are relatively
short term first time tests (i.e., average time between installation and load testing of 9
days), and tension re-testing may influence measurements of capacity (e.g., Jardine et al.
2006), initial tension tests are discussed prior to evaluating trends in τf,avg with time. It is
noted that after installation of the 42mm diameter pile using the 10 kg hammer a ‘gap’
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caused by pile lateral movement during driving was observed between the soil and the
pile. Arching around the small diameter pile in the cemented / partially saturated sand
allowed for the gap to be maintained for a significant period of time resulting in very
low initial tension capacity. These effects would be less significant for full scale piles or
pile friction at depth and, therefore, test P-7 is not discussed further.
10.3. Initial tension tests

Four parameters are used to evaluate trends in tension test data:
a.

τf,avg (Eq. 1)

b.

qc,avg/τf,avg

c.

βs = τf,avg/σ'v0,avg

d.

τf,avg/fs,avg

These are fairly simplistic correlations which can not account for the many different
factors which influence pile shaft friction. For reference, short term (3 to 4 day) tension
test results from Shenton Park are compared with the design recommendations based on
(a) Toolan et al. (1990); (b) Meyerhof (1956); (c) API (2006); and (d) the assumption
that CPT sleeve friction roughly equal to pile shaft friction, i.e., τf ≈ fs. Figure 5 plots
data compared to the pile outer diameter while Figure 6 plots data compared to pile
slenderness ratio (L/D). The data from Tables 1 and 2 are separated into four categories
for these figures:
• Series 1 – O25: May 2005 installations of open ended piles using a 25 kg hammer;
• Series 1 – C25: May 2005 installations of closed ended piles using a 25 kg hammer;
• Series 2 – O25: July 2005 installations of open ended piles using a 25 kg hammer;
• Series 2 –C25: July 2005 installations of closed ended piles using a 25 kg hammer.

Each figure also contains the Coefficient of Variation (CoV) for τf,avg or the normalized
parameter (qc,avg/τf,avg, βs, τf,avg/fs,avg).
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Figure 5. Short term trends in tension capacity as a function of diameter

Figure 6. Short term trends in tension capacity as a function of slenderness ratio
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While no bias towards diameter or L/D is apparent in Figures 5 and 6, correlation
performance is inconsistent for these field data. Predominantly unconservative
predictions resulted from the application of (a) τf,avg (after Toolan et al. 1990); (b)
qc/τf,avg (after Meyerhof 1956); and (d) τf,avg ≈ fs,avg. The API βs method is generally
conservative for this case of short, small diameter piles in a medium dense sand.

Additionally, it is evident that the uncertainty in these simple methods is high, with CoV
varying from 0.36 for the API βs method to 0.6 for the ratio of τf,avg/qc,avg. The statistical
performance at this site is not meant to imply that the βs method is superior to CPT qc
based methods, but simply further illustrates that pile capacity is influenced by a large
number of variables and is not well understood. For small diameter piles with high
normal stiffness (kn=4G/D), dilation and contraction at the interface between the soil
and pile will have a much more significant influence on radial stress at the pile wall than
for large diameter piles (with a low normal stiffness) typically used in practice (e.g.,
Lehane et al. 2005d).

It is surprising that both of the closed ended piles (CEPs), one installed in May and one
installed in July, had much lower capacities that the open ended piles (OEPs). Each of
the CEPs had τf,avg of approximately 7 kPa, which was two to three times lower than the
average shaft capacity of equivalent open ended piles. While the behaviour of small
diameter CEPs having lower tension capacity than OEPs is odd, it is not unique to the
Shenton Park site. Lutenegger & Kelley (2000) observed shaft friction values on driven
piles (at 30 days after installation) varying from 7 to 15kPa in a loose to very loose sand,
and varying from 50 to 283 kPa in a medium dense to dense sand. Pile diameters varied
from 73 to 114mm, and the pile length was 9.1m at the very loose sand site and 6.1m at
the medium dense sand site. As with data from Shenton Park, no clear trends in shaft
friction were evident as a function of diameter or L/D and open ended piles had greater
capacity than closed ended piles for 4 of the 5 similar cases. These studies do not imply
that open ended piles will typically have higher shaft friction than closed ended piles,
but illustrates that isolation of one controlling variable is rarely achieved in studies of
pile shaft friction.
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To get a better understanding of the factors influencing the shaft capacity of
displacement piles, more detailed models need to be used. A simplified framework
based on the UWA-05 method (presented in Chapter 2, 6, 7, and Appendix A5) is used
here, where:

(

τ f ,avg = f q c ,avg , A r ,eff , tan δf
b

)

(3)

where:
qc

accounts for the initial increase in radial stress due to pile installation

Ar,effb accounts for the difference between open and closed ended piles
(including the effects of partial plugging during installation)
tanδf

is the soil-pile interface friction angle

The average shaft friction will be much less than the product of the three terms in
Equation 3 due to the reduction in radial stress behind the pile tip (or the ‘a’ parameter ),
as well as reduction in local friction with continued pile penetration, or friction fatigue.
There is a high degree of uncertainty in the assessment of the reduction in shaft friction
(or radial stress) with continued pile penetration. Attempting to quantify factors
influencing this reduction for the Shenton Park site is the focus of the analyses
presented here.

For the Shenton Park site, the sand had a relatively consistent median grain size (D50)
and each of the piles had similar roughness values, resulting in tanδf being relatively
constant. For these analyses, the ‘b’ parameter is kept as a constant 0.3, based on the
UWA-05 method (Lehane et al. 2005a). For quantification of friction fatigue, a
correlation including the number of installation blows (or cycles) is evaluated (after
White & Lehane 2004, White 2005). This correlation takes the form:
τf ,avg ≈

q c,avg ⋅ A r ,eff
a

0.3

N −x ⋅ tan δf

(4a)

For evaluating the potential effects of friction fatigue based on number of installation
cycles, Equation 4a can be rearranged as:
τ f ,avg
q c,avg ⋅ A r ,eff

0.3

≈

1 −x
N
a'

(4b)

where a' is influenced by (i) unloading behind the pile tip; (ii) soil-pile interface friction
angle; and (iii) changes in radial stress during loading. Figure 7 plots normalized
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average shaft friction against number of installation blows (cycles). The data are
grouped separately to highlight some consistent trends.
•

Plug length ratio (PLR) less than 0.5, indicating predominantly ‘plugging’ or
closed ended piles;

•

PLR greater than 0.5, or predominantly ‘coring’ open ended piles;

Fitting parameters and statistical performance for Equation 4b are summarized in Table
3. It is observed that the closed ended and partially plugged piles have higher ‘x’
parameters, or higher rates of ‘friction fatigue’. It is quite likely that the different stress
distributions surrounding open, closed, and partially plugged piles will effect soil
strength and stiffness parameters, and thus the ‘rate’ of friction fatigue. While a
dichotomy in rate of friction fatigue split at a PLR of 0.5 is less likely than the rate of
friction fatigue transitioning from open to closed ended piles with Ar,eff, the most
consistent trends in normalized average shaft friction decreasing with number of
installation cycles was observed for a split at PLR=0.5 for these tests.

Figure 7. Influence of number of installation blows on normalized average shaft friction
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Table 3. Calibration of trends in short term capacity (Figures 7 and 8)
Fitting
Parameter

‘a’

Number of
cycles, N

42

Slenderness
Ratio, L/D

42

Series
May/July – PLR > 0.5
May/July – PLR < 0.5
May/July – Open

μg1

σln1

1.05

0.23

Exponent, x
0.2
0.35
0.4

1.00
0.28
May/July – Closed
0.7
1
statistical parameter related to the lognormal distribution, with μg equal to the geometric mean of the
ratio of calculated to measured shaft friction and σln equal to the standard deviation of he natural log of
that ratio (approximately equal to CoV for σln<0.5)

As discussed in Chapter 9, the reduction in radial stress with continued pile penetration
is not solely a function of the number of installation cycles, but also characteristics of
those cycles. As cyclic loading may be characterized using the normalized cyclic
amplitude, ρc/D (Poulos & Chan 1986, Chapter 9), the average cyclic amplitude (ρc,avg)
is estimated as the pile length (L) divided by the number of cycles for installation (N).
Incorporating the number of installation cycles results in the following (familiar)
normalized parameter for evaluation of friction fatigue:

N⋅

L

ρ c ,avg

L
= N⋅ N =
D
D
D

(5)

While still a simplified parameter, the slenderness ratio (L/D) seems to be a rational
choice for evaluating ‘friction fatigue’ in relatively ‘uniform’ sand deposits, such as
Shenton Park. Based on Equation 4, a correlation to assess the influence of slenderness
ratio on normalized shaft friction is evaluated as:
τf ,avg ≈

q c ,avg ⋅ A r ,eff
a

0.3

−x

⎛L⎞
⎜ ⎟ ⋅ tan δf
⎝ D⎠

(6a)

For calibrating empirical trends, Equation 6a can be rearranged as:
τf ,avg
q c,avg ⋅ A r ,eff

0.3

1⎛L⎞
≈ ⎜ ⎟
a' ⎝ D ⎠

−x

(6b)

Trends of normalized shaft friction reducing with increasing L/D are shown in Figure 8,
and fitting parameters and statistical performance is summarized in Table 3. The same a'
parameter evaluated for Equation 4 is used for Equation 6. As with Figure 7, the data
are separated into two groups to highlight some consistent trends:
•

Open ended piles; and

•

Closed ended piles.
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It is evident that piles with a higher area ratio tended to have greater rates of friction
fatigue when assessed using L/D. While grouping of the data in Figure 8 differs from
Figure 7, it is still likely that differences in the stress distribution around open, closed,
closed and partially plugged piles effect operational strength and stiffness parameters,
and thus rates of ‘friction fatigue.’ Comparisons of Figures 7 and 8 also highlight that
assessment of friction fatigue based solely on number of installation cycles or
slenderness ratio is a simplification of behaviour that requires additional research.
Still, the CoV (approximated from σln) for these fits tends to range from 0.2 to 0.3 as
opposed to 0.35 to 0.6 for the simplified correlations in Figures 6 and 7. These better
fits may be presumed to occur since the more detailed correlations better account for the
multiple factors influencing axial pile capacity, but application of these fits to other sites,
data sets, or piles with significantly different geometries are likely to be relatively poor
due to the simplifications in the correlation formulation (e.g., friction fatigue is not
solely a function of L/D or number of installation cycles).

Figure 8. Influence of slenderness ratio on normalized average shaft friction

10.4. Influence of time on tension re-test capacity

The influence of time on pile capacity in sand has been discussed by a number of
researchers (e.g., Tavenas & Audy 1972, Skov & Denver 1988, Svinkin et al. 1994,
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Chow et al. 1998, Long et al. 1999, Axelsson 2002, Shek et al. 2006), but incorporation
of time effects in design is becoming more popular (Bullock et al. 2005, Dasenbrock
2006, Yang 2006, Jardine et al. 2006). It is highly unlikely that there is a unique
empirical trend of increases in pile capacity with time that is applicable to all sand sites,
and therefore mechanisms influencing the increase in pile capacity with time must be
understood prior to the development of design recommendations. Mechanisms currently
proposed to explain observations of increases in pile capacity with time include:
•

Increases in radial stress due to equalization of hoop and radial stress (Åstedt et al.
1992, Jardine et al. 2006);

•

Increases in radial stress due to equalization of free field radial stress with that
adjacent to pile (White & Bolton 2004, White et al. 2005);

•

Increases in radial stress due to constrained dilatant creep (Bowman & Soga 2005);

•

Increase in changes in radial stress during loading due to an increase in interface
dilation (Chow et al. 1998);

•

Increase in changes in radial stress during loading due to an increase in soil stiffness
(Chow et al. 1998, Axelsson 2002);

•

Increase in soil-pile interface friction angle from an increase in soil dilation angle
(Bullock et al. 2005); and

•

Increase in pile diameter, interface friction angle, and interface dilation from sand
‘welding’ to steel piles (Bea et al. 1999).

Since the tension re-tests at Shenton Park were performed on uninstrumented piles, the
dominant mechanism or degree of influence of different mechanisms is unknown. Still,
some insights can be gained from these data. It is re-stated that the previous loading
history of the piles may influence the rate of increase in shaft friction with time (e.g.,
Jardine et al. 2006).

Figure 9 presents average shaft friction vs. displacement for load tests at different times
for one 89mm diameter closed ended (P-03) and open ended (P-04) piles. Loaddisplacement curves for all tests are contained in Appendix A10. Trends in average
shaft friction, and average shaft friction normalized to qc,avg, σ'v0,avg, or fs,avg, with time
for all tension re-tests at Shenton Park are summarized in Figure 10. From these figures
(and Tables 2 and 3) it is apparent that peak tension re-test capacity continues to
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increase with time, and the ratio of capacity after one year to short term capacity is
greater than 10 in some cases. While many of the simple design correlations were
initially unconservative in respect to short term capacity in Figures 5 and 6, all design
methods in Figure 10 eventually become conservative in relation to measured capacity.

It is evident that very large increases in pile capacity with time occurred, and the
greatest increases were for the closed ended piles, P-03 (11 times after 376 days), and P12 (8.5 times in 265 days). These two piles also had unexpectedly low short term
capacity (3 to 4 days after installation). It is possible that the higher degree of
‘unloading’ behind the tip for these piles resulted in a stress regime that induced higher
‘creep rates’ and thus higher rates of increase in pile capacity with time. This behaviour
has been discussed in Chapter 5.4.5 for pressuremeter creep tests during unloading at
this site.

As with assessment of short term tension capacity, it is desirable to evaluate factors
potentially influencing time dependent pile capacity using the more detailed correlation
based on the UWA-05 method presented in equations 4 and 6, e.g.:

(

τ f ,avg = f q c ,avg , A r ,eff , tan δf
b

)

(3)

Changes in average shaft friction normalized by functions of qc,avg, Ar,eff, and L/D or N,
are plotted in Figure 11a and b, and changes in average shaft friction with time are
presented in Figure 11c. Two trend lines are plotted on each figure which bound a
majority of the data. Based on Equations 4 and 6 and fitting parameters in Table 3, the
trend lines take one of three similar formats:
⎛ τf ,avg ( t ) ⎞ x 1 ⎛ t
⎜
⎟N = ⎜
b ⎟
⎜q
a ⎜⎝ t ref
A
⋅
⎝ c ,avg r ,eff ⎠

⎞
⎟⎟
⎠

e

⎛ τf ,avg ( t ) ⎞⎛ L ⎞ x 1 ⎛ t
⎜
⎟ ⎟ = ⎜
b ⎟⎜
⎜q
a ⎜⎝ t ref
A
⋅
⎝ c,avg r ,eff ⎠⎝ D ⎠
τf ,avg ( t )

⎛ t
= τf ,avg ( ref ) ⎜⎜
⎝ t ref

⎞
⎟⎟
⎠

(7a)
⎞
⎟⎟
⎠

e

(7b)

e

(7c)

282
Chapter 10 – Tension tests on driven piles at the Shenton Park sand site

Figure 9. Load settlement curves for closed and open ended pies at Shenton Park for
different times between installation and loading

Figure 10. Trends in tension capacity with time for tension re-test at Shenton Park
283
Chapter 10 – Tension tests on driven piles at the Shenton Park sand site

The ‘b’ parameter of 0.3 based on the UWA-05 method is used for these assessments,
and the reference time (tref) is taken as 1 day. The ‘x’ and ‘a’ coefficients were fit for
short term capacity (3 to 4 days after installation), as shown in Figure 7 and 8, as well as
Table 3. More rapid degradation of shaft friction (higher ‘x’) was assessed for closed
ended piles (based on L/D) or piles with a higher degree of plugging (for N).

The following observations related to the increases in shaft friction with time,
characterized by the parameter ‘e’, are inferred from Figure 11:
•

‘e’ ranged from 0.2 to 0.39 and varied depending on how short term capacity was
normalized, i.e., Equations 7a, 7b, or 7c.

•

The range of ‘e’ in this study is higher than previous investigations, which report
‘e’ on the order of 0.05 to 0.18 (e.g., Svinkin et al. 1994, Long et al. 1999).

•

Not accounting for differences in time bias, the CoV of more the detailed
correlations (Equation 4a & 6a) developed to match short term capacity increased
with time. This implies that mechanisms which control short term shaft friction
differ from those controlling longer term shaft friction.

•

Closed ended piles with a higher rate of friction fatigue tended to have higher
rates of increase in capacity with time.

•

Whether normalizing shaft friction by Nx or (L/D)x, open ended and partially
plugged piles tended to have lower rates of increase in normalized shaft friction
with time as compared to the closed ended piles.

•

It is probable that the stress distribution around open, closed, and partially
plugged piles as well as the magnitude of ‘friction fatigue’ influence the rate of
increases in capacity with time (e.g., White & Bolton 2004, White et al. 2005).
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Figure 11. Changes in normalized shaft friction with time (a) average values; (b)
uncertainty (expressed as coefficient of variation)
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10.5. Conclusions

Results from load tests on uninstrumented small diameter driven piles at the Shenton
Park site indicate:
•

At this site, the soil’s resistance to driving increased with qc,avg and equivalent
diameter (Deq), rather than nominal diameter (D). This implies that driving resistance
was dominated by end bearing.

•

Simplified correlations between τf and a single parameter (i.e., qc, fs, σ'v0) had a
relatively high CoV and showed no bias towards diameter or slenderness ratio.

•

More detailed correlations based on the framework used for the UWA-05 method
implied a reduction in normalized average shaft friction with L/D and/or number of
installation cycles. The rate of reduction appears related to the end condition and/or
plugging during installation.

•

Pile tension capacity tended to increase with time at this site. Design correlations
which matched short term capacity well tended to have the CoV increase with time,
indicating that mechanisms which control short term capacity do not necessarily
control long term capacity to the same degree.

•

Piles which experienced higher degrees of ‘friction fatigue’ also appear to have
higher rates of increase in capacity with time. This effect may compensate for
simplifications in design formulations which do not explicitly account for friction
fatigue, and result in acceptable performance of design correlations rather than
overly conservative design correlations.

•

Pile capacity at this site increased with time at much higher rates than previously
observed (‘e’ on the order of 0.2 to 0.4 as compared to 0.05 to 0.18). Without local
instrumentation along the pile and/or surrounding the pile, the mechanisms
governing the higher rates are uncertain.

•

For this lightly cemented partially saturated sand deposit that undergoes seasonal
variations in CPT qc, the possibility of rusting and cementation of sand to the pile is
likely. The effects of sand cementing to these small diameter piles will likely result
in more significant relative increases in capacity than for full scale piles. Cracking
observed around the piles during tension testing (Figure 12) provides evidence of
post installation cementation. Similar crack patterns have been observed in the
vicinity of shallow foundations with cemented sand backfill subjected to uplift
(Consoli et al. 2007).
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Figure 12. Cracking around piles after long term (200+ days) tension re-testing at
Shenton Park
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11. INSTALLATION AND TENSION TESTING OF JACKED
SEGMENTED MODEL PILES AT SHENTON PARK

11.1. Introduction

Two series of instrumented jacked segmented model piles (SMPs) were performed to
address questions arising from the investigations on uninstrumented driven model piles
at the Shenton Park site discussed in Chapter 10, namely:
1. The influence of the number of loading cycles on tension capacity.
2. The distribution of shaft friction along the length of the pile.
3. Increases in pile capacity with time in the absence of pile rusting.
SMP1-2 and SMP2-1 were installed on 20 March 2006, and SMP1-3 and SMP2-2 were
installed 17 days later on 6 April 2006. Figure 1 shows the locations of installations and
associated in situ testing, which was discussed in more detail in Chapter 5.

Figure 1. Location of SMPs and associated site investigation tests
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11.2. Equipment

Since pile shaft capacity is a function of more variables than those which influence CPT
qc or fs, ideally, a segmented model pile could be installed and tested at various depths
along the anticipated length of a full size pile shaft to gain additional insights into
variables influencing the correlation between τf and qc for a given site (i.e., a, b, c, δ,
and e parameters). A number of previous investigations into full scale pile behaviour
have used segmented model piles (e.g., Beringen et al. 1982, Bogard et al. 1985,
Azzouz & Morrison 1988, Lambson et al. 1993, Karlsrud et al. 1993), although
investigations have primarily been performed at clay sites or lacked detailed
information concerning the distribution of friction along the probe. Two segmented
model piles (SMP-1 & SMP-2) with a diameter of 88mm and length of approximately
2m were developed for testing at the Shenton Park site. Photographs and diagrams are
shown in Figures 2 and 3, with instrument type and location given in Table 1.

The two SMPs were machined and strain gauged at UWA. Three to five levels of strain
gauging were located behind the pile tip to provide information on the distribution of
shaft friction along the length of the pile. The gauges were arranged in a Poisson bridge
and strain gauge locations (height above pile tip) SA-4 and SA-5 on SMP-1 are
essentially at the same location as SA-6 and SA-7 on SMP-2 (5.5 to 10.5 diameters
behind the pile tip). A tip load cell was incorporated into SMP-2, although it had
unreliable performance and data from the tip load cell are not discussed. Additionally,
accelerometers were incorporated into the model pile to measure shear wave velocity,
but interpretation was uncertain due to relatively poor wave quality, and is not discussed
in this thesis.

Pile segments were installed to 4m depth and were connected to the ground surface
using a standard 36mm diameter CPT rod (Figure 4). A top cap with an angle of 15°
(Fig. 2 & 3) connected the piles to the CPT rod, with the low angle minimizing uplift
resistance on the top of the pile.
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Figure 2. Photos of SMP-1, top hat, and CPT rod with diagram of strain gauge layout
and location of accelerometers (dimensions in mm)
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Figure 3. Photos of SMP-2, top hat, and CPT rod with diagram of strain gauge layout
and location of accelerometers (dimensions in mm)
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Figure 4. Diagram of SMPs installed on 6 April 2006 (dimensions in mm)1
1

SMPs installed on 20 March 2006 had the same vertical configuration as shown in this figure, although
the two piles were separated by 2.5m rather than by 3m
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Table 1. Summary of instrument locations (see also Figure 13, 14, and 15)
Instrument

ID

SMP-1
SMP-1
SMP-1
SMP-1
SMP-1
SMP-1

SA-1
Temp
SA-2
SA-3
SA-4
SA-5

SMP-2
SMP-2
SMP-2
SMP-2
SMP-2

T1
SA-6
Temp
SA-7
SA-8

Location behind
segment bottom
(mm)
SMP -1
30
30
118
206
470
910
SMP-2
0
471
471
871
1271

Description

Axial load (internal)
Temperature
Axial load (external)
Axial load (external)
Axial load (external)
Axial load (external)
Tip Load Cell
Axial load (external)
Temperature
Axial load (external)
Axial load (external)

After machining and prior to strain gauging, the SMPs were shot blasted and then zinc
plated. Pile roughness was measured along the length of the pile segments before and
after each test series using a Mitutoya SJ-201 portable surface roughness tester. The
shot blasting produced initial maximum surface roughness (Ry) values of approximately
50 μm, and average surface roughness values of 7 μm (Ra). Zinc plating was used to
minimize in situ rusting of the pile and accomplish the following two goals:
1. Maintain consistent performance of the strain gauges for each load test;
2. Minimize change in roughness over time due to rust or sand ‘cementing’ to the
pile surface. Elimination of these effects removes one variable which is
understood to influence changes in pile capacity with time.
No corrosion of the piles was observed upon extraction, and pile roughness values were
slightly lower than pre-installation values, indicating that the zinc plating achieved its
intended result. Roughness values reduced with continued pile penetration, degrading to
approximately Ry of 20 to 30 μm and Ra of 3 to 4 μm, as shown in Figure 5.
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Figure 5. Profiles of surface roughness measured using as a Mitutoya SJ-201 portable
surface roughness tester as a function of distance pushed/pulled in Shenton Park sand
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11.2.1. Installation and testing programme

Monotonic and cyclic installations were performed for the SMPs. SMP-1 was installed
monotonically, while SMP-2 was installed using 1-way and 2-ways cycles. Table 2
summarizes the installation procedures and testing programme, and Figure 1 shows the
test location plan in the vicinity of the SMPs. A complete list of symbols, full in situ
testing plan, and further discussion of in situ test results is provided in Chapter 5. It is
re-stated that the previous loading history of the piles may influence the rate of increase
in shaft friction with time (e.g., Jardine et al. 2006).

Figures 6 and 7 illustrate the first two stages of the installation procedure, respectively;
(i) SMP hanging in the CPT rig for measurement of initial zeros; and (ii) initial
penetration to 1-m below the ground surface. As seen on Figure 7, the seismic beam
inhibited heave at the ground surface to the left of the pile, which caused SMP1-2 and
SMP2-1 to move slightly off a vertical alignment. To minimize this effect, the seismic
beam was not placed until after the first metre of penetration for subsequent tests.

Table 2. Summary of the installation and testing programme
Pile
ID

SMP1-2

Tip
Depth,
ztip (m)

Installation

4.0

monotonic

Installation
Date

20-Mar-06

Days between installation and
loading
1st
Tens.

2nd
Tens.

3rd
Tens.

4th
Tens.

5th
Tens.

3

10

-

-

-

EOI1

3

10

-

-

4

12

161

-

-

EOI2

4

12

153

160

2:00pm
SMP2-1
SMP1-3

4.0
4.0

1-way cyclic

20-Mar-06

100mm1

10:30am

monotonic

6-Apr-06
11am

SMP2-2

4.0

2-way cyclic

6-Apr-06

+≈400/-100mm2

9am

±30 mm compression/tension cycles tests performed at each meter interval to assess τf,install with depth.
This resulted in the initial tension test performed at the end of installation (EOI).
2
The -100mm cycles resulted in an initial tension test at the end of installation (EOI).
1
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Figure 6. Top of SMP prior to penetration in CPT rig hydraulic loading frame
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Figure 7. SMP-1 adjacent to seismic beam after penetrating 1-m below the ground
surface
Figure 8 shows the variation in axial pile loads with depth for the installations
summarized in Table 2. ‘Monotonic’ installations of SMP-1 are characterized by
relatively smooth axial load distributions with ‘dips’ to essentially zero values of load at
1-m intervals. The characteristics of cyclic loading for SMP-2 can be visually identified
by drops to values of near zero load for one-way cycling (SMP2-1) and negative values
for two-way cycling (SMP2-2). Tension tests (30mm extraction) were performed at the
start of each 1-m rod for SMP2-1, as indicated by negative load values at 1m, 2m, 3m,
and 4m. Tension tests (100mm extraction) were performed at the end of each jacking
stroke (300mm to 500mm) for SMP2-2. The large tension displacement resulted in an
initial soft head load response for the piles upon re-loading in compression.
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Figure 8. Distribution of load along SMPs during installation
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The main observations for those profiles include:
•

The differences between successive strain gauge locations (i.e., SA-1 and SA-2;
or SA-6 and SA-7) indicate the value of shaft friction in compression during
installation. Monotonic installations (SMP1) show approximately 15% of
capacity coming from friction at the end of installation, while cyclic installations
(SMP2) indicate essentially no differences between SA-6 and SA-8, i.e., shaft
friction is negligible.

•

Total loads measured during installation on 20 March 2006 were approximately
20 percent lower than those on 6 April 2006. Increases in pile load were
comparable to increases in CPT qc for tests performed on those days. These
differences are attributed to a ‘seasonal effect’ at this site (Byrne 1994, Byrne &
Randolph 2003, Lehane et al. 2004, Chapter 5).

The layout of the SMP instrumentation, installation procedures, and installation loads
have been presented for the four instrumented piles discussed in this chapter. The
following sections present more detail on (i) shaft friction at the end of installation; (ii)
profiles of installation base resistance; (iii) shaft friction distribution along the length of
the pile; (iv) change in capacity with time; and (v) cyclic loading. Additional
information on residual loads during installation and behaviour during tension testing is
contained in Appendix A10.
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11.2.2. Installation friction

The installation process consisted of two main activities; (i) forward jacking; and (ii)
unloading. For SMP2-1, 30mm tension-compression cycles were performed at 1-m
intervals, while for SMP2-2 the pile was extracted 100mm in tension after each jacking
stroke. Tension-compression cycles during installation provided some indication of
cyclic degradation effects, but were also useful for quantifying any drift in baseline
zeros during installation. Due to the presence of residual loads, strain gauge readings at
zero head load during monotonic installation are not useful for assessment of potential
drift in baseline zeros.

Like CPT friction sleeve measurements using a subtraction cone, evaluation of pile
shaft friction from the segmented model pile tests is prone to uncertainty. The total load
that the instruments were designed to measure is based on total compressive capacity,
which is dominated by end bearing for relatively short pile segments. Small drifts in
zero readings have little relative influence on the evaluation of end bearing, but have a
significant influence on estimation of shaft friction. This potential error is compounded
when looking at the differences in strain gauge output, which is used for calculation of
local shaft friction for the SMPs:
τ f ,loc =

Q SA,x − Q SA,(x −1)

(1)

πD ⋅ Δ L

Where QSA,x is the load measured at a strain gauge, QSA,(x-1) is the load measured by the
next strain gauge, and ΔL is the difference in length along the pile between the strain
gauges. Figures 9 through 12 present the load measured on each strain gauge and the
assessed local shaft friction for a pair of adjacent strain gauges for the four SMP
installations. It is noted that local shaft friction for SMP-1 SA4-5 is from the same
location behind the pile tip as shaft friction for SMP-2 SA6-7, and allows the only direct
comparison for the two probes during installation. Shaft friction measured towards the
end of installation is the primary focus of the discussion presented here, since it is the
only measurement directly relevant for comparison with shaft friction measured in
subsequent tension tests discussed later.
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Figure 9. Shaft friction in compression for various strain gauge locations towards the
end of monotonic installation for SMP1-2

Figure 10. Shaft friction in compression and tension for various strain gauge locations
at end of cyclic installation for SMP2-1
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Figure 11. Shaft friction in compression for various strain gauge locations towards the
end of monotonic installation for SMP1-3

Figure 12. Shaft friction in compression and tension for various strain gauge locations
at end of cyclic installation for SMP2-2
Observations based on Figures 9 through 12 include:
•

Shaft friction for monotonic installations is much larger than shaft friction for cyclic
installations.

•

Shaft friction near the pile tip (SA1-2 and SA2-3) is approximately twice that
measured further behind the tip (SA3-4, SA4-5, SA5-6).
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•

Shaft friction for the pile installed using 1-way cyclic loading is approximately twice
that of the pile installed using 2-way cyclic loading, despite the greater number of
installation cycles. The character of the installation cycles as well as the number of
installation cycles evidently influences shaft friction degradation (e.g., Poulos &
Chan 1986, Chapter 9, Chapter 10).

•

The ratio of shaft friction in tension to that in compression for cyclic tests was
masked by: (i) possible shifts in zero readings during installation; and (ii)
degradation in friction with each cycle. The influence of stress reversals / cyclic
degradation on the ratio of shaft friction in tension to that in compression has
previously been illustrated by Lehane et al. (1993) and DeNicola & Randolph (1999),
among others.

11.3. Installation base resistance

The first step to CPT based design of displacement piles is to develop a profile of end
resistance. Prior to installation of each SMP, a cone penetration test was performed. To
account for potential site variability, it is ideal to be able to evaluate a qc profile at each
pile location. This can be determined from assessing an equivalent pile base resistance
(qb) during installation from the lower most pile strain gauge. The friction below the
strain gauge must be subtracted, and qb is evaluated as:
qb =

Q b QSA − πDh SA τ f ,avg,SA
=
ab
πD 2 4

(2)

where:
Qb

= load at the pile base

Ab

= area of the pile base

QSA

= load at strain gauge location

hSA

= height of strain gauge above the pile tip

τf,avg,SA = average shaft friction between strain gauge and tip
D

= pile diameter

Friction between the lowermost strain gauge and the pile tip was assessed as discussed
in the previous section. Since the lowermost strain gauge location for SMP-1 was only
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40mm above the pile tip, there was essentially no (less than 2%) influence of
estimations of τf,avg on qb. The lowermost strain gauge for installation of SMP-2 was
491mm above the pile tip, resulting in approximately 15 to 20 percent increase in qb for
τf,avg of 5 kPa as opposed to 50 kPa. Since minimal shaft friction was observed for SMP2, the location of the lowermost strain gauge was not a significant issue for estimation
of qb during installation. Profiles of qb for SMP-2 are more jagged than for SMP-1 due
to cyclic installation effects. Since the minimum cycle distance in compression was
100mm (or 1.14D), full base resistance values would have been mobilized for the
jacked piles (e.g., Coop et al. 2005, Colombi et al. 2006, Xu 2007, Deeks 2008).

As previously mentioned, CPT profiles were measured on the same day as installation
of the SMPs. Comparisons of CPT and estimated pile qb profiles are shown in Figure 13,
where they are seen to be in good agreement. The larger diameter of the pile tends to
smooth the CPT profile since the zone of influence for the tip is proportional to its
diameter. Observations of the relationship between pile qb and CPT qc at the Shenton
Park site are in agreement with observations made using the 100mm diameter Imperial
College model pile at medium dense and dense siliceous sands sites (ICP; Lehane 1992,
Chow 1997), despite differences in tip geometry (conical ICP vs. flat SMP).

Figure 13. Comparison of CPT qc and pile qb estimated from SMP strain gauges
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11.4. Tension re-tests after installation

As with the uninstrumented driven piles, displacement controlled tension re-tests were
performed at various times after installation (Table 2). It is noted that re-testing of piles
may influence the rate of increase in shaft friction with time (e.g., Jardine et al. 2006).
The same load test setup was used for tension re-tests on the SMPs, although a split
adaptor and sub were required to attach to the threaded rod (which passes through the
jack and hollow load cell) so that the electronic cables would not be damaged during
loading. The load test setup is shown in Figure 14, and example data for the load tests
on SMP1-3 at 161 days is shown in Figure 15. Processed data for all tension tests are
included in Appendix A10.

The zero readings for all tension re-tests was taken as the average of the initial zero
reading and the final zero reading. There was minimal shift in zero readings between the
tests, as indicated in Figure 15. For initial tension tests on SMP1-2 and SMP1-3, the pile
had remained in a state of compression with residual loads. The zero readings for strain
gauges were taken after each tension test, which had a minimal effect on interpretation
of load at each strain gauge level. While zero readings were repeatable and generally
agreed with laboratory measurements of temperature effects on the strain gauges,
selection of zero readings using the above mentioned procedure provided the most
consistent interpretation of shaft friction.

Figure 14. Tension load test setup for SMP’s at Shenton Park
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Figure 15. Results from tension re-test on SMP1-3 conducted 161 days after installation

The distribution of load in Figure 15 is based on peak load for SA5, which is indicated
on the axial load vs. displacement plot as well as the shaft friction vs. displacement plot.
Some changes in the load distribution along the pile occur with continued displacement,
but these effects are small and considered secondary effects or a function of gauge
performance.

The displacement to failure may be indicative of the change in radial stress during
loading (e.g., Lehane et al. 2005d). Since most dilation occurs after maximum obliquity
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(e.g., Taylor 1948, Dietz 2000), larger horizontal displacements are required to mobilize
the strength induced by increases in normal stress. While Figure 15 indicates maximum
friction is developed at a small displacement of only 0.85mm, this small displacement to
failure was not constant for all tests. Displacements to maximum friction (wp) for all
SMP tension tests are plotted against time in Figure 16. It is noted that the value of wp is
influenced not only by time, but also by (i) re-testing of the piles; and (ii) cyclic loading.

Figure 16. Changes in displacement to failure due to time, re-testing, and cycling
All pile segments except SMP2-2 showed relatively consistent trends for wp, regardless
of installation method. Initial tension tests required wp of approximately 10 to 15mm
while tension re-tests were much stiffer with wp typically around 3mm. It is noted that
API (2000, 2006) recommends wp=2.5mm for driven steel piles in sand, regardless of
diameter, and shaft friction is typically considered to be mobilized much sooner than
base resistance. For these initial tension tests, the wp/D of 10 to 15% required for peak
friction is the same or even greater than that required for mobilization of base resistance.
It is inferred from these relatively large displacements that dilation during loading in
short term tension tests was relatively significant. The large wp values observed in load
tests after cycling, is consistent with the respective large increases in radial stresses
required to recover radial stress lost during cycling, as discussed in the Chapter 9.
11.5. Cyclic Loading

Rate controlled 1-way cyclic tension re-tests were performed prior to pile extraction for
SMP2-2 (153 and 160 days after installation) as well as SMP1-3 (161 days after
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installation). Rates of loading were higher than the standard tension tests, and 20 cycles
were performed within a period of approximately 1 hour. These 1-way tests were
performed immediately after a tension test to failure. The magnitude of cyclic loading
was selected as a fraction of the previously measured failure load. Cyclic loading tests
are shown in Figures 17 through 19. Local shaft friction (averaged over the lower
480mm or ≈ 5.5D) is plotted against pile tip depth. Two figures are shown for each
cyclic test series, (i) cyclic loading along with the pre- and post- cyclic tension tests; and
(ii) cyclic loading shown on an expanded scale.

Figure 17. 1-way cyclic tension loading to τcyc/τf,max ≈ 0.5 for SMP2-2 (153 days)
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Average shaft friction over the lower 480mm of the pile (SA6-0 for SMP2 and SA4-0
for SMP1) is presented for two reasons: (i) a majority of the pile friction occurs over the
lower portion of the pile segment; and (ii) the data for SMP1 and SMP2 are for the same
depth intervals of the pile. It is noted that SMP2 underwent 2-way cycling during
installation, and both pile segments experienced 3 to 4 tension tests prior to cycling. The
cycling for SMP2 at 160 days also involved 20 low level cycles (0.5τf,max) at 153 days
prior to the second series of cycling of that segment. Figure 19 appears larger than
Figure 17 and 18, but this was to keep the vertical axis at the same scale.

Figure 18. 1-way cyclic tension loading to τcyc/τf,max ≈ 0.8 for SMP2-2 (160 days)

310
Chapter 11 – Installation and tension testing of jacked segmented model piles at Shenton Park

Figure 19. 1-way cyclic tension loading to τcyc/τf,max ≈ 0.8 for monotonically installed
SMP1-3 (161 days)
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Two main factors appear to affect the cyclic behaviour of these pile segments:
1. Degree of cycling during installation / previous cyclic history; and
2. Amplitude of cyclic loading;
The influence of time between installation and loading or number of loading cycles on
cyclic degradation was not investigated for these tests, but time is likely to have an
influence on cyclic behaviour.

Two sets of tests were performed on SMP2-2, one at 153 days and a second at 160 days.
This pile segment had previously experienced high level 2-way cyclic loading during
installation. For the test at 153 days (Figure 17) the pile showed a 4% reduction in τf at
the same level of head displacement after 20 No. one-way cycles to τcyc/τf,max ≈ 0.5.
Capacity continued to increase past 10mm of head displacement, and no post-peak
softening was observed to 20mm of displacement (w/D ≈ 22%). For the tests at 160
days (Figure 18), no change in capacity was observed for the week of setup after the
previous series of testing. Twenty one-way cycles with a higher magnitude of
approximately 0.8τf,max resulted in approximately 10% reduction in τf at 20mm
displacement. Pile capacity continued to increase with displacement, but pre-cyclic
strength was not mobilized within 44mm of displacement (0.5D).

Cyclic testing on the monotonically installed SMP1-3 at 161 days after installation in
Figure 19 showed markedly different response to that of SMP2-2. As with the second
cyclic test on SMP2-2, cycling was performed to approximately 80% of the pre-cyclic
maximum shaft friction. It is noted that the pre-cyclic shaft friction, and therefore the
magnitude of cyclic stress, are greater for SMP1-3. Unlike previous cyclic tests,
degradation in friction was observed for each one way cycle. This degradation resulted
in an average applied cyclic load of approximately two thirds of the maximum static
shaft friction. It is noted that the displacement within each cycle increased with each
cycle for this test series, but this displacement was limited by end bearing on the top of
the pile segment. During the (slower) static load test after cycling, the peak capacity at
20mm was 29 kPa, i.e., there was a 45% reduction from the pre-cyclic load test. During
the next 24mm of displacement, the capacity dropped another 15% and was essentially
equal to the shaft friction on SMP2-2. Similar trends were observed by Jardine et al.
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(2006), where post cyclic capacity of aged piles tended towards the end of driving (post
installation cycles) resistance.

The three cyclic tests are summarized in a cyclic stability diagram (e.g., Poulos 1988,
1989a) in Figure 20, with head displacement after 18 cycles listed next to each point. It
is clear that higher levels of shear stress during cycling also resulted in larger
accumulated cyclic displacements, regardless of the installation method. SMP1-3
showed larger accumulated displacements despite having a lower average cyclic stress
ratio (τcyc/τstatic≈0.67) than the second cyclic test on SMP2-2 (τcyc/τstatic≈0.8). This
resulted from reduction in capacity of the monotonically installed pile due to cycling,
where, evidently, this reduction had previously occurred during installation for the
cyclically installed SMP2-2. Post cyclic capacity degraded by less than 10% for piles
which experienced cycling during installation, however the monotonically installed pile
showed a reduction in post cyclic capacity of over 40%.

Figure 20. Summary of accumulated displacement and reduction in shaft friction due to
cycling
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11.6. Influence of time on shaft friction

Pre- and post- cyclic shaft friction with time is shown in Figure 21. Local shaft friction
in the lower 0.48m (5.5D) is shown in this figure, with shaft friction at other locations
showing similar trends. Pile shaft friction in compression at the end of installation is
included in the figure, although the appropriate ‘time’ for these data is uncertain. Trends
in shaft friction with time are quite complex due to; (i) differences in installation cycles;
(ii) differences in average end bearing / cone tip resistance for different installation
days; (iii) differences in loading direction for installation as compared to tension testing;
and (iv) the influence of re-testing on pile capacity. Based on Figure 21 and previous
data / discussion in this chapter it is inferred that:
•

Cyclic installation effects led to significantly lower shaft friction at the end of
installation as compared to monotonically installed piles.

•

For cyclically installed SMPs, shaft friction increased by 2 to 3 times between the
end of installation and the initial tension test at 3 to 4 days after installation.

•

For SMPs with monotonic installation, shaft friction in tension appeared to be 15 to
20 percent lower than initial shaft friction in compression. These differences are
likely due to large reductions in radial stress for the initial stress reversal as the
loading direction changed from compression (i.e., installation) to tension (e.g.,
Lehane et al. 1993, DeNicola & Randolph 1999). Since the cyclically installed SMPs
had already undergone tension compression cycles during installation, the influence
of the stress reversal was not as significant as the increase in shaft capacity with time.

•

CPT qc and shaft friction for the second set of installations (SMP1-3 and SMP2-2)
was higher than for the first set of installations. These increases were likely due to
seasonal effects in effective stress state due to suctions in the unsaturated soils,
although increases in τf proportional to increases in qc are not observed.

•

Between 4 and 10 days, both of the monotonically installed SMPs showed 40 to 50
percent increases in capacity, while the cyclically installed SMPs had little change.
Since both sets of piles were re-tested, these differences in behaviour with time are
uncertain.

•

Time effects are much less significant than observed for the uninstrumented piles
discussed in Chapter 10. Zinc plating of the SMPs prevented rusting, and thus would
have resulted in lower values of δ, Δy, Δσ'rd, as well as any changes in the uplift
mechanism due to cementation between the sand and pile.
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•

Only SMP1-3 and SMP2-2 were tested at a time between installation and loading on
the order of 150 to 160 days. As shown in Figures 28 to 30, these piles were tested in
tension, cycled, and then tested in tension immediately after the cycling. Small
changes in capacity were observed between 10 and 150 days for the re-tested piles,
although, the monotonically installed piles seemed to have slightly greater increases
in capacity and had a peak tension load that was twice that of the cyclically installed
pile at 150 days.

•

Upon cyclic loading, the pile which had undergone cyclic loading during installation
(SMP2-2) experienced little degradation, while the pile which had not experienced
previous cycling showed a degradation in peak capacity of 40%. The post cyclic
capacity for both piles was very similar.

•

Cyclic loading at 160 days after installation of the cyclically installed SMP2 did not
lead to degradation of shaft friction to values equal to that during installation. The
effects of time on cyclic degradation requires additional study.

Figure 21. Changes in shaft friction with time over the lower 0.48m (L/D=5.5) of the
SMPs

315
Chapter 11 – Installation and tension testing of jacked segmented model piles at Shenton Park

11.7. Analysis and discussion of SMP data

This section explores the local calibration of the UWA-05 pile design method using the
results of segmented model piles. Tension tests performed between 3 and 5 days are the
focus of this section.

As discussed in previous sections, the generalized equations for design of displacement
piles are expressed in this thesis as:
τ f = σ' rf tan δ f =

ft
(σ' rc + Δσ' rd ) tan δ f
fc

(3a)

For assessment of the ratio of τf to qc, the terms for shaft friction resulting from
stationary radial stress and changes in radial stress during loading can be separated:
τf f t f c (σ' rc tan δf ) f t f c (Δσ' rd tan δf ) τfc Δτfd
=
+
=
+
qc
qc
qc
qc
qc

(3b)

where τfc is the portion of shaft friction resulting from installation of the pile and
equalization of radial stress, and Δτfd is this increase in shaft friction due to changes in
radial stress during loading. The interface friction angle (δf) is addressed first, followed
by the Δτfd and τfc components of shaft friction.
Interface shear box tests were not performed on the Shenton Park sand, and therefore δcv
was estimated from the median grain size and average roughness of the pile. The
potential for variation in average roughness during installation was considered (Figure
5), although, it is possible that D50 may have reduced due to particle crushing during
installation (e.g., Klotz & Coop 2001). Particle crushing has not been accounted for, and
would result in an increase in δcv, but a decrease in Δy (which influences Δσ'rd). General
trends of δ vs. normalized roughness (Rn) are shown in Figure 22a, which are simplified
to trends of δcv against D50 for a range of interface roughness values in Figure 22b. As
indicated in Figure 22b, a value of δcv equal to 24o is used for analysis of SMP data.
This value is lower than general trends of δcv vs. D50 typically recommended for design
of driven steel piles (e.g., Jardine et al. 2005, Lehane et al. 2005a), although the
roughness of the SMP (4μm) is slightly lower than the assumed typical average
roughness value of 10μm.
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Figure 22. Selection of δcv for SMP’s at Shenton Park (see Appendix A1 for details of
Figure)
The change in radial stress, and thus shaft friction, is often estimated using elastic
cylindrical cavity expansion theory:
Δσ' rd =

4G
Δy
D

(4)

Only the ICP-05 and UWA-05 design methods explicitly account for changes in radial
stress during loading of displacement piles in sands. Those methods assume that G can
be represented by G0 and a Δy value that is approximately twice the average roughness
of the pile (Chow 1997). Based on qc and qb measurements at Shenton Park and an
interface roughness of 4μm (Figure 5), calculations of Δσ'rd and Δτfd are presented in
Figure 23. It is noted that the Δy of 8μm used here is a factor of 2.5 less than the 20μm
commonly assumed for steel piles (e.g., Jardine et al. 2005, Lehane et al. 2005a). Two
correlations are used for G0:
G0
−0.7
≈ 185 ⋅ q c1N
qc

(5a)

Equation 5a is based on the correlation for uncemented normally consolidated sands by
Baldi et al. (1989), as recommended by ICP-05 and UWA-05.
G0
−0.75
≈ 500 ⋅ q c1N
qc

(5b)

Equation 5b is based on measured shear wave velocity data at the Shenton Park site, as
presented in Chapter 5 (Figure 23). Figure 23a compares estimates of Δσ'rd as a function
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of G0 using Equations 5a and 5b, while Figure 23b compares the calculated Δτf/qc ratio
(assuming ft/fc=0.75 for tension loading) to SMP measurements of τf/qc (not Δτf/qc)
during field tension tests 4 days after installation at Shenton Park.
It has previously been mentioned that while the assumptions of G=G0 and Δy=2Ra may
provide reasonable assessment of Δσ'rd is some cases, this would only be due to
overprediction of G and underprediction of Δy (e.g., Lehane et al. 2005d, Appendix A1).
Reliance on compensating effects in design often leads to significant errors when
extrapolating to new conditions, such as the slightly cemented sands at Shenton Park.
The updated G0/qc correlation results in calculation of Δσ'rd that is 2.6 times greater than
the correlation used for the ICP-05 and UWA-05 methods. Of greater concern is that the
calculated normalized change in shaft friction during loading (Δτf/qc) is greater than the
normalized measured total shaft friction (τf/qc=τfc/qc+Δτf/qc) for SMP data above ≈
3.5m. When originally discussing the Δσ'rd term, Lehane et al. (1993) observed that the
change in lateral stress during loading resulted in an increase in shaft friction of
approximately 40% for a 100mm diameter jacked pile in medium dense sand. The
assumption of G=G0 and Δy=2Ra significantly overpredicts Δσ'rd for these pile load tests
and it is clear that a more rational evaluation of the radial stress changes during loading
is required.
The assumptions that G=G0 and Δy=2Ra do not agree with two fundamental concepts in
geotechnical engineering:
1. Stress-dilatancy behaviour of sands
2. Soil stiffness nonlinearity
While no measurements of Δσ'rd were recorded during these tests at Shenton Park, Δσ'rd
is estimated based on a review of stiffness measurements from the pressuremeter test
and maximum expected values of interface dilation.
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Figure 23. Comparison of assumptions for (a) Δσ'rd and (b) Δτf/qc
Evaluation of maximum dilation during laboratory soil-soil and interface shear tests is
presented in Appendix A1. Like soil-soil shear tests, sand-steel interface shear tests tend
to follow stress dilatancy behaviour (e.g., Dietz 2000), with dense sands dilating more
than loose sands and normal stress influencing this dilation. Dilation will tend to
decrease with normalized roughness (Rn), which is defined here as the average
roughness (Ra) divided by the median grain size (D50). It is noted that the SMP’s had an
average roughness of 4 microns (Figure 5) for a majority of the testing discussed here,
and D50 of 0.42mm (Chapter 5, Table 2), resulting in Rn of approximately 0.01. Figure
24 plots maximum dilation normalized to D50 against normalized roughness. Data from
two cases are compared; (a) monotonic loading; and (b) monotonic loading after cycling.
For monotonic loading at relatively low effective normal stresses ‘loose’ sands tend to
contract while ‘dense’ sands tend to dilate. The dilation for the very dense sand data at
relatively low effective stresses may be considered as the maximum expected value of
interface dilation, and is estimated as (Appendix A1):
Δy max
0.4
0.6
≈ 2.5D50 R a
D50

(6)

For the pile load tests at Shenton Park, the maximum expected dilation could be
estimated as 0.06mm. This maximum expected dilation, Δymax, could decrease due to:
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(i) reduction in density
(ii) increase in normal stress
(iii) high normal stiffness (for constant normal stiffness interface shear tests or
constrained dilation around piles, e.g., Lehane et al. 2005d)
(iv) particle crushing during pile installation (e.g., Klotz & Coop 2001)

Figure 24. Evaluation of Δymax during interface shear tests (a) monotonic and (b)
monotonic after cyclic (see Appendix A1 for symbols and references)
Figure 24b shows the maximum dilation measured in monotonic tests following cyclic
loading (data from Westgate 2005). For the range of roughness values tested in Figure

24b, reasonable agreement is achieved with the Δymax trend represented by Equation 6.
For monotonic loading after cyclic loading, the initially ‘loose’ sands (open symbols)
and initially ‘dense’ sands (closed symbols) tend to exhibit similar Δy/D50 values likely
due to densification of the shear band during cycling, although there is more uncertainty
in the simple correlation. The results of Figure 24b broadly agree with post cyclic
tension testing on centrifuge model piles presented in Chapter 9, which also showed that
cycling effected Δσ'rd, but that Δσ'rd varied depending upon the number and amplitude
of the cycles.

While Equation 4 appears quite simple, estimation of operation stiffness values are far
from straight forward. For an interface dilation of 0.06mm (Equation 6) adjacent to the
88mm diameter SMPs, a cavity strain (2Δy/D) of 0.15% is calculated. This strain level
is much greater than the elastic threshold shear strain (≈1x10-4 %) and G values much
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lower than G0 should be expected. While a cavity strain of 0.15% is similar to the
average cavity strain within a pressuremeter unload-reload loop (e.g., Chapter 5, Figure
37), it must be recognized that the stress state surrounding a pile is quite different from
that associated with unload re-load loops. The radial stress has already been increased to
a value approaching the cylindrical cavity expansion limit pressure before being
reduced to a value on the failure line in extension (Chapter 5 Figure 2). Therefore, the
stiffness during re-load loops for a pressuremeter test which has followed a stress path
similar to pile installation are more appropriate than those in unload-reload loops during
initial loading.

As discussed in Chapter 5, the self boring pressuremeter test in BH3 at 3.3m had a
series of 3 reload loops after expansion and unloading to a radial effective stress of
approximately 16 kPa, as shown in Figure 25. This depth range and initial cavity stress
are similar to those for the SMPs. The three reload loops had secant shear modulus
values reducing from 12MPa to 7.2MPa with increasing strain level. During initial
loading Gsec values on the order of 20MPa were recorded for a similar strain range. This
highlights the importance of stress history and stress level on shear stiffness, as
discussed by Coop & Jovičić (1999), among others.

Figure 25. Stiffness in re-load loops after unloading (BH3 at 3.3m)

321
Chapter 11 – Installation and tension testing of jacked segmented model piles at Shenton Park

Figure 26. Assessment of Δσ'rd based on SBP secant modulus and Δymax estimated from
laboratory interface shear tests
Three combinations of Δy and Gsec are evaluated in Figure 26, and the results of this
parametric study form the basis of Δσ'rd calculations used to interpret SMP data:
•

Case 1: Δy=Δymax (Equation 6); Gsec at a cavity strain of 0.15%

•

Case 2: Δy=Δymax/2; Gsec at a cavity strain of 0.08%

•

Case 3: Δy=Δymax/4; Gsec at a cavity strain of 0.04%

As previously mentioned, Δy may be less than Δymax due to (i) relative density condition
below very dense; (ii) high stress levels; (iii) high normal stiffness values constraining
the dilation; and/or (iv) particle crushing during installation. Significant levels of
cycling also have the potential to lead to Δy values greater than predicted using
Equation 6. The three cases outlined above are compared to Δσ'rd values estimated from
a constant correlation with qc, as supported by Figure 23. Δτf/qc equal to 0.0007 matches
well with Case 3 outlined above. When a ratio of Δσ'rd in compression to that in tension
of 0.75 is taken (after UWA-05, Lehane et al. 2005a), a Δτf/qc ratio of 0.0005 in tension
is calculated. This ratio is less than all SMP measurements of τf/qc and provides
relatively consistent interpretation between (i) field measurements of τf; (ii) SBP
measurements of stiffness; (iii) and laboratory estimates of Δy. In summary, a ratio of
Δτf/qc of 0.0007 is used in compression and 75% of that value is used in tension for
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interpretation of SMP data. These ratios are specific to this site, as well as the
dimensions and interface roughness of the SMPs.

Evaluation of the component of shaft friction resulting from installation and unloading
(τfc) is based on the following general expression.
−c

τfc f t A r ,eff
⎛h ⎞
=
max ⎜ , ν ⎟ tan δf
qc fc a
⎝D ⎠
b

(7a)

where:
ft/fc

= the ratio of shaft friction in compression to tension, with ft/fc in compression
taken as unity

a

= parameter to account for the reduction in radial stress behind the pile tip

b

= parameter to account for differences between open and closed ended piles

c

= exponent which accounts for ‘friction fatigue’

ν

= parameter which provides an upper limit on h/D-c at the pile tip

Ar,eff

= effective area ratio: Ar,eff = 1-IFR(Di/D)2

IFR

= incremental filling ratio: IFR=Δhplug/Δhpile

Δhplug = incremental change in plug height (of an open ended pile) during installation
Δhpile = incremental change in pile tip depth during installation
D

= pile outer diameter

Di

= pile inner diameter

h

= height above the pile tip; h=L-z

L

= pile length

z

= depth of a soil element adjacent to a pile

For closed ended piles, the area ratio term (Ar,eff) becomes 1, and Equation 7a simplifies
to:
−c

τfc f t 1
⎛h ⎞
=
max ⎜ , ν ⎟ tan δf
qc fc a
⎝D ⎠

(7b)

Taking δf and Δτf/qc as discussed above, 4 sets of SMP data from tension tests at 3 to 4
days after installation are used to fit ‘a’, ‘c’, and ‘ν’ parameters for Equation 7b. Fitting
parameters and a summary of the performance of Equation 7b are presented in Table 3.
The ‘performance’ of Equation 10b is based on the geometric mean (μg) of the ratio of
calculated to measured local shaft friction (Qc/Qm), and σln is the standard deviation of
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the natural log of Qc/Qm (which is approximately equal to CoV for σln < 0.5). No bias
towards height behind the pile tip is observed in Figure 27, indicating the selection of
‘c’ parameters is acceptable. It is noted that despite the slightly longer period of time
between installation and loading for the second series of SMP installations (SMP1-3,
SMP2-2), the predictions of shaft friction are 25% less conservative than the
installations 17 days earlier. It was also noted that the average pile base installation
resistance (over the depth of SMP instrumentation) was 25% higher for the second
series of installations. As indicated in Figure 21, there is a ‘seasonal’ increase in τf at
this site, but this increase is not proportional to increases in qc.
Profiles of local shaft friction, as well as that value normalized by (i) local initial
effective vertical stress; and (ii) local pile base installation resistance, both averaged
over the length of the strain gauged section, are shown in Figure 28 for the test series at
3 to 4 days after installation. Summary plots are contained in Appendix A10 for
compression resistance at the end of installation, as well as for tension re-tests at other
times between installation and loading. The data are compared to curves based on the
format of the UWA-05 pile design method and fit to data from tension tests at 3 to 4
days after installation, as summarized in Table 3. A trend using ‘a’, ‘c’, and ‘ν’
parameters for the UWA-05 method (Lehane et al. 2005a, Appendix A5, A7) is also
shown on the figures, but it is noted that Δσ'rd is calculated using a ratio of Δτf/qc of
0.0007 in compression and 75% of that value in tension, as approximated for
interpretation of the SMP data.

Table 3. Summary of fitting parameters for SMP data
ID

Installation

Time

ft/fc

a

c

ν

μg

σln

(days)
SMP1-2

Mono

3

0.75

55

0.7

1.0

0.88

0.29

SMP1-3

Mono

4

0.75

55

0.7

1.0

1.11

0.16

SMP2-1

Cyclic

3

0.75

55

1.15

1.0

0.90

0.05

SMP2-2

Cyclic

4

0.75

55

1.15

1.0

1.13

0.34

1.00

0.25

all
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Figure 27. Comparison of calculated and measured local shaft friction for model
calibrated to data collected at a time of 3 to 4 days after installation
Data in the figures are relatively consistent and τf tends to increase with time between
installation and loading. It is evident that:
•

Average shaft friction is highest close to the pile tip, with values near the tip being
over three times greater than those at h/D of 8.

•

Average shaft friction for monotonically installed pile segments appears higher than
that for cyclically installed segments. This is a difficult comparison since the only
strain gauge pairs that are directly comparable are at h/D=8.

•

βs,loc (= τf,loc/σ'v0) is not constant with height above the pile tip. Despite the sand
having a relatively uniform medium dense consistency, βs,loc reduces by a factor of
10 from a maximum near the pile tip.

•

The degree of unloading behind the pile tip (a parameter = 55) at the Shenton Park
site is likely to be similar to that measured using the 100mm diameter ICP at the
Labenne medium dense sand site (a=52, Lehane & Jardine 1994). This value is
slightly greater than that for the UWA-05 method.

•

The rate of reduction in friction with continued pile penetration for cyclically
installed tests (c parameter = 1.15) appears significantly greater for the Shenton Park
site as compared to tests using the 100mm diameter ICP at Labenne (c =0.33; Lehane
& Jardine 1994), or the UWA-05 method (c=0.5, Lehane et al. 2005a). As previously
mentioned, this may result from cementation or suction effects at the Shenton Park
site, although, the separation of a- and c- parameters is unclear.

With these high ‘rates’ of degradation in friction it is likely that a ‘minimum’ value of
radial stress (Chapter 9, Appendix A11) may be influencing interpretation.
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Measurement of radial stresses during installation and loading are necessary for
assessing this factor influencing pile shaft friction in sands.

Figure 28. Distribution of shaft friction in tension behind pile tip at time = 3 to 4 days
between installation and load testing (closed symbols monotonic installation, open
symbols cyclic installation)
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As discussed in the previous chapter, pile shaft friction in sand tends to increase with
time and design correlations which are fit to match measured capacity at a given time
tend to have greater levels of uncertainty (CoV or σln) at different times. These factors
should also be compared for ‘virgin’ pile tests with no previous loading, as previous
load testing may affect the rate of increase in pile shaft friction with time (e.g., Jardine
et al. 2006). The parameters ‘a’, ‘c’, and ‘ν’, which were fit to SMP data from tension
tests at 3 to 4 days after installation had a CoV of 0.25 for those test data (Table 3).
Figure 29 plots the bias (Qc/Qm) and uncertainty (σln ≈ CoV) with time for estimation of
local measurements of shaft friction. For parameters fit to data at 3 to 4 days after
installation, shaft friction from shorter term tests are significantly overpredicted and
shaft friction for longer term tests are slightly underpredicted. The CoV tends to be
higher when applied to times that differ from the calibration time. As discussed in
Section 10.4, the mechanisms which influence capacity at a given time also tend to
affect the rate of change in capacity with time, and a unique ‘rate’ of increase in
capacity with time should not be expected.

Figure 29. Time dependence on prediction of SMP measurements (a) calculated and
measured capacity, (b) standard deviation in natural log of Qc/Qm (≈ CoV)
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11.8. Conclusions

Monotonic and cyclic installation, tension re-testing, and cyclic loading of segmented
model piles at the slightly cemented unsaturated Shenton Park sand site highlighted
many of the mechanisms which influence pile capacity in sand. Based on these test
results and interpretation it is concluded that for this relatively uniform medium dense
unsaturated slightly cemented sand site:
•

Local shaft friction increases with depth, and is highest near the pile tip.

•

The ratio of local shaft friction to initial vertical effective stress is not constant,
and tends to be highest near the pile tip.

•

The ratio of local shaft friction to pile installation base resistance (or cone tip
resistance) is not constant, and also tends to be highest near the pile tip.

•

The reduction in local friction with continued pile penetration, referred to as
friction fatigue, results in the ratio of τf/qc reducing with ‘height’ (h) above the
pile tip.

•

The rate of friction fatigue (‘c’ parameter) is greater for cyclically installed piles
than for monotonically installed piles.

•

This ‘rate’ of friction fatigue (c= 0.7 to 1.15) is also much greater than previously
observed for the 100mm diameter ICP piles jacked into medium dense (c=0.33,
Lehane 1992) and dense (c=0.38, Chow 1997) sands. Higher rates of reduction in
shaft friction for the Shenton Park site may be caused by the slightly cemented
nature of the sands, as indicated by relatively high G0/qc ratios discussed in
Chapter 5.

•

Changes in radial stress during loading at this site were significantly
overpredicted when assuming G=G0 and Δy=2Ra for Equation 4. These
assumptions ignore soil stiffness nonlinearity and stress-dilatancy theory.
Pressuremeter reload loops after expansion and contraction coupled with a
function of the maximum expected values of dilation from laboratory tests
allowed for a more rational interpretation of Δσ'rd. Measured changes in radial
stress during loading of piles with different diameters is necessary to be able to
verify assumptions relating to G and Δy.

•

Seasonal effects led to increases in qc and τf for this unsaturated to partially
saturated sand site, but increases in τf are not proportional to qc. This is likely due
to the brittle nature of increases in strength and stiffness due to suctions or
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cementation, and more rapid degradation of strength and stiffness during pile
installation in these material types.
•

Pile shaft friction tended to increase with time, although the ‘rate’ of increase was
influenced by installation methods as well as re-testing of the piles.

•

Monotonically installed piles tended to have much higher magnitudes of cyclic
degradation than cyclically installed piles. Part of this larger magnitude of cyclic
degradation resulted from the large increases in shaft capacity with time for the
monotonically installed pile.

•

Displacements tended to accumulate during cyclic loading. The accumulated
displacement for a given number of cycles increased with stress level during
cycling. As suggested by Nunez et al. (1988), among others, ‘failure’ of piles in
sand due to cyclic loading will likely result from an accumulation of cyclic
displacements.

329
Chapter 11 – Installation and tension testing of jacked segmented model piles at Shenton Park

330

CONCLUDING REMARKS

331

332

12. SUMMARY, CONCLUSIONS AND FUTURE WORK

12.1. Summary

The past 70+ years has seen an extensive amount of testing and interpretation to assist
evaluation of the axial capacity of displacement piles. Still, there does not seem to be a
‘preferred’ framework for general use, with practice dominated by ‘local’ empirical
correlations. Five factors which have contributed to the difficulties in development of a
consistent and reliable framework include:
1. Poor quantification of the vertical variability in soil state along the length of a pile
(prior to the availability of CPT data).
2. Limited high quality measurement of the distribution of shaft friction (more
specifically radial stress) along the length of a pile.
3. Erroneous simplifying assumptions in the development of early design frameworks.
4. Use of oversimplified design frameworks (with ‘flexible’ input parameters) to
analyze research data.
5. Influence of pile geometry (diameter, end condition, and embedded length) and
installation method on the dominant mechanisms controlling friction along the shaft
of a pile.

The relatively simple API RP2A formulation for evaluation of axial pile capacity in
sand, expressed in Equation 1, has a perceived high level of ‘success.’
τ f = K f σ' v 0 tan δf = βs σ' v 0 ≤ τ f ,lim

(1)

This simple equation, forming the backbone of the method’s means of assessing shaft
friction on piles in sand, is not ‘incorrect,’ but the following assumptions implicit in its
application have been shown to be inconsistent with current experience by a number of
independent studies conducted over the past 40 years of research. It has been shown
that:
•

Kf is not approximately K0 for low displacement piles (open ended piles typically
used offshore);

•

Kf is not constant for all sands regardless of density and initial stress level;

•

δf is not primarily a function of relative density;

333
Chapter 12 - Summary, conclusions and future work

•

Kf is not solely a function of the soil friction angle and initial vertical effective stress,
and

•

the nonlinear increase in τf with σ'v0 can not be quantified reliably using limiting
shaft friction values for a variety of soil densities (states) and layering conditions.

It has also been established by previous research that for displacement piles in sands:
•

τf increases with relative density for the same initial stress conditions, soil
compressibilities, and pile geometry, for both open and closed ended piles.

•

δf is approximately equal to δcv for sand sheared against steel and concrete (with the
typical characteristics/roughness used for driven piles);

•

The nonlinear increase in τf with σ'v0 is a function of sand state (or cone tip
resistance) and pile characteristics (length, diameter, end condition, relative
roughness, installation cycles). CPT qc profiles currently provide the most reliable
means for evaluation of local variation in τf due to soil state in uncemented sands.

Based primarily on the framework of Lehane & Jardine (1994) and Gavin & Lehane
(2003), the following generalized equations are used in this thesis (as well as in other
recent work, e.g., White 2005, White & Deeks 2007).
τ f = σ' rf tan δf = (σ' rc + Δσ' rd ) tan δf
b

σ' rc =

q c A r ,eff
⎛h ⎞
max⎜ , ν ⎟
a
⎝D ⎠

Δσ' rd = 4G ⋅

(2a)

−c

(2b)

Δy
D

(2c)

Increases in shaft friction with time are due to increases in σ'rc, Δσ'rd (i.e., G or Δy), δf,
and possibly diameter due to cementation of sand to the pile.

While this format is still a simplification of actual behaviour, it is indicative of the
primary mechanisms which influence axial shaft capacity and hence can reduce
uncertainty in design.

A criticism of Equation 2b which has been brought to the author’s attention over the
past 3 years is that the incremental filling ratio is not known at the time of design,
adding uncertainty to Equation 2 as compared to other methods which do not require
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that input parameter. It is re-iterated that ignoring parameters which have been shown to
influence pile capacity tends to induce bias in pile design methods. As discussed in
Chapter 8, this bias is more significant than uncertainty when calibrating safety factors,
and needs to be accounted for in development of design methods. If a parameter
significantly influences soil behaviour during pile installation and loading it must be
included in method formulation or rational design decisions can not be made.
Given the basic assumption that σ'rc=f(qc), this thesis has investigated the influence of
soil state and drainage conditions on cone tip resistance. For the case of drained cone tip
resistance, changes in the relationship between cone tip resistance and shaft friction of
displacement piles due to pile geometry and time between installation and loading were
investigated. The following sections present general conclusions and recommendations
for future research.
12.2. Conclusions

When developing design methods or frameworks, many different types of data and
analyses need to be reviewed; (i) analytical solutions; (ii) numerical studies; (iii) small
scale 1-g (lab / field) and/or centrifuge model tests; (iv) laboratory element test results;
as well as (v) databases of full scale performance in the field. If consistency in
interpretation is observed, a resulting methodology will tend to have a lower level of
uncertainty for the cases examined as well as a lower level of uncertainty when
extrapolated to cases which were not explicitly considered when verifying a method.

1. For analysis of piezocone penetration test (CPTU) data (Ch. 3 & 4), consistency
was observed between experimental studies, parametric evaluations of
analytical/numerical analyses, and field data. These data and analyses indicate:
•

Normalized cone tip resistance (Q=qcnet/σ'v0) and penetration pore
pressures (Δu2/σ'v0) are influenced by soil state and degree of
consolidation during loading.

•

Dividing the excess pore pressure by the net cone tip resistance for the Bq
parameter (= Δu2/qcnet = Δu2/σ'v0⋅Q) distorts interpretation of the data, as
increases in YSR (state) and partial consolidation both result in increases
in Q and decreases in Bq for a given site.
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•

Since the shear and octahedral components of penetration pore pressure
are rarely exactly equal, one of those components typically dominates the
Δu2/σ'v0 response during undrained penetration. This results in a relatively
narrow band of data near Δu2/σ'v0 equal to zero which indicate essentially
drained penetration.

A new framework for soil classification by piezocone resulted, which is
significantly different from that currently used in practice. This framework helps
separate ‘drained’ and undrained’ cone penetration, which is a first step towards
analysis of axial pile capacity using the CPT.

2. This thesis has investigated the shaft capacity of piles in sand using (i) field
testing of 34 to 114mm diameter piles; (ii) centrifuge testing of 9 to 17.7mm
wide piles; and (iii) a database of 0.2 to 2m diameter piles. The resulting
observations include:
•

Changes in radial stress during pile loading / cycling are particularly
significant for smaller diameter piles (D < 300mm). Considering an elastic
cylindrical cavity expansion analogy, (kn=4G/D), this sensitivity results
from:
-

High normal stiffness (kn) due to small pile diameter;

-

High normal stiffness (kn) due to high shear modulus (e.g., cemented
soils); as well as

•

a high ratio of shear band thickness to pile diameter (Δy/D).
The lack of consistency between centrifuge studies, small diameter field
piles and a database of field load tests highlights the high levels of
uncertainty still existing in analysis of axial pile capacity in sands.

•

That high level of uncertainty implies some levels of conservatism in
design procedures, although the level of conservatism is currently
unknown. The balance between applied safety factor and level of inherent
conservatism must be understood if attempting to increase design
efficiency.

3. Despite these current levels of uncertainty, this research has identified the
following seven factors which have the most significant influence on shaft
capacity of displacement piles.
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•

Increases in radial stress due to pile installation
-

Soil state, drainage conditions, and pile effective area ratio influence the
maximum radial stress induced during pile installation (Chapters 3, 4, 7,
Appendix A4).

-

Soil state is quantified most reliably using correlations with cone tip
resistance (Chapters 6, 7, 8, Appendix A1).

-

The maximum radial stress adjacent to the pile shaft is much less than
the cone tip resistance. This results from differences between the cone
tip resistance and cylindrical cavity expansion limit pressure, but is
primarily due to significant unloading of radial stress behind the pile tip
(Chapters 5, 9, Appendix A1).

-

The reduction in radial stress behind the pile (or cone) tip relative to qc
is strongly influenced by degree of consolidation during cone
penetration testing (Chapter 6).

-

Lightly cemented or structured soils have slightly lower (≈70%) ratios
of maximum radial stress to cone tip resistance (1/a) than those for
uncemented soils typical of current databases (Chapters 10, 11, 5).

•

Differences between open, closed, and partially plugged piles
-

Theoretical analyses and interpretation of a database of piles with a
diameter between 0.3 and 2m indicate that open ended piles have lower
shaft capacity than closed ended piles (Chapter 7, Appendix A4).

-

Field tests on small diameter piles with a diameter between 0.34 to
0.114m indicated that open ended piles may actually have greater
average shaft friction than closed ended piles because of reductions in
radial stress that occurred due to the cycling imposed by the installation
process (Chapter 10). The rate of reduction in radial stress is greater for
the small diameter piles due to high normal stiffness, kn=4G/D.

•

The influence of ‘friction fatigue’ on calibration and application of design
methods;
-

A more accurate formulation which captures the reduction in shaft
friction with continued pile penetration is needed. All current
formulations are a simplification of actual behaviour (Chapters 10, 11, 7,
8), and may lead to errors of up to 50 percent when extrapolating outside
the database of pile load test to full scale offshore piles.
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-

Normalized cyclic amplitude (ρc/D) has a strong influence on the rate of
reduction in radial stress during cycling (Chapter 9).

-

The rate of friction fatigue (‘c’) for cyclically installed piles in cemented
or structured soils is much greater (c ≈ 1.15) than that for uncemented
soils (c ≈ 0.3 to 0.5) typical of current databases (Chapter 11). These
higher rates of friction fatigue have also been inferred for cemented and
uncemented calcareous soils (Appendix 11).

•

Distribution of shaft friction near the pile tip is uncertain, although;
-

Piles tend to derive a greater proportion of shaft friction near the tip, with
the ‘effective length’ of database piles on the order of 65% of the actual
length (Chapter 7).

-

Normalized radial stresses (σ'rc/qc or σ'rf/qc) on centrifuge piles (in this
study) continue to increase to within 0.5D of the pile tip (Chapter 9).

-

Instrumented segmented model piles have shown that normalized shaft
friction values (τf/qc) continue to increase to within 0.25D of the pile tip
(Chapter 11).

•

The potential for minimum radial stress at the end of installation;
-

A minimum radial stress may be approached during installation or cyclic
loading of displacement piles (Chapter 9, Appendix A11).

-

This minimum is influenced by normalized cyclic amplitude (ρc/Deq),
and also decreases with pile width / diameter for this study (Chapter 9).

•

Changes in radial stress during static loading;
-

Quantifying increases in radial stress using G0 and Δy=2Ra (e.g., Chow
1997, Jardine et al. 2005) generally overpredicts G and underpredicts Δy
(Appendix. A1). This method resulted in a significant overprediction of
Δσ'rd for the field tests at Shenton Park (Chapter 11).

-

The operational shear modulus decreases with Δy/D (twice the cavity
strain) due to stiffness nonlinearity (Chapter 5, Appendix A1, A2)

-

Δy increases with D50 and Ra, but decreases with Ra/D50 (Appendix A1).

-

The soil density within the shear band, which is influenced by pile
installation as well as cyclic loading, influences interface dilation
(Chapter 9, Appendix A1, A9).
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-

Additional measurement of changes in radial stress during loading of
piles with different diameters is needed so that the results of small
diameter model piles can accurately be extrapolated to full scale piles.

•

Shaft capacity on piles in sand tends to increase with time (Chapter 10, 11).
-

This may occur due to increases in σ'rc, Δσ'rd (through G or Δy), or δf
(Chapter 10, 11, Appendix A11).

-

The mechanisms which control these increases in shaft friction with time
are poorly understood, and are likely to differ from mechanisms
controlling short term capacity (Chapter 10, 11).

-

Rates of increase in shaft friction with time were observed to be affected
by end condition and ‘friction fatigue’ during installation (Chapter 10).

-

Rusting and cementing of sand to relatively small diameter piles may
result in apparently higher rates of increase in shaft capacity with time
than would be expected for full scale piles (Chapter 10).

-

A unique rate of increase in pile capacity with time (i.e., e-parameter) is
highly unlikely, and the CoV of methods calibrated to short term load
tests increase with time (Chapter 10, 11). The influence of conservative
bias and increased uncertainty need careful consideration in application
to reliability analyses.

-

High quality measurements of the evolution of radial stress with time are
needed. These may include both instrumented model piles of different
diameters as well as pressuremeter tests (Chapter 5).

Often much importance is put on the comparison of design approaches to field data, and
one must recognize that these databases are usually of limited size and quality and often
do not directly represent all design situations. If a design method is dominated by
empirical observations based on a database of field performance, there is no way an
engineer can perform site specific tests (other than full scale loading tests) to reduce
uncertainty for a specific design problem. If differences occur between the anticipated
and observed construction behaviour, it is not possible to understand these differences
without a rational design framework. It is of interest to note that ‘conservative’
assumptions inherent in design methods lead to unconservative calibration of that
method when using empirical fits to a database. This occurs since those fits generally
target a mean value of unity for the ratio of predicted to measured capacity.
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12.3. Future Work

While additional variable rate penetration tests, particularly at normalized velocities
near the drained / partially consolidated boundary for sands, sand mixtures, and silts,
and a more rigorous analysis of CPT sleeve friction will aid in soil classification and
interpretation of piezocone test results, this section focuses on future work which would
increase the understanding of axial shaft capacity of displacement piles in sands.

There is a strong need to develop a time dependant displacement pile design
methodology that has a low level of uncertainty, particularly for large diameter offshore
piles. When considering Equation 2b, there are currently no tests which can be used to
verify the ‘a’, ‘b’, and ‘c’ parameters for different sites. Segmented model piles or
degradation of friction ratio during cyclic CPTs may be able to routinely provide
additional information for analysis, although, the influence of diameter, length, and
installation type (monotonically jacked, cyclically jacked, or driven) on the response of
instrumented model piles as compared to full scale piles is highly uncertain.

Development of a reliable design framework for time dependant shaft capacity of piles
in sand requires high quality measurements of radial and shear stress with time. Without
measurement of radial stress, the relative contribution of increases in σ'rc, Δσ'rd, or δf
can not be separated. Time dependant studies of sand behaviour in the centrifuge are not
particularly practical, as ‘set-up’ durations of at least three months to a year are
necessary to reach conditions applicable for most engineering projects. Small scale
testing in a field setting appears more practical, and radial stress on piles with different
diameters and complimentary measurements of small strain shear modulus seems a
logical first choice. These measurements need to be made very close to the pile tip
(≈1D), as well as at at least two locations behind the pile tip. The influence of sustained
loading (tension and compression) on time effects has not been investigated, and
requires consideration.

Extending the design framework used in this thesis to back analysis of pile driving
behaviour would provide valuable information on the reduction in shaft friction during
continued pile penetration on full scale piles. As driving resistance is a short term
capacity, extrapolation to longer term behaviour (e.g. 10+ days) typically used for
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development of design methods requires a better understanding of time effects on shaft
capacity.

While no single set of load tests will eliminate all uncertainty in calibration of pile
design methods, the extrapolation to large diameter open ended pipe piles is still poorly
understood but important for offshore applications. Changes in diameter from 0.5 to 3m
at a constant length may be calculated by current ‘offshore’ pile design methods to
result in increases in average shaft friction by 50 percent. This is due to the assumed
diameter dependence on ‘friction fatigue.’ Studies of the influence of large changes in
diameter for an equivalent installation type would be useful, and would not necessarily
require instrumentation other than pile head load and displacement. Installation and
tension testing of 0.5m and 3m diameter open ended pipe piles with the same length at
the same site would therefore provide valuable case history data. Tension testing on
separate ‘fresh’ piles 10 days after installation and 1 year after installation (with a retest
on the 10 day pile) would be very useful to assess the influence of diameter on increases
in shaft capacity with time. A loose sand site, such as Drammen, and a dense sand site,
such as EURIPIDES or Dunkirk seem like ideal candidates. The energy setting for the
pile driving hammer should be sized to result in the same number of installation blows
for the small and large diameter piles.

Numerical analyses of pile installation and loading is an obvious omission from this
thesis. Numerical studies of this type would be useful for more detailed analysis of
extrapolation bias, but large displacement finite element analyses in granular soils,
which are necessary to model the installation process of a displacement pile, are still
limited. The main limitations currently appear to stem from (i) complex influence of
void ratio, stress, and particle crushing on strength and stiffness applicable for pile
design; (ii) difficulty in mapping state variables which are necessary to model this
behaviour during re-meshing of large displacement problems; and (iii) accurately
modeling cyclic soil-pile interface behaviour using displacement controlled finite
elements. When numerical modeling reaches a point where it can handle large
displacement penetration problems in granular soils using realistic constitutive models,
the verification of those models must address consistency between measurements; (i)
laboratory elements tests; (ii) in-situ small strain shear modulus; (iii) ‘pressuremeter’ (or
equivalent) expansion curves with unload-reload loops, as well as strain levels
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approaching the limit pressure; and (iv) piezocone penetration test tip resistance, sleeve
friction, and pore pressure. Consistency between these analyses, as well as with pile
performance, could be useful to verify design methods for a range of soil conditions and
pile geometries.
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APPENDICES

A1. SITE CHARACTERIZATION FOR PILE DESIGN IN SANDY
SOILS

A1.1. Characterization of sand strength and stiffness for pile design
When characterizing sand properties for pile design, the following facets of sand
behaviour need consideration:
1. Pile shaft friction at failure is a function of the change in radial stress due to pile
installation / loading and the soil-pile interface friction angle (e.g., Lehane et al.
1993).
2. The initial increase in radial stress during cone or pile installation is influenced by
drainage conditions, soil strength / state, and soil stiffness.
3. Loading is predominantly drained during cone penetration testing and axial pile
loading in sandy soils.
4. Sand strength is controlled by friction (φ') and interlocking (i.e., dilation, ψ') (e.g.,
Taylor 1948, Rowe 1962, Schofield 2005).
5. Dilation depends upon relative density and stress level (e.g., Lee & Seed 1967,
Bolton 1986).
6. For the interface strength between sand and a pile (μ=tanδ), both friction and
dilation are strongly influenced by normalized (relative) roughness, Rn = Rmax/D50
(e.g., Uesugi & Kishida 1986a,b, Dietz 2000).
7. Sands tend to crush at high stresses (e.g., Vesic & Clough 1968, Hardin 1985, Coop
& Lee 1993).
8. Radial stress due to installation of a cone or pile tends to exceed the crushing stress
(e.g., Meyerhof 1959, BCP Committee 1971, Konrad 1998, Klotz & Coop 2001,
White & Bolton 2004).
9. Radial stress adjacent to the shaft of a displacement pile is much lower than the cone
tip resistance or cylindrical cavity expansion limit pressure, indicating cavity
contraction after initial expansion (e.g., Lehane 1992, White & Bolton 2004, Jiang et
al. 2006). This contraction at the soil-pile interface tends to increases with number
of loading cycles (Airey et al. 1992, White & Lehane 2004).
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A1.1.1. Friction and dilation
A1.1.1.1 Stress and dilatancy of sands
For soil sliding on an inclined plane with an angle of friction φ'cv at the dilation angle ψ,
the apparent mobilized friction angle (φ'm) is (e.g., Taylor 1948, Wood 1990):
φ' m = φ'cv +ψ

(1)

The constant volume angle of friction, φ'cv, is considered an intrinsic soil property, and
the dilation angle will vary with the stress state and packing of the soil particles. Figure
1 presents (digitized) direct shear data in Leighton buzzard sand (Dietz 2000). Four
plots are shown:
1. load (or stress) ratio (Q/P) vs. x displacement
2. y displacement vs. x displacement
3. load (or stress) ratio (Q/P) vs. displacement ratio (δy/δx)
4. rate of dilation (-δy/δx) vs. x displacement
The plot of Q/P against (δy/δx) clearly shows the influence of friction (μ) and dilation
(-δy/δx) on mobilized strength (Q/P). The soil initially contracts (δy/δx < 0) until the
constant volume stress ratio is reached (δy/δx = 0, Q/P =0.6). The rate of dilation and
stress ratio increase linearly until a peak value is reached, and then the stress ratio drops
as the soil continues to dilate until a constant volume condition is reached (at δy/δx = 0
and Q/P =0.6). The stress ratio at constant volume is unique regardless of initial density,
but depends upon soil grading and particle characteristics. The relationship between
stress ratio (Q/P), friction (μ), and rate of dilation can simply be expressed as (Wood
1990):

Q
⎛ δy ⎞
= μ + ⎜− ⎟
P
⎝ δx ⎠

(2)

The dilation angle (ψ') is defined as:

−

δy
= tan ψ
δx

(3)

When evaluating soil behaviour for pile design, the friction (φ') and dilation (ψ') angles,
as well as the normal displacement (y) are of interest. It is noted that most normal
displacement (y) occurs post peak due to larger x displacements between peak and φ'cv
as compared to pre- peak beahviour (e.g., Dietz 2000).
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Figure 1. Friction and interlocking (dilation) in sand-sand direct shear tests (data
digitized from Dietz 2000)
A more generalized format (stresses and strains rather than loads and displacements) of
Equation 2 was derived by Rowe (1962) by analyzing a system of discrete particles:
σ'1 ⎛ σ'1 ⎞ ⎛ δε v ⎞
⎟ ⎜1 −
⎟
=⎜
σ'3 ⎜⎝ σ'3 ⎟⎠ cv ⎜⎝
δε1 ⎟⎠

(4)

This results in a relationship between peak friction angle (φ') and dilation angle (ψ')
when the constant volume friction angle (φ'cv) is known.
1 + sin φ' ⎛ 1 + sin φ'cv ⎞⎛ 1 + sin ψ' ⎞
⎟⎜
=⎜
⎟
1 − sin φ' ⎜⎝ 1 − sin φ'cv ⎟⎠⎜⎝ 1 − sin ψ' ⎟⎠

(5)
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Bolton (1986) simplified this formulation based on theoretical considerations and a
collection of experimental data. For plane strain, Equation 1 overestimates peak friction
angles by approximately 20 percent and is more reliably expressed as:
φ' m = φ'cv +0.8ψ

(6)

The dilation angle will be a function of stress state and degree of compaction for a given
sand. When quantifying the degree of compaction of a sand it is common to use the
relative density (Dr):
Dr =

e max − e
v −v
= max
e max − e min v max − v min

(7)

where emax and emin are the limiting void ratios at low stress (approximately 1 kPa), and
e is the initial void ratio. The parameter v is the specific volume, which is equal to 1 + e.
Bolton observed that a relative density index (IR) can be expressed as a function of the
mineralogy of the particles (Q), mean stress at failure (p'f), relative density, and a
parameter ‘R’:
I R = D r (Q − ln p'f ) − R

(8)

For subangular to subrounded siliceous sands (with p'f expressed in kPa):
Q ≈ 10
R≈1
φ'cv ≈ 30o to 35o
For calcareous sands (with p'f expressed in kPa):
Q≈8
R≈1
φ'cv ≈ 40 o+
Estimation of peak friction angles for plane strain conditions is expressed as:
φ'− φ'cv = 0.8ψ ≈ 5I R

(9)

In triaxial compression, the difference in peak and constant volume friction angle is
approximately 60 percent of that expressed using Equation 9 (φ'− φ'cv ≈ 3I R ) .

Soil sate, such as the IR parameter in Equation 8, combines the effects of void ratio and
mean stress. Two other state parameter approaches have been investigated by previous
researchers:
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•

Difference between initial in situ specific volume (or void ratio) at the initial stress
state (v0) and specific volume on the critical state line (vcs) at that same initial stress
level; Ψ=v0-vcs (Been & Jefferies 1985).

•

Ratio of the initial in situ mean stress (p'0) and mean stress on the critical state line
for the initial specific volume (p'cs); Rs=p'0/p'cs (Atkinson & Bransby 1978, Coop
1990).

Figure 2 illustrates the definition of state parameters Ψ and Rs, with Rs conceptually
similar to the inverse of YSR for clays (discussed in the Chapters 3 and 4). Since the
critical state line is generally considered to be nonlinear, the influence of state as
quantified by Ψ or Rs will differ. The use of Rs is preferred over Ψ due its greater range
of values at a given density and difficulties in accurately identifying the location of the
critical state line (Coop 2005), and will be used in this thesis when discussing state
parameter analysis of sands.

Figure 2. Definition of state parameters, CSL = critical state line, NCL = normal
compression line (after Coop 2005)
With knowledge of the in situ specific volume (v0), slope of the critical state line (λ) and
intercept of the linear portion of the critical state line at 1 kPa (Γ), the stress on the
critical state (p'cs) line can be evaluated as:
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⎛ Γ − v0 ⎞
p' cs = exp⎜
⎟
⎝ λ ⎠

(10a)

Likewise, the mean stress on the normal compression line (NCL) is expressed as:
⎛ Ν − v0 ⎞
p'e = exp⎜
⎟
⎝ λ ⎠

(10b)

The intercept of the linear portion of the normal compression line at 1 kPa is the
parameter Ν. Both calcareous and siliceous sands exhibited consistent behaviour in
laboratory element tests when analyzed within the critical state framework defined by
Equation 10a (Coop 1990, Coop & Atkinson 1993, Coop 2005).

A1.1.1.2 Interface shear beahviour

When considering axial capacity of displacement piles, friction and dilation (among
other factors) will influence the base resistance as well as the increase in radial stress
due to insertion of a pile. For evaluation of pile shaft friction (τf), the radial stress at
failure (σ'rf) and the soil-pile interface friction angle (δf) need to be known (τf=σ'rf⋅tanδf).
The same concepts of friction and dilation are applicable to interface strength, but the
relative roughness of the soil and interface need consideration.

Potyondy (1961) illustrated that the strength between soil and various construction
materials was lower than the strength of the sand, and tended to reduce with the
roughness of the construction material (rough concrete to smooth concrete / rusted steel
to polished steel). Uesugi & Kishida (1986a,b) furthered the understanding of the
relationship between interface roughness and proposed the normalized roughness, Rn:
Rn =

R max
D50

(11)

where D50 is the median grain size and Rmax is the maximum surface roughness over a
gage length equal to D50. The concept of normalized roughness is illustrated in Figure 3.
For a larger particle, the local angle of sliding between roughened steel and sand (θj) is
lower than the equivalent angle for a small particle (θi). Five different surface roughness
values are compared for tests on dense Leighton Buzzard sand (VLB; D50 = 0.78mm) in
Figure 4 (data digitized from Dietz 2000). Rn values which are typical for pile design
range from approximately 2x10-1 to 1x10-2. Similar friction and dilation behaviour is
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observed for the sand-steel interface tests and the sand-sand direct shear tests in Figure
1, with the additional influence of Rn.
•

Both friction (δcv) and dilation (δy/δx) tend to reduce with Rn between critical
roughness values of approximately 3x10-1 and 3x10-3. The maximum critical
roughness value tends to vary with D50 of the sand.

•

Interface friction coefficients for pile design tend to operate in the range between
critical roughness values.

•

For Rn values higher than the ‘critical roughness’ failure tends to occur in the sand
and peak stress ratio is independent of roughness (Usuegi & Kishida 1986b). Still,
maximum dilation (ymax) tends to continue to increase with Rn up to a value of unity.
This implies that the post peak displacement to δcv increases with Rn.

•

For values lower than the critical roughness, minimal dilation is observed, even for
the dense sands at low stresses in Figure 4.

•

The interface friction coefficient, δ, continues to decreases with Rn until it becomes
relatively constant for Rn below approximately 1x10-3.

Figure 3. Comparison of interface sliding angle (θ) as a function of particle size (or
normalized roughness Rn) (Uesugi & Kishida 1986b)
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Figure 4. Friction and interlocking (dilation) in sand-steel interface shear box tests (data
digitized from Dietz 2000)
General trends for the influence of Rn on peak and constant volume interface friction
coefficient are presented in Figure 5. Data from Dietz (2000) is combined with that
presented by Jardine et al. (1993) and Frost et al. (2002). This figure reconfirms the
previous observations that:
•

Above a critical normalized roughness (typically between 0.05 and 0.3), shear failure
occurs within the soil itself and δ is independent of the properties of the interface. As
for soil-soil shearing, peak interface friction angles are generated and these depend
on soil density and stress level. After continued shearing, interface friction angles
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reduce to a constant volume/critical state values (δcv) that are independent of stress
level and density.
•

At a relatively constant average roughness, such as 5 to 10 μm for lightly rusted steel
piles, the interface friction angle (δcv) tends to reduce with increasing median particle
size. Increasing particle size is analogous to decreasing normalized roughness.

Figure 5. Influence of median grain size (D50) and normalized roughness (Rn) on
interface friction angle (δ)

While general trends are relatively consistent for sand against steel based on results
from a number of different researchers, the interface friction angle should still be
measured routinely in practice. Additionally, the influence of wear on surface roughness
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(e.g., Uesugi 1987, Uesugi et al. 1989, Fugro 2004), crushing of particles due to pile
installation (Klotz & Coop 2001), and ‘plowing’ of the soil particles into a softer
counterface (Dove & Frost 1999, Zettler et al. 2000) such as wood or fibreglass
reinforced polymer (FRP), will influence interface friction and dilation characteristics
for pile design.
A1.1.1.3 Normal displacement and changes in radial stress during loading

The previous discussion has focused on interface friction coefficient, δ, although, it has
been shown that strength behaviour is a function of friction and dilation. Dilation or
contraction at the interface (Δy) will not only influence the interface friction angle, but
also the radial stress at failure. This is illustrated in Figure 6 for a closed ended jacked
pile in a medium dense sand. Interface dilation will lead to increases in radial stress
(Δσ'rd = σ'rf – σ'rc) during loading and higher τf, while interface contraction will lead to
reduction in radial stress during loading and lower values of τf. In addition to the
influence of soil behaviour adjacent to the interface, changes in radial stress during
loading of a pile may result from a Poisson effect for the pile material (e.g., deNicola &
Randolph 1993). The magnitude of the changes in radial stress may be estimated using
an elastic cylindrical cavity expansion analogy (Boulon & Foray 1986):
Δσ' rd = 4G

Δy
D

(12)

where ∆y is the normal (radial) displacement of the sand at the pile interface and G is
the operational shear modulus of the sand surrounding the pile shaft, which reduces as
∆y/D (twice the cavity strain) increases.

Figure 6. Changes in radial stress (Δσ'rd) during a load tests from radial stress at rest
(σ'rc) to radial stress at failure (σ'rf) (Lehane et al. 1993)
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Some insights into the likely value of ∆y may be obtained from interface shear tests.
Figure 5 indicates that the difference between peak and constant volume friction angle
increases with normalized roughness. This implies that the maximum dilation angle
(ψpk) and the maximum ∆y value are also a function of Rn. Figure 7 compares these
maximum ∆y values to the average roughness (Ra), while Figure 8 presents the same
data but with both these parameters normalised by D50. It had been observed from a
review of sand-sand direct shear tests that Δy tends to increase with D50. This may be
due to strains within the shear band, since shear band thickness has been suggested to
increase with D50 (Foray et al. 1988b, Desrues et al. 1996). A summary of properties of
the sands used in Figures 7 and 8 is presented in Table 1.
It has been proposed by Chow (1997) and Jardine et al. (2005) that Δy is approximately
twice the average roughness of the interface.
Δy ≈ 2 R a

(13)

While this tends to provide a reasonable match to the data in Figure 7, this does not
agree with the concepts of friction and dilation previously discussed. When considering
accumulated volume change at the constant volume condition, the concepts of friction
and dilation suggest:
• Maximum dilation at the interface will increase with shear band thickness, or median

grain size, D50.
• Maximum dilation at the interface will increases with normalized roughness,

Rn=Ra/D50.
• Maximum dilation at the interface will be influenced by soil state, or normal stress

and density of the shear band.
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Table 1. Database of laboratory sand characteristics used in Figures 7 and 8
Sand

Dr

Symbol

D50

emax

emin

(mm)
Labenne
Sydney
Dunkirk

0.73

¯

0.15

z

0.96

{

0.85

Ticino

0.15



0.85

¡

0.15

Toyoura

0.32

0.81

0.45

53

Jardine et al. 1993

0.30

0.84

0.57

150

Tabucanon 1997

0.25

0.89

0.51

300

Chow et al. 1998

0.56

0.89

0.58

50

Fioravante et al.
1999

50

Fioravante et al.
1999

150

Fioravante 2002

0.24

0.15
0.85
Ì

MGS

0.90

VLB

0.90

UWA SF

0.80

z

0.35

U

0.95

S

0.35

Z

0.95

X

0.35

V

0.85

T

0.35

Y

0.85

W

Ottawa 20-30
Q Rok
Legendre
Glass Beads

Reference

(kPa)

0.92

0.62

0.85
FF

σ'n

0.09

1.21

0.73

100

Fioravante et al.
1999

0.44

0.806

0.494

25

Dietz 2000

0.78

0.802

0.506

170

Dietz 2000

0.20

0.76

0.58

40

Figure 9: kn = 0

0.74

0.74

0.51

100

Westgate 2005

0.75

1.14

0.80

100

Westgate 2005

0.82

1.33

0.96

100

Westgate 2005

0.95

0.73

0.58

100

Westgate 2005

The loose sands in Figures 7 and 8 show minimal normal displacement during shear,
although the dense sand exhibit significant dilation increasing with Rn. For very dense
sands at low effective stresses, a re-evaluation of the data summarized in Table 1
suggests that:
Δy ≈ 2.5D 50 R a
0.4

0.6

(14)

This empirical equation provides a much better fit to the data in Table 1 than equation
13, although, a complete formulation would also include density and stress level and
could be based on the previously discussed stress-dilatancy theory. Since the curve is
based on very dense sands at low stresses, the curve could be considered a maximum
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value of dilation which may occur during loading. Alternatively, due to compaction of
the sand during installation of the displacement pile as well as contraction during
cycling, the density of the shear band is not the initial in situ density of the soil and may
tend towards a relatively constant very dense behaviour. Current design methods which
incorporate changes in radial stress during loading still rely on compensating errors, and
tend to overpredict G and underpredict Δy (Lehane et al. 2007b).

Figure 7. Relationship between average interface roughness and the normal sand
displacement after dilation has ceased

Figure 8. Influence of normalized roughness on normalized displacement after dilation
has ceased
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A final influence on changes in radial stress during loading will be the normal stiffness,
kn = 4G/D. This can be explored through constant normal stiffness (CNS) interface
shear box tests (e.g., Ooi & Carter 1987, Johnston et al. 1987, Fioravante et al. 1999).
Traditional direct shear tests are referred to as constant normal load (CNL), with kn
equal to zero. ‘Undrained’ tests with zero volume change can be referred to as constant
normal height (CNH), with kn equal to ∞. A constant normal stiffness interface shear
box test allows for changes in normal stress during loading due to normal displacements
of a specimen through Equation 12. Dilation will result in increases in normal stress and
contraction will result in decreases in normal stress. Contraction is typically observed
during cyclic loading (e.g. Airey et al. 1992). Figure 9 illustrates CNS interface shear
tests between dense fine UWA SF sand and a rough (glued sand) interface. Four
parameters are plotted against horizontal displacement:
• Stress ratio;
• Vertical displacement;
• Normal stress; and
• Shear stress.

For pile design, the ultimate goal is to understand the shear stress adjacent to the
interface, but the three additional plots are used to provide insight into the τ vs
displacement behaviour. In agreement with the previously discussed behaviour of sand
strength and dilation, the interface CNS tests indicate:
• Dense sands against rough interfaces with a relatively low confining stress exhibit a

peak friction angle decreasing to a constant volume condition after the cessation of
dilation.
• Peak and constant volume friction angle are independent of normal stiffness.
• While the peak friction angle occurs at the peak dilation angle, a majority of vertical

deformation occurs post peak. This is due to the relatively large displacements which
occur during reduction from δpeak to δcv.
• The peak dilation is influenced by normal stiffness (kn), with Δymax (at cessation of

dilation) decreasing as kn increases.
• Since normal stress (σ'n) is proportional to normal displacement in a CNS test

(Equation 12), maximum shear stress (τ) increases during post peak softening despite
decreases in δ.
• Maximum shear stress will occur at the constant volume friction angle provided that:
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tan δ pk
tan δcv

−1 <

k n ⋅ Δy max
σ' n 0

• Since Δymax is influenced by kn, similar values of τmax were observed for kn values of

800 kPa/mm and 1600 kPa/mm in Figure 9.

Figure 9. Constant normal stiffness interface shear box tests between dense sand and a
rough interface (after Lehane et al. 2005d)

Figure 10. Influence of normal stiffness on shear stress at failure for (a) calcareous sand
– grout interface; and (b) calcareous sand-steel interface (Coop & McAuley 1993)
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Figure 9 illustrated dilation and increased normal stress during shear for a dense
siliceous sand, while Figure 10 presents CNL and CNS (‘smooth’ and ‘rough’) interface
shear data for loose Dogs Bay calcareous sand (Coop & McAuley 1993). Sand shearing
against rough grout shows an interface friction angle of 42o, while the relatively smooth
steel has a lower δ value on the order of 27o. For CNS tests, contraction during shearing
of the calcareous sands results in large reductions in normal stress, which is an opposite
response of the dilative dense silica sand at low normal stresses in Figure 9. The
potential for contraction and loss of radial stress during shearing may be one reason for
lower shaft capacities of piles in calcareous as compared to siliceous sands.
A1.1.2. Stiffness of sandy soils

For analysis of changes in radial stress during loading (Eq. 12) or analysis of initial
increase in radial stress due to pile installation, a general understanding of factors
influencing soil stiffness is necessary. Soil stiffness is typically quantified using the
shear modulus, which tends to increase with density (or with a decrease in void ratio)
and mean stress level, but decrease with increasing shear strain (e.g. Hardin & Richart
1963, Seed & Idriss 1970, Figure 11).

Figure 11. Shear modulus of sands at different relative densities (Seed & Idriss 1970)
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The initial small strain shear modulus, G0, is a well characterized soil property since it
can be measured with relative ease in both field and laboratory settings using shear
waves.
G 0 = ρ ⋅ Vs

2

(15)

where ρ is the bulk density and Vs is the shear wave velocity. For uncemented soils, the
value of G0 depends on number of particle contacts (void ratio, e), the condition of
particle contacts (A0), and the effective confining stress raised to a stress exponent, n:
⎛ p'
G0
= C0 ⎜⎜
p ref
⎝ p ref

n

⎞
⎛ p'
⎟⎟ ≈ A 0 ⋅ f (e ) ⋅ ⎜⎜
⎠
⎝ p ref

⎞
⎟⎟
⎠

n

(16)

where pref is a reference stress of 100 kPa resulting in dimensionless C0 and A0
parameters. Various forms of the influence of void ratio on G0 have been proposed, but
the recommendations of Jamiolkowski et al. (1991) that f(e) = e-1.3 has been found by
Pestana and Salvati (2006) to give the best fit for a number of different sands they
examined. A stress exponent, n, of 0.5 is commonly used for sandy soils (e.g., Hardin &
Richart 1963, Seed & Idriss 1970, Pestana & Salvati 2006).

Cemented or structured sands tend to have higher C0 or A0 values but near zero values
of the stress exponent, n, until loading exceeds the bond strength between the particles
(e.g., Baig et al. 1997, Fernandez & Santamarina 2001). The influence of cementation
and stress level on C and n parameters for Equation 16 has been illustrated using data
from Coop (2005) in Figure 12. The intact Greensand and Calcarenite have
comparatively high C0 (or A0) values and a minimal effect of confining stress, while the
shear modulus of the reconstituted specimens increasing linearly with mean stress (in a
log-log plot) from a lower initial value.

It is noted that the n value for reconstituted soils in Figure 12 is greater than the typical
value of 0.5. One reason for this behaviour is a reduction in void ratio with increasing
stress (and therefore increase in shear modulus, Equation 16), although, changes in void
ratio can not fully explain the behaviour of reconstitute soils in Figure 12. It has been
noted that the small strain shear modulus is a function of both the number of particle
contacts (void ratio) and condition of the particle contacts (A0). At high stresses
particles tend to crush, therefore changing the nature of the particle contacts, and the A0
parameter. Coop & Jovičić (1999) propose that since volumetric changes are coupled to
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stress changes on the normal compression line, a relatively unique relationship between
G0 and stress on the NCL (p'e) will exist:
G 0 p ref = C 0,NCL (p' e p ref )

n

(17)

Figure 12. Comparison of the small strain shear modulus for two cemented sands and
their equivalent reconstituted sands (after Coop 2005)
Figure 13 further explores quantification of G0 on the normal compression line using
data from Coop & Jovičić (1999), with parameters presented in Table 2. The parameters
for Equation 17 in Table 2 appear to differ from those presented in Coop & Jovičić
(1999), but these differences only arise from use of a reference stresses of 100 kPa,
rather than 1 kPa in the original reference.

For six sands from the Coop & Jovičić (1999) study, linear (in semi-log space) high
stress NCLs are observed, as well as linear (in log-log space) relationships between G0
and p'e. When data are compared to Equation 16 with a conventional stress exponent of
0.5, C0 tends to reduce as a function of void ratio (on the NCL, eNCL), as expected.
However, these trends indicate that the influence of voids ratio is much less than the
expected relationship observed at lower stresses (e.g., e-1.3). Therefore, it can be inferred
that not only the number of particle contacts is increasing, but the characteristics of the
particle contacts are changing. For more angular sands, the A0 parameter in Equation 16
tends to increase. This may be roughly indicated by maximum or minimum void ratio
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limits (at a stress of 1 kPa) since emax and emin tend to increase with particle angularity
(e.g. Santamarina & Cho 2004). The A0 parameter tends to decrease with eNCL and emin,
which indicates that A0 decreases with particle crushing. Still, it is difficult to separate
out effects of void ratio and condition of particle contacts, so when volumetric and
stress state are linked on the NCL, Equation 17 tends to provide a more unique
relationship than Equation 16, although, that relationship will vary with soil type and
needs to be quantified for a given sand.
Table 2. Characteristics of reference sands in Figure 13 (data primarily from Pestana
1994, Coop & Jovičić 1999, Coop & Airey 2003, Coop 2005, and Pestana & Salvati
2006)
ID

Sand

Mineralogy

Ν

Γ

λ

emax

emin

Eq. 16

Eq. 17

A0

n

C0,NCL

n

1/S

Dogs Bay

calcareous

4.81

4.32

0.335

1.84

1.37

1800

0.5

690

0.686

2

Rankin

calcareous

2.81

2.60

0.138

1.63

1.04

-

-

380

0.68

3/U

Ham River

siliceous

3.20

2.99

0.161

0.92

0.59

550

0.5

600

0.593

4

Thanet

siliceous

3.16

2.96

0.153

-

-

-

-

550

0.68

5

Greensand

siliceous

3.23

3.00

0.160

-

-

-

-

600

0.57

6

Hong
Kong

residual

2.17

2.05

0.090

-

-

-

-

1500

0.53

z

Monterey 0

siliceous

-

-

-

0.82

0.54

460

0.5

-

-

{

Toyoura

siliceous

3.13

2.98

0.141

0.92

0.58

710

0.5

-

-



Hokksund

siliceous

3.19

-

0.163

0.89

0.54

565

0.5

-

-

Ticino

siliceous

3.46

-

0.189

1.03

0.61

580

0.5

-

-

¯

Mortar

siliceous

-

-

-

0.84

0.56

625

0.5

-

-

©

Ottawa

siliceous

2.94

-

0.130

0.75

0.48

485

0.5

-

-

¡

Reid
Bedford

siliceous

-

-

-

0.87

0.55

580

0.5

-

-

z

Sacramento

siliceous

-

2.51

0.125

0.86

0.54

400

0.5

-

-



Quiou

calcareous

3.15

-

0.165

1.29

0.72

680

0.5

-

-
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Figure 13. Influence of stress and void ratio on G0 on the normal compression line
(NCL) (data from Coop & Jovičić 1999, Coop & Airey 2003, Coop 2005)
Stress anisotropy (Roesler 1979), stress ratio (Yu & Richart 1984), and yield stress ratio
(Rs=p'e/p'0, Coop & Jovičić 1999) have been shown to influence quantification of
stiffness. Of these three parameters, Rs is of most interest for axial pile design since the
soil is essentially loaded to high stress prior to unloading to σ'rc. The influence of preloading on the stress dependence on shear modulus is shown in Figure 14. Larger
changes in void ratio and particle conditions during initial loading results in larger
changes in G0 than during unloading. Coop & Jovičić (1999) proposed the following
equation to quantify the effects of pre-loading on G0:
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⎛ p' ⎞
G0
= ⎜⎜ e ⎟⎟
G 0 (nc ) ⎝ p' ⎠

c

(18)

where G0(nc) is the soil stiffness on the normal compression line (NCL) at the current
value of p', and p'e is the equivalent pressure on the NCL. Equation 18 has been shown
to be consistent for a variety of loading paths and initial conditions for a given sand,
although, the exponents were quite variable between sand types. Use of Equations 17
and 18 show promise for future research, but have yet to be incorporated into analytical
solutions or numerical models. Further discussion will focus on the shear modulus at
relatively low stresses (below the crushing stress), and use Equation 16 for
quantification for G0.

Figure 14. Variation in G0 with normalized volumetric state for calcareous Dogs Bay
sand (Coop & Jovičić 1999, Coop 2005)
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A1.1.3. Modelling radial stress changes due to installation of a displacement pile

White & Boton (2004) illustrated that strain paths during plane strain model pile
installation resulted in horizontal compression and vertical extension adjacent to the
shaft of a pile (Figure 15a). This mode of deformation is analogous to cylindrical cavity
expansion, and an assessment of the initial increase in radial stress due to installation of
a CPT or displacement pile can be modeled using cavity expansion analyses (e.g.
Salgado et al. 1997, Figure 15b). Analysis of cavity expansion in sands will be
influenced by the previously discussed facets of sand behaviour including stress
dependant dilation, particle crushing, and stress and strain effects on shear modulus.
Appendix A2 discusses factors influencing cavity expansion analyses in sands, and
Appendix A4 discusses analysis of differences in maximum radial stress induced by
open and closed ended piles using cavity expansion theory.

Figure 15. Comparison of experimental observations of soil flow around a penetrometer
(a) to assumptions for application of cylindrical cavity expansion analysis to a cone
penetromter
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It has previously been discussed that the radial stress adjacent to a displacement pile is
much lower than the cone tip resistance. This appears to result from two primary
factors:
1. The cylindrical cavity expansion limit pressure is much lower than the cone tip
resistance;
2. The sand experiences unloading behind the pile tip which results in a reduction in
radial stress.
Simple elastic – plastic analysis of a drained pressuremeter loading and unloading in
sand is illustrated in Figure 16, and discussed in more detail in Appendix A2.

This section will first focus on analysis of drained cone tip resistance in sand using
cavity expansion models, and then discuss the relationship between cone tip resistance
and cylindrical cavity expansion limit pressure as well as initial small strain shear
moduli. Since there is significant uncertainty in the relationship between limit pressure
and cone tip resistance, and measurement of in situ strength and density is essentially
not possible in sandy soils due to sample disturbance, the internal consistency between
cone tip resistance and the cylindrical cavity expansion limit pressure or small strain
shear modulus are the best ways to characterize the performance of analysis of CPT qc
or increases in radial stress due to pile installation for natural sands.
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Figure 16. Comparison of analysis of pressuremeter loading and unloading using an
elastic perfectly plastic soil model (after Wroth 1982) to field data in Perth sand (from
Fahey 2005)

A1-24
Appendix A1 – Site characteristation for pile design in sandy soils

A1.1.3.1 Analysis of the cone penetration test in sand

There are four primary ways in which cone tip resistance is commonly analysed:
1. Relationship between spherical cavity expansion limit pressure and cone tip
resistance based on the plane strain friction angle (e.g., Ladanyi & Johnston 1974);
2. Relationship between cylindrical cavity expansion limit pressure and cone tip
resistance through stress rotation analysis (Salgado et al. 1997);
3. Empirical correlations based on chamber or centrifuge tests (e.g., Baldi et al. 1986,
Parkin 1988, Konrad 1998).
4. Displacement based finite element analyses (e.g., Van den Berg et al. 1996, Susila &
Hryciw 2003, Huang et al. 2004)
The first two methods will be focused on in this thesis, with theoretical correlations
based on cavity expansion modelling compared to laboratory and field data to gain
insights into the analyses. Cavity expansion analysis in sands is discussed in more detail
in Appendix A2.

For a given sand ‘compressibility,’ cone tip resistance is strongly influenced by relative
density (Dr) and initial effective stress prior to insertion of the cone (σ'). General
expressions given by Equations 19a and 19b (after Baldi et al. 1986) are used for
quantifying cone tip resistance (qc) or cylindrical cavity expansion limit press (plim,c),
respectively.
⎡ q p
1 ⎤
D r = c1q ⋅ ln ⎢ c ref n ⋅
⎥
⎣⎢ (σ' p ref ) c 2 q ⎥⎦

(19a)

⎡p
p
1 ⎤
D r = c1p ⋅ ln ⎢ lim,c refn ⋅
⎥
⎣⎢ (σ' p ref ) c 2 p ⎥⎦

(19b)

The parameter pref is a reference stress equal to 100 kPa, while c1 and c2 are fitting
coefficients. When σ' is the vertical effective stress and n is 1, [(qc/pref)/(σ'v0/pref)n] in
Equation 19a is equal to the parameter Q discussed Chapters 3 and 4. Additionally,
when σ' is the vertical effective stress and n is 0.5, [(qc/pref)/(σ'v0/pref)n] in Equation 19a
is often referred to as qc1N and is the typical normalization for drained sandy soils (e.g.
Robertson & Wride 1998). While a function of the vertical effective stress is the most
practical stress for normalization, Houlsby & Hitchman (1988) clearly showed that
normalization of qc by the vertical effective stress or mean effective stress was less
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accurate than use of horizontal stress. Horizontal effective stress will primarily be used
for normalization in this discussion.

For analysis of cone tip resistance based on spherical cavity expansion limit pressure
(plim,s), Yu et al. (1996) use the method suggested by Ladanyi & Johnston (1974). For a
cone tip angle of 60o, the ratio of qc/plim,s is expressed as:
qc
= 1 + tan (60) tan φ' ps = 1 + 3 tan φ' ps
p lim,s

(20)

where φ'ps is the plane strain friction angle. The closed form solution of Yu & Houlsby
(1991) was used for evaluation of plim,s, and qc was calculated using Equation 20.
To assess qc from the cylindrical cavity expansion limit pressure (plim,c) and the stress
rotation analysis of Salgado et al. (1997), the following expressions are used:

(1 + C) − (1 + β )C − 1
qc
= 2e π tan φ'
C 2β(1 + β )
p lim,c

(21a)

C = tan (60)e (π 2 ) tan ψ ' = 3e (π 2 ) tan ψ '

(21b)

1+β

T

T

T

where φ'T and ψ'T are the operational friction and dilation angles near the penetrometer
tip, respectively, and β is a parameter related to the flow number which is evaluated
numerically. Calculation of plim,c and qc was accomplished using the program
CONPOINT (Salgado 1993).

Parametric studies of qc and plim,c were performed for four different ‘reference sands’.
Reference sands are typically associated with a particular group of researchers and large
amounts laboratory characterization data are typically available. This comparison
focuses on two ‘typical’ silica sands, Toyoura and Ticino sands, as well as two
‘atypical’ carbonate sands, Quiou and Dogs Bay. Input parameters for the analyses
include:
• Initial horizontal effective stress state;
• Ratio of shear modulus to initial horizontal effective stress (G/σ'h0);
• Friction and dilation angles;
• Poisson ratio.
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Poisson ratio values were taken as a constant 0.3 for the analyses based on the Yu &
Houlsby (1991) closed form solution and an initial (small strain) Poisson ratio of 0.15
was input into the program CONPOINT. The value of Poisson ratio increases with
cavity strain due to nonlinear elasticity in CONPOINT.

As mentioned in the previous section, the method of Yu and Houslby (1991) uses a
linear elastic – perfectly plastic soil model. The appropriate secant shear modulus is
roughly equal to the measured secant modulus from unload reload loops (Appendix A2).
For many young unaged sands, such as studies on reference sands, GU-R/G0 is
approximately 0.4 (e.g., Bellotti et al. 1989), although, this ratio tends to reduce for
aged/structured and cemented sands (Fahey 2005). The program CONPOINT uses an
input parameter of G0, which is degraded using nonlinear elasticity during loading.
Stress and void ratio dependence on G0 is well known for most reference sands, and is
quantified using Equation 16 for these analyses.

Stress dependant dilatancy is quantified using the method outlined by Bolton (1986).
The program CONPOINT automatically calculates stress dependant friction and dilation
angles based on inputs of φ'cv, the Bolton R and Q parameters, and the mean effective
stress within each element. For calculation using the equations of Yu & Houlsby (1991),
the ‘mean’ operational friction angle is used (φ'm). For evaluation of the operation
friction and dilation angle, Equations 8 and 9 are combined into Equation 22a. The
mean stress at failure is estimated as a combination of the cylindrical cavity expansion
effective limit pressure and initial horizontal effective stress in Equation 22b.
φ' m − φ'cv = 0.8ψ' = 5I R = 5D r (Q − ln p'f ) − R

(22a)

p' f ≈ σ' h 0 ⋅p'lim,c

(22b)

The estimates of friction and dilation angles using Equation 22 and the calculated values
obtained using CONPOINT are compared in Figure 17 for Ticino and Dogs Bay sands.
A mean effective stress at failure calculated using Equation 22b provided the best fit for
evaluation of operational friction angle for use in closed form solutions of limit
pressures. Calculations of qc using the solution of Yu & Houlsby (1991) requires an
iterative procedure.
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It is noted that friction angles as low as 30 degrees were calculated for Ticino sand and
35 degrees for Dogs bay sand. These values are 5 degrees lower than φ'cv and result
from contraction of the soil during shear at low density and/or high stress levels. An R
value greater than zero allows for negative values of φ'm – φ'cv to be calculated. In the
cases presented in Figure 17, when Dr equals zero and R equals one φ' can be calculated
as 5 degrees lower than φ'cv. Contraction (–ψ') of the sand during cavity expansion is
certainly realistic due to particle crushing at high stresses, although the calculated effect
on ‘friction angle’ may not be entirely accurate.

Figure 17. Comparison of estimates of φ'm using Equation 26 and calculations based on
program CONPOINT
Table 3 summarizes input parameters used in parametric studies of cavity expansion
modeling of cone tip resistance and cylindrical cavity expansion limit pressures for
selected reference sands. Tables 4 and 5 summarize the results of those studies by
providing input parameters for Equations 19a and 19b. Trends are compared to field and
laboratory data in siliceous sands, and relevant observations are discussed. Table 6
summarizes field data and laboratory data used for comparisons to theoretical studies.
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Table 3. Input parameters for parametric studies of qc and plim,c
ID

Sand

Eq. 8, 9, and 22a

Eq. 16

φ'cv

Q

R

A01,2

emax

emin

TI

Ticino

34.8

10

1

580

1.03

0.61

TO

Toyoura

35.1

10

1

710

0.92

0.58

Q

Quiou

40

8

1

680

1.29

0.72

DB

Dogs Bay

40

8

1

1800
1.84
1.37
DBA
Dogs Bay (alt)
40
8
2
1
G0 values are input into CONPOINT and Gsec values are used for the solution of Yu &
Houlsby (1991). A Gsec/G0 value of 0.4 was assumed for calculations using the solution
of Yu & Houlsby (1991), after Bellotti et al. 1989.
2
A0 values presented by Pestana & Salvati (2006)

Table 4. Theoretical correlations for evaluation of cone tip resistance based on relative
density and horizontal stress evaluated from cavity expansion solutions (Equation 20a)
ID
TI-S
TI-Y
TO-S
TO-Y
Q-S
Q-Y
DB-S
DB-Y
DBA-S
DBA-Y

Sand
Ticino
Toyoura
Quiou
Dogs Bay
Dogs Bay (alt)

Method

c1q

c2q

n

CONPOINT

0.50

50

0.9-0.5Dr

Yu et al.

0.39

30

0.8-0.6Dr

CONPOINT

0.53

60

0.9-0.5Dr

Yu et al.

0.39

35

0.8-0.62Dr

CONPOINT

0.95

65

0.95-0.55Dr

Yu et al.

0.70

38

0.8-0.53Dr

CONPOINT

1.55

100

0.9-0.5Dr

Yu et al.

0.78

48

0.8-0.58Dr

CONPOINT

-

-

-

Yu et al.

0.7

25

0.84-0.6Dr
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Table 5. Theoretical correlations for evaluation of cylindrical cavity expansion limit
pressures based on relative density and horizontal stress evaluated from cavity
expansion solutions (Equation 20b)
ID
TI-S
TI-Y
TO-S
TO-Y
Q-S
Q-Y
DB-S
DB-Y
DBA-S
DBA-Y

Sand
Ticino
Toyoura
Quiou
Dogs Bay
Dogs Bay (alt)

Method

c1p

c2p

n

CONPOINT

0.6

10.2

0.9-0.3Dr

Yu et al.

0.65

8.5

0.85-0.35Dr

CONPOINT

0.6

12.5

0.9-0.35Dr

Yu et al.

0.67

9.5

0.85-0.35Dr

CONPOINT

0.8

9.5

0.95-0.4Dr

Yu et al.

1.05

9.5

0.85-0.35Dr

CONPOINT

1.15

15

0.85-0.3Dr

Yu et al.

1.25

11

0.85-0.35Dr

CONPOINT

-

-

-

Yu et al.

1.15

7.5

0.87-0.35Dr

Table 6. Sand data used for evaluation of theoretical correlations in Table 3
Figure

Description

Reference

19

37 field CPTU soundings in clean and silty sands
from the Lower Mississippi River Valley, USA

Schneider et al. 2004

20 /
21

Laboratory chamber tests on calcareous Quiou
sand from Plouasne, Bretagne, France

Fioravante et al. 1998

21

Field CPT data in calcareous sand of Plouasne,
Bretagne, France

Nauroy & LeTirant 1985

21

Field CPT data in calcareous sand at Buckman
site in Florida, USA

McVay et al. 1999

21

Field CPT data in calcareous sand at Ledge Point
site in Western Australia

Hebeler et al. 2005

22

Installation base resistance of 16mm diameter
centrifuge model pile in calcareous Dogs Bay
sand

Klotz & Coop 2001
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Figure 18. Comparison of stress, density, and calculation method on estimation of cone
tip resistance for various reference sands (see Table 3 for input parameters)
Theoretical evaluation of cone tip resistance measured in laboratory calibration chamber
tests can be relatively reliable, with the methodology used in the development of the
program CONPOINT typically predicting cone tip resistance within 30 percent (Salgado
et al. 1997). When comparing CONPOINT to calculations based on solutions of Yu &
Houlsby (1991), the two methods are quite close for ‘typical’ siliceous sands (Ticino &
Toyoura) at horizontal stress levels typical of calibration chamber tests (50 to 200 kPa).
When extrapolating to higher stress levels and different sand types, differences in of 50
to 100 percent are observed. Observations based on Table 4 and Figure 18 include:
• The stress exponent (n) for sandy soils is typically assumed to be 0.5 (e.g. Robertson

& Wride 1998), although these numerical studies indicate an n exponent in loose
sands of approximately 0.9 decreasing to approximately 0.35 in very dense sands.
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The decrease in stress exponent results from a decrease in dilation with increasing
stress at failure (e.g. Bolton 1986). Reduction in ‘n’ with increase density has
previously been discussed for pile end bearing (Flemming et al. 1992, Randolph et al.
1994) and CPT cone tip resistance (Olsen 1994, Moss et al. 2006a).
• When multiplying c2q by pref, the value is equal to the cone tip resistance at 100 kPa

for a soil with Dr of zero. This value is calculated to increase with φ'cv and decrease
with increasing compressibility (decreasing Q).
• The parameter c1q is related to the ‘spacing’ between trends of increasing qc with

horizontal stress at a constant relative density. As Q decreases the influence of
particle crushing at high stresses is more significant than dilation and c1q tends to
increase. The parameter c1q appears to be higher in calcareous sands as compared to
siliceous sands.
• The influence of φ'cv seems to have a greater effect on calculations made using the

program CONPOINT than the equations of Yu & Houlsby (1991). This results in
calculation of higher qc values for carbonate sands using the program CONPOINT.
Figure 19 compares correlations based on Toyoura sand to data from normally
consolidated uniform sand sites in the lower Mississippi River Valley, USA. The plot
shows data from 37 soundings collected at 20 sites within in area of 5000 km2
(Schneider et al. 2004). Sedimentation of the alluvial deposits in environments with
different energy levels resulted in a large range of qc values, from loose to very dense.
Considering that the input data for the models was not site specific, the theoretical
correlations bound the field data well. While there are differences in the two analysis
methods, it is not possible to quantify the method accuracy. Site specific measurements
of strength, stiffness, and in situ void ratio would be necessary for a more detailed
evaluation.
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Figure 19. Comparison of range of CPT data at siliceous sand sites in Lower Mississippi
River Valley to range of qc estimated using analyses of Toyoura sand (data from
Schneider et al. 2004)
Calibration chamber data from calcareous Quiou sand are compared to theoretical
correlations based on laboratory data from that sand in Figure 20. There is some scatter
in the chamber data, and more detailed analyses may have resulted in better agreement,
but still, both methods tend to reflect general trends in the data. Additional chamber
tests at a high horizontal stress and a range of relative densities would be required to
characterize the accuracy of methods.

Chamber test data in calcareous Quiou sand at a relative density of 95% from Figure 20
are compared to field data in a range of calcareous sands in Figure 21. It is noted that
the Quiou sand originates from the same region as the field test at Plouasne. There is
surprisingly good agreement between the field data at the Plouasne site and calibration
chamber tests in Quiou sand. In fact, comparison of CPT resistance for the four different
calcareous sands shows remarkable similarity. There are a number of points in which
the field data is in excess of a Dr ~ 1.0 estimated from theoretical correlations. These
discrepancies are likely related more to uncertainty in input parameters for the models
rather than the formulation of the models.
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Figure 20. Comparison of range of CPT data from chamber tests in calcareous Quiou
sand to range of qc estimated using analyses discussed above (data from Fioravante et al.
1998)

Figure 21. Comparison of range of CPT data at calcareous sand sites to range of qc from
laboratory calibration chamber tests and estimated using analyses for properties of
Quiou sand

Dogs Bay sand in Figure 22 provides a good example of behaviour for a very
compressible calcareous sand. The maximum and minimum void ratios for Dogs Bay
sand are two to three times those for ‘typical’ reference sands. Figure 22 illustrates
continuous profiles of pile installation base resistance (which is essentially equal to cone
tip resistance) for a 16mm diameter flat based penetrometer tested in a centrifuge (Klotz
& Coop 2001). Initial in situ relative density values between 0.25 and 1.0 were tested
and showed a low variation in qb with Dr. This behaviour is consistent with a highly
crushable sands that have a comparatively high ‘c1q’ parameter. When using Bolton Q
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and R parameters of 8 and 1, respectively, theoretical correlations based on both
methods significantly overpredict the measured qb, particularly at higher stresses. An
alternative analysis using a Q of 8 and allowing higher levels of contraction during
loading (R=2) was performed for the Yu & Houlsby (1991) solution. Better agreement
is achieved with the centrifuge data, although, this agreement may be fortuitous.

Figure 22. Evaluation of centrifuge data in calcareous Dogs Bay sand using cavity
expansion methods
Further attempts have been made to account for soil compressibility through empirical
correlations to the sate parameter (e.g. Been et al. 1987, Collins et al. 1992, Konrad
1998). Klotz & Coop (2001) proposed a correlation between Nq (=qb/σ'v0) and Rs
(=p'0/p'cs) for pile base resistance during installation. Nq during installation is analogous
to normalized cone tip resistance (Q=qcnet/σ'v0). Taking that some scatter in the
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correlation can be reduced by normalizing cone tip resistance to horizontal (σ'h0)
effective stress (Houlsby & Hitchman 1988), centrifuge data in siliceous Leighton
Buzzard sand (LBS) and calcareous Dogs Bay sand (BDS) from Klotz & Coop (2001)
are compared to calibration chamber data in bioclastic calcareous Quiou sand (from
Plouasne, France) discussed by Fioravante et al. (1998) in Figure 23. Critical state soil
parameters evaluated from laboratory testing as well as empirical correlations between
qc/σ'h0 and p'0/p'cs are included in Table 7.

Observations based on Figure 23 and Table 7 include:
• As discussed by Klotz & Coop (2001), while qc/σ'h0 tends to correlate well with state

parameter (Rs=p'0/p'cs), there does not seem to be a unique correlation for different
soil types (i.e., siliceous and calcareous).
• The dense Leighton Buzzard sand (LBS) appears to have higher normalized cone tip

resistance values than LBS at higher initial values of specific volume but similar
states. This may be due to boundary effects during centrifuge chamber testing in the
dense sand.
• The calcareous Quiou sand has a similar correlation between qc/σ'h0 and p'0/p'cs as

Dogs Bay calcareous sand (DBS). While this initially seems reasonable (based on the
mineralogy), it is noted that the critical state parameters for Quiou sand (Γ=2.9;
λ=0.165) are more similar to LBS (Γ=3.03 λ=0.154) than to DBS (Γ=4.4; λ=0.335).
Differences in these correlations may be influenced by stiffness (i.e., shear modulus,
G) and strength (i.e., constant volume friction angle, φ'cv) characteristics which are
not explicitly included in Figure 23. Finite element analyses of cone penetration or
cavity expansion which incorporate advanced soil models (e.g. Hsieh et al. 2002)
may lead to improved understanding of factors influencing cone tip resistance or the
initial increase in radial stress due to pile installation, provided that internal
consistency in qc, plim,c, and G0 can be verified.
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Figure 23. Comparison of normalized cone/base resistance during installation to initial
soil state for siliceous and carbonate sands
Table 7. State based correlation between cone/pile base resistance
Sand

Γ

λ

vmax

vmin

Correlation

σln4

Leighton

3.03

0.154

2.01

1.72

qb/σ'h0 ≈ 23⋅(p'0/p'cs)-0.53

0.33

4.4

0.335

2.84

2.37

qb/σ'h0 ≈ 48⋅(p'0/p'cs)-0.69

0.22

1

Buzzard
Dogs
Bay1

0.15
2.9
0.165
2.286
1.717
Quiou /
qc/σ'h0 ≈ 36⋅(p'0/p'cs)-0.75
2
Plouasne
1
centrifuge model pile tests (Klotz & Coop 2001)
2
calibration chamber tests (Fioravante et al. 1998)
3
intercept for the normal compression line at 1 kPa (N) from Pestana (1994), Γ ≈ Ν –
λln(4.5) for sands
4
standard deviation of ln(calculated/measured) ≈ COV

A1.1.3.2 Ratio of CPT qc to cylindrical cavity expansion limit pressure

The initial increase in radial stress due to a cone or pile can be modeled using
cylindrical cavity expansion analyses. This section will discuss the ratio of cone tip
resistance to cylindrical cavity expansion limit pressure for two reasons:
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• While cone penetration tip resistance is convenient to measure, the cylindrical cavity

expansion limit pressure appears to be of greater concern for analysis of the initial
increase in radial stress due to a displacement pile.
• Internal consistency of qc and plim,c should be achieved when performing analyses

based on cavity expansion models.
One of the most complete studies of the ratio of cone tip resistance to plim,c is presented
by Yu et al. (1996). That study used the same cavity expansion solution discussed by Yu
& Houlsby (1991), and calculations for this thesis also showed that qc/plim,c increases
with (i) plane strain friction angle; (ii) G/σ'h0. The parametric studies presented in
Tables 3 through 5 link changes in strength and stiffness to density and stress state,
which allows for direct comparison to field and laboratory data. Theoretical correlations
between qc/plim,c and normalized cone tip resistance were reviewed, and the most unique
correlation was observed for qc/σ'h0, or qc/σ'v0 in soils with constant K0. Figure 24
compares theoretical correlations between qc/plim,c and qc/σ'h0 based on parametric
studies using the method of Yu et al. (1996) to field and laboratory chamber test data. A
summary of sites with qc and plim,c data discussed here is presented in Table 8.
Table 8. Sand data used for evaluation of theoretical qc/plim,c relationships
Figure

Description

Reference
Schanid & Houlsby 1992

24

Calibration chamber testing of cone
pressuremeter in siliceous Leighton Buzzard
sand (LBS)

24

Calibration chamber testing of cone
pressuremeter in siliceous Hokksund

Nutt 1993

24

Calibration chamber testing of cone
pressuremeter in calcareous Dogs Bay (DB) sand

Nutt 1993

24

Calibration chamber testing of self boring
pressuremeter in siliceous Ticino sand

Ghionna et al. 1990

Field testing of self boring pressuremeter in
siliceous Po River sand

Ghionna et al. 1990

Field testing of self boring pressuremeter in
calcareous Quiou sand

Nauroy & LeTirant 1985

24
24

Bellotti et al. 1989
Bellotti et al. 1989
Zanier 1983

Theoretical correlations in Figure 24 suggest that qc/plim,c tends to increase with qc/σ'h0.
The trends appear relatively independent of initial effective stress level when using the
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solution of Yu & Houlsby (1991). Calcareous sands have similar ratios of qc/plim,c at a
given value of qc/σ'h0 as siliceous sands, although values of qc/σ'h0 tend to be lower for
calcareous sands due to soil compressibility. Lower values of the ratio of qc/plim,c at
lower qc/σ'h0 values imply high ratios of τf/qc in looser sands, provided that the
reduction in stress behind the pile tip is constant.

Figure 24. Comparison of theoretical correlations for qc/plim,c to laboratory and field data
in siliceous and calcareous sands

Differences between experimental data and theoretical correlations may arise due to:
• SBP data may not reach limit pressures and require extrapolation to estimate plim,c.

An underprediction of plim,c will lead to higher ratios of qc/plim,c.
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• Increases in radial stress due to installation of a cone pressuremeter may result in

higher values of plim,c as compared to a self boring pressuremeter. This would lead to
overprediction of qc/plim,c ratios, which are not observed.
• The influence of finite length on pressuremeter expansion curves as compared to

assumed infinitely long cavity for theoretical analyses.

While comparison of cylindrical cavity expansion limit pressures and cone tip resistance
is useful for validation of theoretical models, there still are limited amounts of data as
well as significant uncertainty in interpretation of the data. Additional studies of the
ratio of qc/plim,c published by Wride et al. (2000) indicated values between 6 and 10 for
relatively loose natural sands and silty sands.
A1.1.3.3 Correlations between G0 and qc

The ratio of G0 to qc is useful to check the internal consistency of theoretical evaluations
of qc, as well as identify structure / ageing effects in natural sands. Initial correlations
between G0 and qc were primarily based on laboratory measurements of G0 (i.e.,
resonant column device) and corresponding calibration chamber tests of sands at similar
densities and stress levels (e.g., Baldi et al. 1989, Rix & Stokoe 1991). The development
of the seismic cone (e.g. Campanella et al. 1986) test has resulted in large amounts of
data comparing initial small strain shear modulus, G0, and cone tip resistance, qc.
General equations often take a form similar to:
⎡ (q c p ref ) ⎤
G0
n
= KG ⋅ ⎢
= K G ⋅ q c1N
0.5 ⎥
qc
⎣ (σ' v 0 p ref ) ⎦
n

(23)

Where Kg is an empirical coefficient and ‘n’ is a negative exponent. Rix & Stokoe
(1991) proposed an exponent of -0.75, while Fahey et al. (2003) use -0.67. Values of ‘n’
for Equation 23 tend to range from -0.65 to -0.85 with the characteristics of the datasets
providing little insight into the most appropriate exponent. The value of -0.75 is used for
discussions in this thesis.

From an empirical perspective, Equation 23 implies that since:
• there is a correlation between relative density and stress normalized cone tip

resistance for a given sand (i.e., Equation 19a);
• there is also a relationship between relative density and stress normalized shear

modulus for a given sand (LoPresti 1987);
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• the changes in stress normalized small strain shear modulus with relative density are

less than changes in stress normalized qc due to relative density;
G0/qc will reduce with stress normalized cone tip resistance. The simplest stress
normalization for cone tip resistance is qc1N, which is commonly used for Equation 23.
Figure 25a illustrates data in Holocene sands compared to Equation 23 using Kg of 215
and n of -0.75. Data used in Figure 25 are summarized in Table 9. All data are from
field sites except the Quiou sand from chamber tests, which is included due to its
carbonate mineralogy. General trends are matched well, although there is significant
scatter in the correlation. Uncertainty in G0-qc correlations between different sands was
highlighted by Rix & Stokoe (1991).

When aged, cemented, and residual sands are added to the correlation, the scatter
increases significantly (Fahey et al. 2003). When using an n value for Equation 23 of
-0.75, KG values range from approximately 110 for sands which have historically
liquefied during earthquakes to 1100 for cemented sands and residual soils. An apparent
transition from Holocene sands to aged/cemented sands occurs at KG of approximately
330.

Figure 25. Evaluation of G0/qc ratios using empirical databases in Table 9
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Table 9. Summary of in situ field data used to evaluate correlations between G0 and qc
Description

Reference

Italian field sites

Baldi et al. 1988a

Quiou calcareous sand

Fioravante et al. 1998

CANLEX – Canadian field sites

Wride et al. 2000

Perth – Holocene

Fahey et al. 2003

Perth – Cemented / Aged
Perth – Calcareous
California Liquefaction sites

after Andrus & Stokoe 2000,
Andrus et al. 2004

Lower Mississippi River Valley (LMRV), USA

Schneider et al. 2004

Residual soils

Schnaid et al. 2004

Figure 26. Evaluation of G0/qc ratios using theoretical correlations
Figure 26 illustrates apparent G0/qc correlations based on cavity expansion analyses
summarized in Tables 3 and 4 as compared to Equation 23 using KG of 215 and n of
-0.75. The siliceous Ticino and Toyoura sands have relatively unique correlations
between G0/qc and qc1N for soils with a constant K0, while the scatter in the correlation
for calcareous sands appears greater. Data are in good agreement with field observations
(Figure 25). Like the comparison of qc and plim,c, comparison of G0 and qc provide
valuable checks of the internal consistency of theoretical models. There is much more
data available on the relationship between G0 and qc than plim,c and qc, as well as much
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more scatter in a general correlation. While not unique, the relationship between G0 and
qc appears better understood than the relationship between qc and plim,c.
A1.1.4. Summary of site characterization for pile design in sands

Based on the previous discussion, the follow data are listed in order of priority for use in
economical and efficient site characterization for pile design in sandy soils. Items 1
through 3 can be useful in everyday practice, while items 4 through 6 are more research
focused or of use for large projects in ‘atypical’ soil conditions.
1. Piezocone penetration test data, qc, fs, and u2.
2. Particle characteristics from index test results, D50, fines content, vmax, and vmin.
3. Interface shear and dilation characteristics, δpk, δcv, Δymax, and influence of
normal stiffness (kn) on Δymax.
4. Supplemental in situ tests to check internal consistency of theoretical analysis of
cone tip resistance and the increase in radial stress due to pile insertion.
a. Field and laboratory measurements of G0 to assess the potential for sand
structure and ageing.
b. Self boring or full displacement pressuremeter expansion / contraction
curves with unload-reload loops. Creep tests with a duration of 10
minutes prior to each unload-reload loop may have promise for
evaluation of time dependant pile behaviour.
c. Flat plate dilatometer tests will also be of use for assessment of the
degradation of stiffness (from G0) at higher strain levels.
5. Laboratory measurements of φ'cv, and the Bolton (1986) stress dilatancy Q and R
parameters.
6. Laboratory measurements of critical state parameters (Γ, λ, and Ν; e.g. Coop
2005, Klotz & Coop 2001), as well as the influence of state on soil stiffness (e.g.,
Coop & Jovičić 1999).
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A2. FACTORS INFLUENCING DRAINED CAVITY EXPANSION
ANALYSES IN SANDS

A2.1. Overview

Cavity expansion methods are a good first step in the analysis of penetration resistance
or increases in radial stress due to pile installation. Additionally, since there exists
closed form solutions of the load-displacement response due to cylindrical and spherical
cavity expansion for a number of different soil models, comparison of numerical results
to cavity expansion theory (for the same soil models) is a reliable way to verify
numerical analyses. Cavity expansion analyses in this thesis use:
1. Linear elasticity to evaluate secant shear modulus values from pressuremeter
unload-reload loops.
2. The unaltered method of Hughes et al. (1977) to estimate friction and dilation angles
from self boring pressuremeter tests.
3. The Yu & Houlsby (1991) solution for spherical and cylindrical cavity expansion
limit pressures using G/G0 of 0.4 and stress dependant friction and dilation angles
per Bolton (1986) (as discussed in Appendix A1).
4. The Salgado et al. (1997) solution for cylindrical cavity expansion limit pressure and
stress rotation analysis coded in the program CONPOINT (Salgado 1993). The FE
formulation uses an input of G0 and accounts for stress dependant nonlinear
elasticity as well as stress dependant dilation per Bolton (1986).
There are certain assumptions relating to the influences of (i) stress-dilatancy-crushing
behaviour; (ii) elastic strains in the plastic region; (iii) appropriate ‘operational’ shear
modulus; (iv) the effect of soil stiffness nonlinearity; and (iv) finite length of the
pressuremeter, that effect the interpretation of cavity expansion analyses. The previous
appendix touched on the influence of stress-dilatancy and particle crushing on cone tip
resistance (and thus the initial increase in radial stress due to pile installation), and this
appendix addresses points (ii) through (iv).

Cavity expansion under drained conditions is influenced by strength, stiffness, and
volume change (e.g., Hughes et al. 1977). Appendix A1 discusses the complex
behaviour of sands, particularly at high stresses, where strength and volume change are
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influenced by stress level and stiffness is influenced by stress and strain history for an
element of soil. This appendix compares analytical solutions and 1-D finite element
methods for analysis of cavity expansion problems for sandy soils, and discusses
implications for evaluation of pressuremeter tests. Differences in results due to selection
of soil model and solution method formulation are highlighted.
A2.2. Linear elastic-plastic analyses using a Coulomb failure criterion

Expansion during a self boring pressuremeter (SBP) test is directly analogous to
expansion of a cylindrical cavity, which has simply been modeled as an elastic-perfectly
plastic material using a Mohr-Coulomb failure criterion and the non associated Rowe
(1962) stress dilatancy flow rule by Hughes et al. (1977). Figure 1 illustrates stress paths
during elastic-plastic cylindrical cavity expansion and contraction in a frictional
material (with c'=0). The simple model is compared to field data and can match the data
relatively well. It is noted that a three important assumptions for those analyses are:
1. There are no elastic deformations in the plastic zone;
2. The pressuremeter can be modeled as an infinitely long cylinder; and
3. The dilation angle is constant during loading.
The assumed flow rule with constant dilation angle (ratio of plastic increments of strain)
is shown in Figure 2.

Initial loading is considered elastic until yield is reached at the cavity wall with a
constant mean effective stress (σ'r=σ'h0; ∆σr = -∆σθ). As illustrated in Figure 1, initial
yielding at the cavity wall (∆σ'r=p1-σ'h0) occurs at a stress ratio ∆σ'r/σ'r0 = sinφ', or in
this case ∆σ'r/σ'h0 = sinφ'. Elastic radial displacements are solely a function of the shear
modulus and change in radial stress:
δεc =

1 ∆σ' r σ' h 0 sin φ
⋅
=
2 G
2G

(1)

Equation 1 is analogous to Equation 5 in Chapter 5 when cavity strain is defined as ∆y/r
= 2∆y/D.
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Figure 1. Theoretical limit of elastic behaviour for a pressuremeter test in sand (after
Wroth 1982) compared to field data for a SBP test at 12.75m in Perth (data from Fahey
2005)
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Figure 2. Idealized volumetric response with constant ψ' in plastic phase – see Figure 1
for definition of points P, Q, R, U1, U2, and U3

Once failure at the cavity wall is reached, Hughes et al. (1977) showed that the slope of
the pressure expansion curve plotted as ln(p') against ln(εc) will give a straight line with
slope, s:
s=

(1 + sin ψ')sin φ'

(2)

1 + sin φ'

It is noted that estimates of φ' and ψ' interpreted from pressuremeter data in this way are
sensitive to installation disturbance (Fahey & Randolph 1984).

Carter et al. (1986) present a small strain closed form solution for cavity expansion in
cohesive-friction soils, which is compared to a large strain formulation for the same
material type by Yu & Houlsby (1991). Both methods address volume change in
dilatant soils using an elastic – perfectly plastic soil model with a Mohr-Coulomb failure
criterion and non associated flow rule with constant dilation angle. When ‘cohesion’ is
zero and the Rowe (1962) relationship between friction and dilation is used, the soil
model used by Carter et al. (1986) and Yu & Houlsby (1991) is the same as that used by
Hughes et al. (1977).
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The methods of Carter et al. (1986) and Yu & Houlsby (1991) more accurately model
material behaviour when compared to the method outlined by Hughes et al. (1977) since
elastic strains in the plastic zone are accounted for using the shear modulus of the soil.
This actually leads to large discrepancies in interpretation of friction and dilation
parameters for the different methods. Figure 3 compares pressure expansion curves
generated using the solutions of Hughes et al. (1977) and Yu & Houlsby (1991), both
using Rowe’s stress dilatancy theory. In Figures 3 and 4 the subscript ‘H’ refers to input
/ output for the Hughes et al. model, and the ‘Y’ refers to input / output for the Yu &
Houlsby model.

Some interesting observations come from a comparison of the two methods:
• For the same normalized stiffness, the influence of dilation in the Yu & Houlsby

formulation is approximately half that of the simplified model of Hughes et al..
• For both models, variations in stiffness can produce changes in the overall pressure –

cavity strain curve which are similar to those expected for changes in strength.
• When using the more detailed model of Yu & Houlsby (1991), soil stiffness

influences the slope of the pressure expansion curve in a plot of ln(p') vs. ln(εc) (i.e.,
s from Equation 2). For the same Yu and Houlsby dilation angle of 15o, changes in
G/σ'h0 from 200 to 1500 result in changes in apparent dilation angle based on ‘s’
(Hughes et al. 1977) varying from approximately 7 to 10 degrees.

As stiffness increases, elastic strains in the plastic zone decrease and the solutions of
Hughes et al. (1977) and Yu & Houlsby (1991) tend to converge. This is illustrated in
Figure 4 for a soil with and range of stiffness and dilation angles, Poisson ratio (ν) of
0.33 and 0.49, and φ'cv of 33 degrees.
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Figure 3. Comparison of Yu & Houlsby (1991) large strain solution for cylindrical
cavity expansion to that of Hughes et al. (1977) [ψ'H = dilation angle used for Hughes et
al. model; ψ'Y = dilation angle used for Yu & Houlsby model]
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Figure 4. Comparison of slope of pressure expansion curve, s, between 1 and 5% as a
function of soil stiffness for methods if Hughes et al (sH) and Yu & Houlsby (sY)
The two solutions converge within 3 percent at high stiffness values, but differ by up to
25 percent for typical values of normalized secant stiffness (G/σ'h0) of 100 to 500. The
differences in the methods tend to increase with dilation angle. Still, the method of
Hughes et al. (1977) tends to match well with measured high quality self boring
pressuremeter data (e.g., Fahey 1980). Ajalloeian & Yu (1998) suggest that this
agreement is due to compensating effects of finite pressuremeter length (L/D of 6 for
Cambridge In Situ CamK0meter as opposed to assumption of L/D = ¶) and neglect of
elastic strains in the plastic region for the Hughes et al. (1977) method. Based on data
and analysis in Fahey (1980) and Ajalloeian & Yu (1998), analysis of friction and
dilation angles from data collected using a pressuremeter with L/D of 6 using the
unaltered Hughes et al. (1977) method are reasonable, while the Yu & Houlsby (1991)
method or 1-D finite element analyses require a finite length correlation. This length
correlation can be assessed through 2-D finite element analyses and/or experimental
studies (e.g. Yu 1990, Ajalloeian & Yu 1998).

Finite element analyses allow use of more realistic soil models than linear elastic –
perfectly plastic Mohr-Coulomb models with constant dilation assumed for analytical
solutions, although, verification of analyses through comparison to analytical solutions
is necessary prior to evaluation of the effects of soil model. Finite element analysis of
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cylindrical cavity expansion was performed using the computer code CAMFE (Carter
1978). Analyses were performed using two soil models:
1. linear elastic – perfectly plastic Mohr – Coulomb model with constant dilation,
i.e., the same soil model used in the analyses of Hughes et al. (1977) and Yu &
Houlsby (1991)
2. non-linear elastic perfectly plastic Mohr – Coulomb model with constant dilation
angle (Fahey & Carter 1993).

Comparison of the closed form solutions of Yu & Houlsby (1991) to the results of finite
element analysis using CAMFE (Carter 1978) for a linear elastic – perfectly plastic
Mohr – Coulomb model with constant dilation are shown in Figure 5. CAMFE and the
analytical solution of Yu & Houlsby (1991) give similar results for the same soil model,
although differences increase with stiffness and dilation angle. For these examples, a
difference of 7% in the pressure at a cavity strain of 10% is observed when using ψ' of
30o and G/σ'h0 of 500. When using ψ' of 15o and G/σ'h0 of 1500, there is a difference of
4% in pressure at a cavity strain of 10%.

When calculating limit pressures the differences are greater, and a difference of 35% is
observed between CAMFE and Yu & Houlsby (1991) for input parameters of ψ' equal
to 15o and G/σ'h0 equal to 500. These differences result from the cavity strain level
where the limit pressure is approached. The finite element analyses approach a limit
pressure at cavity strains of 60 to 100%, while the analytical solution shows continued
increases in cavity pressure for cavity strains up to 300 to 600%. It is noted that the
CAMFE model has similar differences to the Hughes et al. (1977) solution as the
method of Yu & Houlsby, since elastic strains in the plastic region are explicitly
included in the calculation.
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Figure 5. Comparison of Yu & Houlsby (1991) large strain solution for cylindrical
cavity expansion to finite element modeling using the program CAMFE (Carter 1978)
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A2.3. Non-linear elastic-plastic analyses using a Coulomb failure criterion

Despite the ability to measure a secant value of shear modulus during pressuremeter
testing, the influence of stress and strain levels within the unload-reload loop lead to
some uncertainties in the direct application of those modulus values (e.g. Bellotti et al.
1989). As previously mentioned in Appendix A1, the initial small strain shear modulus
(G0) at in situ stresses can be measured using shear waves. If G0 is not measured, the
influence of stress level and void ratio can be quantified for uncemented sands with a
higher degree of accuracy than estimation of an ‘operational’ Gsec. As discussed in
Appendix A1, the value of G0 will degrade with increasing shear strain prior to yield,
and this behaviour can be modeled using non-linear elasticity. The distorted hyperbolic
relationship described by Fahey & Carter (1993) is used in this thesis to model
nonlinear elasticity prior to yielding for cavity expansion analyses.
g
 τ  
G sec 
 
= 1 − f 
τ max  
Go 




(3)

The parameters f and g are empirical fitting parameters which tend to vary with sand
age and structure (e.g. Fahey 2005). When f is zero and g is unity, Equation 3 represents
a constant shear modulus prior to yield (elastic – plastic model), which is the same soil
model as used for the Hughes et al. (1977) and Yu & Houlsby (1991) analyses. When f
and g are both equal to unity, Equation 3 represents a standard hyperbolic degradation
curve (e.g. Kondner 1963, Duncan & Chang 1970). When using a standard hyperbolic
relationship with f=1, the stress path does not intersect the yield surface and dilation will
not occur during loading (Fahey & Carter 1993).

Finite element analyses using linear (e-p) and non linear (f-g) elastic plastic Mohr
Coulomb models with constant dilation are compared in Figures 6 through 8. The finite
element programme CAMFE was used for both sets of analyses, and additional
comparisons are discussed by Fahey & Carter (1993). A f value of 0.6 and g value of
0.25 were used in analyses, which generally correspond to young uncemented sands.
Since the f-g model allows for increases in G with mean stress, analyses in Figure 6
through 8 used a stress exponent (n) of zero for a more direct comparison to the linear
elastic-plastic model.
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Differences in expansion curves (pressure at equivalent cavity strain) are within
approximately 5 to 10 percent in Figure 6 when using linear and non linear elastic –
plastic models in CAMFE. Slightly smaller differences are observed for limit pressures,
since the stiffer response of the non linear elastic model results in a limit pressure
(defined at εc=1000%) at a slightly lower cavity strain.

To achieve equivalent secant moduli (Gsec) at the cavity wall at initial yield, the input
modulus for the f-g model was taken as (G/σ'h0)/(1-f). The influence of nonlinear
elasticity on modulus reduction (Gsec/G0) with increasing cavity strain is shown in
Figure 7. Initial modulus values are obviously much larger for the f-g model, but these
values degrade rapidly with increasing shear strain. As previously mentioned, secant
shear modulus values are equivalent when initial yield is reached. Based on Equation 1,
it is evident that as stiffness decreases the strain to yield increases. Normalizing cavity
strain by secant stiffness and stress change in the elastic portion of the curve produces a
relatively unique point at Gsec/G0 = (1-f) and normalized cavity strain of 1.
The point is not exactly unique due to normalization of cavity strain by initial horizontal
stress and increases in mean stress in the non linear elastic zone. Changes in mean stress
(∆s') prior to yield due to nonlinear elasticity are shown in Figure 8. For this example,
∆s is relatively small, although, that change is sensitive to assumptions in f, g, and
Poisson ratio (Fahey & Carter 1993). As f increases ∆s also increases, and when f is
equal to unity the failure surface is not reached and no dilation will occur. As g
decreases, the change in mean stress prior to yield will also decrease. While the
influence of non linear elasticity may have small effects on calculation of the pressure
expansion curve or limit pressures, it is of significant importance in selection of input
parameters for models. Since G0 can be measured at a given site, models which
incorporate non linear elasticity are of preference over models which rely on a less well
defined secant modulus.
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Figure 6. Comparison of cylindrical cavity expansion modelled using linear (e-p) and
non liner (f-g) elastic plastic Mohr-Coulomb models with constant dilation
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Figure 7. Comparison of modulus reduction with increasing cavity strain during
cylindrical expansion modelled using linear (e-p) and non liner (f-g) elastic plastic
Mohr-Coulomb models with constant dilation in the program CAMFE
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Figure 8. Increases in mean stress prior to initial yield when using a nonlinear elastic
soil model for cylindrical cavity expansion.

A2.4. Summary

Cavity expansion analyses and interpretation of pressuremeter data are sensitive to a
number of assumptions including the influence of (i) stress-dilatancy-crushing
behaviour; (ii) elastic strains in the plastic region; (iii) appropriate ‘operational’ shear
modulus; (iv) the effect of soil stiffness nonlinearity; and (iv) finite length of the
pressuremeter. Reliable finite element analyses must take these facets of sand behaviour
into consideration, and the best way to check results are by assessment of the internal
consistency of analyses (from simple to advanced models) and various types of testing
data (pressuremeter, CPT, shear wave velocity, and laboratory element tests at high and
low stress levels).
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A3. INFLUENCE OF DATABASE SIZE AND CHARACTERISTICS
ON ASSESSMENT OF METHOD RELIABILITY

A3.1. Introduction

Four cone penetration test (CPT) tip resistance (qc) based methods for calculating axial
capacity of driven piles in sands have recently been added to the Commentary of the
26th edition of the American Petroleum Institute (API) recommended practice for fixed
offshore structures (RP2A) (API 2006), but applicable factors of safety are still
uncertain. These methods are referred to as Fugro-05 (Kolk et al 2005), ICP-05 (Jardine
et al. 2005), NGI-05 (Claussen et al. 2005), and UWA-05 (Lehane et al. 2005a). A
recent study summarized by Schneider et al (2007a; Chapter 7) discuss method
formulation and performance against a database of pile load test results with adjacent
CPT data, while Schneider et al. (2007b; Chapter 8) discuss the influence of method
bias on nominal reliability index. This appendix extends that study to discuss the
influence of (i) database characteristics in relation to a design situation; and (ii) number
of load tests within a given database or subset database on calculated nominal reliability
index and recommended factors of safety.

Reliability is defined as the probability that a system will perform its intended function
for a specified period of time under stated conditions, or one minus the probability of
failure. The relationship between factors of safety, or LFRD load and resistance factors,
and probability of failure can be expressed in terms of the reliability index, β, which is
in turn related to the probability of failure, pf.

p f = 1 − Φ (β )

(1)

where Φ is the cumulative distribution function (CDF) of the standard normal
distribution. Assuming a lognormal distribution of the reliability index as a function of
the applied factor of safety (FSA), bias in resistance (μgR), bias in load (μgQ), design
standard deviation in prediction of resistance (σlnRD), design standard deviation in
prediction of load (σlnQD), and correlation between load and resistance (rQR) is expressed
as (after Bea et al. 1999, Christian 2004):
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⎛
μ ⎞
ln⎜ FSA ⋅ gQ ⎟
⎜
μ gR ⎟⎠
⎝
β=
σ 2 ln RD + σ 2 ln QD − 2ρ QR σ R σ Q

(2)

The correlation between load and resistance is typically taken as zero (as discussed in
Chapter 8), which simplifies Equation 2.

Wu et al. (1989) address uncertainty in the estimation of resistance (σln,R), by further
separating the components as uncertainty in the model (σln,Rm), uncertainty in the input
parameters to that model (σln,Ri) as well as uncertainty due to small sample size (σln,Rs):
σ ln,R = σ ln,Rm + σ ln,Ri + σ ln,Rs
2

2

2

(3)

This Appendix furthers that discussion by addressing not only the influence of sample
size (σln,Rs), but also the differences between characteristics of a give database and
characteristics of the design situation.
A3.2. Extrapolation bias

The CPT based methods within API RP2A for calculation of axial capacity of offshore
piles in siliceous sands were developed by their respective authors to best reflect the
available load tests data on relatively small diameter piles in relatively uniform sand
deposits. Since the equations used to calculate pile end bearing and shaft friction
resistance vary between methods, the relative capacity for a given site and pile geometry
will also vary. If this difference is due to a significant fundamentally different
assumption in the development of the methods, this difference will not be reflected in
the “error” of the methods assessed by the standard deviation against a database of
onshore load tests, but result in a bias when the methods are extrapolated to conditions
atypical of database piles. The influence of bias has been discussed in Chapter 8
(Schneider et al. 2007b).
A3.3. Extrapolation uncertainty

The standard deviation of the predictive performance of design methods (σlnR) against
the UWA database of pile load tests with adjacent CPT profiles are summarized in
Chapter 7 (Schneider et al. 2006a). Those standard deviations are a combination of
model error as well as soil index property variability at a given pile load test site.
Therefore σlnR from the database study is considered applicable to sites with similar
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levels of soil variability, similar site investigation techniques, and similar soil conditions
and pile geometry. The sites were sand sites with profiles of CPT data measured
adjacent to pile load tests, and soils that predominantly plot in Zone 6 of the Robertson
& Wride (1998) Q-Fr soil behaviour type chart. Index test data was typically available
to characterize the predominant grain size of the sands, and indicate that the grains had a
low carbonate content and the soil matrix did not contain significant amounts of mica. If
site characterization for a given design was not performed using cone penetration tests,
higher standard deviations should be used to assess factors of safety and reliability.

Additionally, direct application of database statistics to assess the nominal reliability of
a design situation requires that the database is sufficiently large and representative of
the site soil conditions and pile geometry. For assessment of method performance from
subset databases, it is necessary to modify database statistics to account for database
size and magnitude of extrapolation. Increase in σlnR due to extrapolation without
changes in μgR assumes that there is no bias in the design methods. Bias in design
methods has previously been discussed Chapter 8, Schneider et al. 2007b).

Additional uncertainty in design methods due to extrapolation from the database in
which statistics were calibrated is addressed for pile geometry, end condition, soil
conditions, interaction between the soil and pile, and time between installation and
loading. Still, these levels of reliability must be considered as nominal values since
additional factors will influence uncertainty in design calculations (Christian 2004).
While there is significant extrapolation in measured load from database studies (Qt,avg <
5MN) to offshore conditions (Qt,design ≈ 50 MN), that extrapolation is accounted for
through length, diameter, and cone tip resistance. These independent parameters are best
assessed through extrapolation standard deviation (σln,X,e) due to:
1. σln,L,e: pile length or effective length (geometry);
2. σln,D,e: pile diameter (geometry);
3. σln,Areff,e: effective area ratio [Ar,eff=1-IFR(Di2/Do2)] (end condition);
4. σln,qc,e: weighted average cone tip resistance;
5. σln,δ,e: average interface friction angle; and
6. σln,t,e: time between installation and load testing.
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σln RD = σln R + σln,L,e + σln,D,e + σln,Areff ,e + σln,qc,e + σln,δ,e + σln,t ,e
2

2

2

2

2

2

2

(4)

The first point of uncertainty in pile geometry is presented as length, or effective length.
The ‘effective length’ (Leff) was developed to address comments by Harry Kolk
(personal communication 2005) in relation to the length of the EURIPIDES pile load
tests. The EURIPIDES piles were driven through 25m of loose sandy fill to bear in a
dense to very dense fine sand layer. The piles were driven to tip depths of 30.5m, 38.7m,
and 47m, or ‘effective lengths’ in the bearing layer of 5.5m, 13.7m, and 22m. It was
observed that approximately 80% of the shaft capacity was achieved in the very dense
sand and the soil above this point had little contribution to capacity. Therefore, when
assessing L/D bias, the piles should be considered shorter than their actual embedded
length. The effective length is therefore calculated as the height behind the pile tip
where 80% of the shaft capacity is estimated to be generated using the UWA-05 method,
and presented in Chapter 7. Similar lengths are calculated using the ICP-05 and NGI-05
methods, although Leff is shorter based on Fugro-05 due to its lower ‘a’ parameter and
higher friction fatigue coefficient (c). Effective length is used for this assessment of
extrapolation bias, although, database characteristics are presented for both length and
effective length.

Additionally, it is assumed for these statistical analyses that pile capacity in sands is
time independent. Since pile capacity in sands tends to increase with time (e.g., Chow et
al. 1998), ignoring this term would add a conservative bias to the analyses (e.g., Bea et
al. 1999, Schneider et al. 2007b, Chapter 8). If this bias were included in analyses,
additional uncertainty due to time would need to be included in Equation 4. Time bias is
ignored in these reliability analyses since mechanisms controlling increase in shaft
friction due to this effect are poorly understood.

It is also assumed that variables in Equation 4 are uncorrelated. Any correlation between
the variables would lead to a lower value of σlnRD than calculated using Equation 4.
Arguably, diameter and IFR are correlated for open ended piles (e.g., Xu et al. 2007,
Appendix 6), and thus there would likely be some correlation between diameter and
Ar,eff. When including both open and closed ended piles in the analysis, this correlation
becomes less certain and is not included in development of Equation 4.
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Assuming a lognormal distribution of parameters within a database, calculation of
extrapolation uncertainty will be a function of the relationship between a design
parameter (x), the geometric mean of that design parameter within the database (μg,x),
the standard deviation of the natural log of that parameter (σln,x), the standard deviation
of the method as compared to a database (σlnR), and the number of tests within the
database (n) as (after Zhang et al 2004, personal communication W. H. Tang 2006):
2
σ ln, x ,e
1 [ln (x μ g , x )]
=
+
σ ln R
n (n − 1)σ 2 ln, x

(6)

When the design value is equal to the geometric mean of the database, the extrapolation
uncertainty will be a function of the database size, σlnx,e/σlnR = n-0.5.

Characteristics of the UWA-05 database are contained in Tables 1 through 5, while
statistics of method performance for that database are included in Chapter 7.
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Table 1. Characteristics of UWA database for closed ended piles in compression (CEC)
assuming lognormal distribution of parameters
Closed Ended Pile in Compression (CEC)
number of load tests, n = 32

μg

σln

min

max

Qt (MN)

1.40

0.91

0.21

5.49

L (m)

14.61

0.49

6.10

35.90

Leff (m)
D (m)

8.59
0.36

0.58
0.35

2.60
0.20

26.10
0.66

L/D

40.96

0.46

13.35

83.93

qc shaft (MPa)

9.23

0.65

3.65

39.23

qc,Dutch tip
(MPa)

8.15

0.76

1.75

38.58

qc1N shaft

89.72

0.66

38.53

430.05

qc1N,Dutch tip

63.74

0.81

11.15

387.87

Dr shaft

0.53

0.23

0.23

1.07

Dr tip

0.41

0.27

0.00

1.04

μf = tan(δf)

0.51

0.10

0.45

0.63

IFR

0.00

0.00

0.00

0.00

Ar,eff

1.00

0.00

1.00

1.00

Fr

0.47
5

0.57
1.97

0.25
0.5

2.64
88

time1 (days)
1
time between driving and load testing
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Table 2. Characteristics of UWA database for closed ended piles in tension (CET)
assuming lognormal distribution of parameters
Closed Ended Pile in Tension (CET)
number of load tests, n = 12

μg

σln

min

max

Qt (MN)

0.76

1.05

0.09

3.20

L (m)

12.87

0.44

6.80

34.30

Leff (m)
D (m)

6.86
0.38

0.50
0.33

2.60
0.25

17.50
0.61

L/D

33.89

0.48

17.55

83.93

qc shaft (MPa)

13.0

0.85

3.8

39.7

qc,Dutch tip
(MPa)

9.3

0.86

2.5

38.6

qc1N shaft

135

0.96

38

459

qc1N,Dutch tip

78

0.94

26

388

Dr shaft

0.67

0.34

0.23

1.10

Dr tip

0.00

0.00

0.00

0.00

μf = tan(δf)

0.51

0.12

0.45

0.62

IFR

0.00

0.00

0.00

0.00

Ar,eff

1.00

0.00

1.00

1.00

Fr

0.66
23

0.84
1.34

0.25
1.5

2.64
200

time1 (days)
1
time between driving and load testing
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Table 3. Characteristics of UWA database for open ended piles in compression (OEC)
assuming lognormal distribution of parameters
Open Ended Pile in Compression (OEC)
number of load tests, n = 17

μg

σln

min

max

Qt (MN)

5.31

1.11

1.03

34.68

L (m)

22.21

0.85

5.30

79.10

Leff (m)
D (m)

9.32
0.68

0.92
0.49

1.70
0.32

46.90
2.00

L/D

32.54

0.71

13.53

130.92

qc shaft (MPa)

22.8

0.78

4.8

58.1

qc,Dutch tip
(MPa)

19.7

0.86

3.3

55.4

qc1N shaft

171

0.77

41

425

qc1N,Dutch tip

128

0.84

29

428

Dr shaft

0.75

0.27

0.25

1.07

Dr tip

0.65

0.29

0.13

1.07

μf = tan(δf)

0.56

0.10

0.42

0.64

IFR

0.84

0.17

0.50

1.00

Ar,eff

0.23

0.55

0.07

0.71

Fr

0.92
11

0.43
1.23

0.42
2

1.54
68

time1 (days)
1
time between driving and load testing
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Table 4. Characteristics of UWA database for open ended piles in tension (OET)
assuming lognormal distribution of parameters
Open Ended Pile in Tension (OET)
number of load tests, n = 16

μg

σln

min

max

Qt (MN)

2.06

1.07

0.48

13.75

L (m)

20.02

0.70

5.30

47.00

Leff (m)
D (m)

8.80
0.58

0.71
0.42

1.70
0.32

29.50
1.22

L/D

34.75

0.55

14.89

130.92

qc shaft (MPa)

28.3

0.53

10.7

58.1

qc,Dutch tip
(MPa)

23.5

0.88

3.0

55.4

qc1N shaft

230

0.49

105

461

qc1N,Dutch tip

154

0.86

24

487

Dr shaft

0.85

0.17

0.58

1.10

Dr tip

0.00

0.00

0.00

0.00

μf = tan(δf)

0.55

0.11

0.42

0.64

IFR

0.82

0.18

0.50

0.99

Ar,eff

0.26

0.45

0.12

0.71

Fr

1.28
9

0.33
1.16

0.85
2

2.17
69

time1 (days)
1
time between driving and load testing
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Table 5. Characteristics of full UWA database of piles load tests with adjacent CPT data
assuming lognormal distribution of parameters
All pile load tests with adjacent CPT data
number of load tests, n = 77

μg

σln

min

max

Qt (MN)

1.9

1.18

0.1

34.7

L (m)

16.8

0.65

5.3

79.1

Leff (m)
D (m)

8.5
0.5

0.68
0.48

1.7
0.2

46.9
2.0

L/D

36.53

0.54

13.35

130.92

qc shaft (MPa)

15.0

0.83

3.6

58.1

qc,Dutch tip
(MPa)

12.4

0.93

1.8

55.4

qc1N shaft

134

0.79

38

461

qc1N,Dutch tip

91

0.91

11

487

Dr shaft

0.67

0.28

0.23

1.10

Dr tip

0.32

0.34

0.00

1.07

μf = tan(δf)

0.53

0.11

0.42

0.64

IFR

-

-

-

-

Ar,eff

0.55

0.77

0.07

1.00

Fr

0.69
9

0.68
1.54

0.25
0.5

2.64
200

time1 (days)
1
time between driving and load testing
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Based on Equation 6, the additional uncertainty due to differences between database
characteristics and those of a design situation (σln,e) will be greater for design methods
which have higher levels of uncertainty (σlnR). Therefore, the influence of extrapolation
uncertainty is expressed as a normalized extrapolation uncertainty, σnl,e/σlnR. Figures 1
through 7 analyze the potential for additional extrapolation uncertainty due to the size
and characteristics of the UWA database of driven piles in siliceous sands. Each subset
database (closed ended piles in compression, closed ended piles in tension, open ended
piles in compression, and open ended piles in tension) is plotted, as well as analyses for
the full 77 pile database.

Database size is typically more significant than small variations in database mean values,
with extrapolation uncertainty for the entire database (77 piles) lower for all cases than
smaller subset databases. This does not imply that subset databases are not useful for
assessing potential for bias in a method, but provided that there is no bias towards pile
type/geometry or loading condition, use of statistics based on a larger comprehensive
dataset will ultimately result in lower estimations of standard deviation when
extrapolating from database statistics.

Of particular interest is the implied influence of database size on design of piles with a
low effective area ratio (i.e., large diameter open ended caissons in Figure 4). Since
most open ended piles in the database had some degree of partial plugging during
installation, the area ratios for the open ended piles were much higher than those for
large diameter caissons (≈ 0.25 as compared to 0.01). Understanding the behaviour of
both open and closed ended piles will be useful for understanding behaviour of low
displacement caissons, as long as other potential differences installation (i.e., suction vs.
driving) are accounted for.
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1

0.75
0.5
0.25
0
1
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pile length, L (m)

Figure 1. Extrapolation uncertainty due to pile length
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Figure 2. Extrapolation uncertainty due to pile effective length
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1
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0
0.1

1
pile outer diameter, D (m)

Figure 3. Extrapolation uncertainty due to pile diameter
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large diameter caissons

typical offshore piles

σln,Areff,e/ σlnR

2
1.75

OEC; n=17

1.5

OET; n=16

1.25

All

1
0.75
0.5
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0
0.01
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1

effective area ratio, Ar,eff = 1 - IFR(Di 2/Do 2)

Figure 4. Extrapolation uncertainty due to end condition
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1
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0.5
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0
1
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100

weighted average qc along shaft (MPa)

Figure 5. Extrapolation uncertainty due to soil strength (as characterized using CPT qc)

A3-13
Appendix A3 – Influence of database size and characteristics on assessment of method reliability

2
CEC; n=32
CET; n=12

1.75

σln, δ ,e/ σlnR

1.5

OEC; n=17
OET; n=16

1.25

All

1
0.75
0.5
0.25
0
17

20

23

26

29

32

35

average interface friction angle, δf

Figure 6. Extrapolation uncertainty due to soil and interface conditions
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Figure 7. Extrapolation uncertainty due to time between installation and loading

A3.4. Example

The following example illustrates the influence of database size and characteristics for
selection of a factor of safety for piles with differing diameters at the same effective
length. A relatively long (Leff=35m; L≈50m) open ended pile in very dense sand (qcavg
=50 MPa) is analyzed for diameters ranging from 0.2 to 3m. The ratio of pile diameter
to wall thickness is taken as a constant D/t=50, while the degree of plugging during
installation is estimated as a function of internal diameter [IFR≈min(1,(Di/1.5)0.2)]. The
interface friction angle is typical of a fine sand at 29o. Bias is assumed to be unity for
both load and resistance, and the uncertainty in load (σlnQ) is taken as 0.15 with the
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uncertainty in resistance (σlnR) using a relatively low 0.25. Figure 8 plots factor of safety
as a function of pile diameter for a constant nominal reliability index (β) of 2.5. For the
77 pile database the factors of safety is relatively constant at 2.25, while use of the
subset databases result in the use of factors of safety on 2.5 to 3.5 for piles with a
diameter greater than 1m (typical of offshore design).

Figure 8. Influence of database size and characteristics on recommended safety factors
for a nominal reliability index (β) of 2.5

Figure 9 further explores the influence of database size, characteristics, as well as
potential for bias due to pile diameter for the Jardine et al. (2005) five ‘fresh’ pile North
Sea subset database as well as the UWA 77 pile database. This is a pertinent example
since the North Sea subset database is used by Jardine et al. (2005) to recommend safety
factors between 1.3 and 2.1 for pipe piles in dense North Sea sand based on a low level
of uncertainty, rather than due to a conservative bias due to effects some as time, system
redundancy, etc (e.g., Bea et al. 1999, Schneider et al. 2007b, Chapter 8). Jardine et al.
(2005) claim that the ICP method has a very low coefficient of variation equal to 0.12
for ‘fresh’ open ended piles in dense North Sea sands, despite the difference in method
performance of 70% for tension tests at Dunkirk ZdH and Leman BD at 80 days
between installation and loading (e.g., Schneider 2007). Characteristics of the North Sea
subset database were reanalyzed for this study and are presented in Table 6.
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Figure 9. Influence of database size, characteristics, and extrapolation bias on
recommended safety factors for the ICP-05 method and a nominal reliability index (β)
of 2.5
Three curves of the calculated safety factor required to achieve a nominal reliability
index of 2.5 are shown in Figure 9:
1. A safety factor of 2.25 that is relatively constant with diameter. Analyses are based
on the 77 pile UWA database, σlnR of 0.27 for the ICP method (Table 8 Chapter 7),
and no bias towards diameter.
2. A safety factor increasing from 2.0 at the median of the North Sea subset database
(0.57m) to just over 3 for a 3m diameter pile. Analyses are based on the 5 ‘fresh’
pile Jardine et al. (2005) North Sea subset database, σlnR of 0.12 for the ICP method,
and no bias towards diameter.
3. A safety factor increasing from 2.0 at the median of the North Sea subset database
(0.57m) to just over 4 for a 3m diameter pile. Analyses are based on the 5 ‘fresh’
pile Jardine et al. (2005) North Sea subset database, σlnR of 0.12 for the ICP method,
with potential unconservative bias towards diameter of up to 1.33 (at D > 1.5m)
based on Figure 5 in Chapter 8. While that bias is strictly towards the UWA-05
method and not actual capacity, it is a potential bias based on mechanisms which
influence pile capacity and may influence system reliability.
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Table 6. Interpreted characteristics of Jardine et al. (2005) North Sea sand subset
database for first time loading of open ended piles assuming lognormal distribution of
parameters
North Sea sand Subset (NS; after Jardine et al. 2005)
ICP-05 σlnR=0.12 (Jardine et al. (2005)
Euripides Ia, Euripides II, Hoogzand, Dunkirk ZdH, Leman BD
number of load tests, n = 5
Qt (MN)

μg

σln

min

max

3.2

1.08

0.82

12.8

2

23.6

0.75

7

46.7

Leff (m)
D (m)

9.4
0.57

0.77
0.34

2.8
0.763

20
0.356

L/D

41.1

0.45

20

61

qc shaft (MPa)

38.3

0.27

25

58

qc,Dutch tip
(MPa)

44.0

0.17

38

55

qc1N shaft

291

0.24

227

425

qc1N,Dutch tip

287

0.23

212

386

Dr shaft

0.94

0.09

0.85

1.07

Dr tip

0.93

0.09

0.82

1.04

μf = tan(δf)

0.55

0.05

0.52

0.59

IFR

0.84

0.16

0.66

0.99

Ar,eff

0.27

0.34

0.19

0.45

Fr

1.26
16.2

0.18
1.15

0.99
6

1.48
80

L (m)

1, 2

time (days)
time between driving and load testing
2
differences in μg and ‘average’ of Jardine et al. (2005) due to assumption of a
lognormal distribution (in this study) rather than a normal distribution of parameters by
Jardine et al.
1

These figures illustrate how sensitive quantification of reliability is to assumptions
within the method. Two of those main assumptions illustrated in Figures 8 and 9 are:
1. A database used to calibrate a design method is representative of the design situation
at hand;
2. The design method is ‘correct’ and exhibits minimal bias when extrapolated from a
database.
These assumptions need serious consideration, particularly when designing in
unfamiliar situations.
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Figure 9 is not meant to suggest that a factor of safety of 4 be used to design large
diameter open ended piles in very dense sand using the ICP-05 method, although, it is
meant to show that acceptable performance of pile design methods is not a result of low
uncertainty and likely due to inherent conservatism such system redundancy and the
increase in shaft friction with time (e.g., Bea et al. 1999, Chapter 8). Extrapolation bias
and uncertainty may quickly lead to unconservative design if analysis methods and
evaluation of uncertainty and bias do not accurately reflect the mechanisms controlling
an unfamiliar design situation.
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A4. THE INFLUENCE OF EFFECTIVE AREA RATIO ON SHAFT
FRICTION OF DISPLACEMENT PILES IN SAND
ABSTRACT:
As a cone penetration test (CPT) induces similar strain paths to closed ended pile
installation, its results are directly applicable to the evaluation of radial stress on closed
ended piles. For CPT data to be used to evaluate the shaft capacity of open-ended piles,
an understanding of the relative magnitude of radial stress on open and closed-ended
piles is necessary. This relative magnitude is explored using cavity expansion theory to
simulate the stress field as soil flows around a pile tip. The end condition of the pile
affects the flow field. These analyses allow the difference in shaft friction on open and
closed-ended piles in sand to be linked to the pile area ratio and plugging behaviour,
with friction angle having a small influence. A function of the effective area ratio,
which combines the area ratio of the pile and the incremental filling ratio, is proposed
for estimating the difference in radial stress along open-ended piles as compared to
closed-ended piles.
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A4.1. Introduction

The ultimate local shaft friction, τf, along a displacement pile is a function of the radial
stress, σ'rf, and interface friction angle, δf, at failure as shown by Lehane et al. (1993):

τ f = σ ' rf ⋅ tan δ f

(1)

The form of Equation 1 is similar to that of the current American Petroleum Institute
(API) (2000) design method for sand, in which σ'rf is specified as the in situ vertical
effective stress, σ'vo, multiplied by an earth pressure coefficient, Kf. Values of Kf= 0.8
and 1.0 are recommended for open and closed-ended piles respectively, and δf is linked
to density and particle size (API 2000).
Hence, closed-ended piles are predicted to mobilize 25% more shaft resistance than
open-ended piles. The effective radial stress on the shaft of a displacement pile is
greater than K0σ’vo in most sands, reflecting an increase in radial stress during pile
installation. The higher value for a closed-ended pile is logical, since a greater volume
of soil must be displaced, and is observed in experimental studies (Gavin & Lehane
2003).
This simple classification as closed- and open-ended piles is a limitation. Instead, a
classification is suggested based on the mode of installation during an increment of
penetration, as defined by the effective area ratio, Ar, which is the ratio of the added
volume (i.e. the gross pile volume minus any soil entering the plug) to the gross pile
volume1:
Di2
Ar = 1 − IFR 2
Do

(2)

Large-diameter thin-walled caissons, which are increasingly being considered in new
offshore frontiers, displace a minimal volume of soil compared to their gross area (Ar→
0), leading to only a small stress increase above K0 for monotonic installation.
Conversely, an open-ended pile penetrating in a plugged manner causes the same soil
displacement as a closed-ended pile (Ar= 1). For IFR= 0, Ar ∼ 4t/D0 which is ∼0.1 for
typical offshore piles, reducing to ∼0.01 for thin-walled caissons.
1

Do= pile outer diameter. Di= pile inner diameter
IFR= incremental filling ratio, ∆(plug length)/∆(tip depth).
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This paper examines the influence of pile end condition on shaft friction using cavity
expansion as an analogy for the penetration process. Area ratios ranging from zero to
unity are considered, leading to a tentative design recommendation.
A4.2. Background

Although the API (2000) method links shaft friction to the in situ effective stress, it is
now more common to link shaft friction to cone penetration test (CPT) tip resistance, qc.
This is logical since the soil adjacent to the pile shaft experienced a stress related to qc
(as the pile tip passed that point) more recently than σ'vo. Lehane & Jardine (1994a) link
the radial stress on a closed-ended pile after installation and consolidation, σ'rc, to qc and
the normalized distance behind the pile tip, h/R:
h
σ' rc = 0.024 ⋅ q c  
R

−0.33

=

qc  h 
 
a R

−c

(3a)

where h is the distance above the tip of the pile, R is the radius of the pile, and h/R takes
a minimum value of 8. The constants a and c take values of 42 and 0.33 respectively.
The (h/R)-c term accounts for the phenomenon of “friction fatigue” that can be attributed
to cyclic installation effects (Lehane 1992, Poulos 2000, Randolph 2003, White &
Bolton 2004, and White & Lehane 2004).
Equation 3a can be divided into two parts such that qc/a represents a maximum radial
stress close to the pile tip, and (h/R)-c quantifies the attenuation of this stress along the
pile shaft due to friction fatigue.
To account for differences in radial stress on open-ended as compared to closed-ended
piles, a modification factor is applied in one of two ways. Either, a reduction factor can
be applied to the maximum radial stress on the pile shaft (API 2000, NGI 2001,
Randolph 2004b, and Tomlinson 2001), or the rate of radial stress reduction along the
shaft can be changed (Jardine & Chow 1996, and Fugro 2004/Kolk et al 2005a).
The former method represents a modification of the variable a, while the latter method
can be a modification to c, or to R. Jardine & Chow (1996) recommend substituting R*
for R, where R*/R= Ar0.5 assuming unplugged penetration (IFR=1, Equation 3b). R* for
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an open-ended pile is the radius of an equivalent closed-ended pile of the same solid
area.
σ' rc =

qc  h 


a  R *

−c

(3b)

There is a stronger logical basis for applying a modification to the variable a than to c or
R to account for end condition. It is the penetration mode close to the tip, leading to the

maximal stress qc/a, that is influenced by the end condition, not the friction fatigue
behaviour along the shaft, quantified by (h/R)-c. A soil element adjacent to the shaft is
no longer influenced by the pile end condition. However, the deformation of a soil
element below the pile tip is influenced by the end condition.
The R* modification in Equation 3b can be recast as a multiplication factor of
(R/R*)-c=Arc/2 on Equation 3a. This form shows more clearly how R* and the variable c

lead to a difference in predicted shaft resistance due to end condition.

A4.3. Modelling of open and closed ended piles

Cavity expansion (CE) analysis is widely used, with success, to model penetration
problems such as the cone penetration test as well as pile capacity (e.g. Salgado et al
1997, Yu & Houlsby 1991).
In this paper, the radial stress created by the expansion of a cavity to accommodate piles
of varying effective area ratio is examined as a means of predicting the influence of
effective area ratio on pile shaft resistance.
For open-ended piles, the streamlines of soil flow differ from the closed-ended case,
depending on the effective area ratio, Ar. This is shown conceptually in Figure 1, with
the corresponding radial stress increasing with Ar, based on observations by White &
Bolton (2004) and Gavin & Lehane (2003).
The lower radial displacement required for open-ended or partially-plugged penetration
leads to a lower radial stress, σ'r (and hence shaft friction) behind the pile tip. In this
paper, cavity expansion analysis is used to link the ratio of radial stress on open and
closed-ended piles to Ar.
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Figure 1. Schematic streamlines of soil flow and profiles of radial stress (δr = radial
displacement of soil element at pile wall).

A4.3.1. Cavity expansion analysis

The proportional reduction in σ'r as a function of Ar is examined using the cavity
expansion solution for a soil following a Coulomb failure criterion.
Close to the pile (i.e. the cavity wall), the soil is at failure, and the stress distribution can
be found by combining the yield criterion (Equation 4) with the radial equilibrium
equation (Equation 5). The resulting expression describes the decay in radial stress
within the plastic zone in terms of the Rankine passive earth pressure coefficient Kp= (1
+ sinφ) / (1 − sinφ) (Equation 6). In this expression m= 1 for a cylindrical cavity and 2
for a spherical cavity.

σ ' r −σ 'θ = (σ ' r +σ 'θ ) sin φ

(4)

dσ' r m( σ' r −σ' θ )
+
=0
r
dr

(5)

σ 'r  r 
= 
σ 'R  R 

m (1− K p ) / K p

(6)
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The cavity pressure corresponding to pile or CPT penetration is typically 20-100 times
the in situ vertical stress, reflected in values of bearing capacity factor Nq. For this stress
ratio, the normalized plastic radius (beyond which the soil is no longer at failure) is in
excess of 20 for practical values of friction angle φ (using the derivation given by Yu &
Houlsby 1991). Therefore, in the region of interest for this study (r/R< 20), the radial
stress decay is given by Equation 6, and depends only on the friction angle.

A4.3.2. Cavity expansion analogy for end condition

Profiles of the radial decay in radial stress normalized by the pressure at the cavity (or
pile) wall for spherical and cylindrical cavity expansion are shown in Figure 2. The
radial distance from the centreline of a solid pile, r, is normalized by R.
The profiles show only a weak dependence on friction angle. Although cavity expansion
pressures in sand are very sensitive to the constitutive parameters, Figure 2 shows that
the radial decay in stress away from the cavity is not.
The radial stress on an open-ended pile (Ar<1) of radius R is estimated from the stress
decay around a solid (closed-ended) pile of equivalent radius Req as follows. It is
assumed that soil in the far field experiences the same displacements and stresses during
open-ended pile installation as when a closed-ended pile displacing the same volume of
soil is installed.
The open-ended pile wall lies at a radius, r=R, where the enclosed area is πR2. At the
equivalent solid pile wall the enclosed area is π Req2 . Therefore, following the earlier
definition of effective area ratio as the added volume (π Req2 ) divided by the gross pile
volume (πR2), the wall of an open-ended pile lies at a radius of R/Req= Ar-0.5, giving the
second x-axis of Figure 2.
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Figure 2. Cavity expansion analysis of radial stress on open and closed-ended piles.
This method of estimating the stress on an open-ended pile from the radial profile of
stress around an equivalent closed-ended pile was used previously by Whittle (1992),
Carter et al. (1980), and Randolph (2003) for undrained strain path and cavity expansion
analyses.
A small deviation from this assumption arises during drained penetration due to any
volume change in the soil between the equivalent closed-ended pile and the wall of the
open-ended pile.
If it is assumed that the same proportional drop in stress occurs immediately behind the
pile tip, from qb (or qc) to σ'r, independent of the pile end condition, then the above
analogy can be used to evaluate σ'r,open/σ'r,closed close to the pile tip.
This stress ratio can be linked to Ar and friction angle by substituting the cavity
expansion analogy for end condition (which assumes that the wall of an open-ended pile
lies at normalized radius R/Req away from an equivalent solid pile) into Equation 6.
Hence:

σ ' r ,open  R
=
σ ' r ,closed  Req






m (1− K p ) / K p

= Arb

(7)
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where the end condition index, b, is defined as:
b=−

m(1 − K p )

(8)

2K p

Based on the proposed hypothesis, this expression provides a theoretical solution for a
reduction factor to extend Equation 3a to open-ended piles. Noting that the net
deformation is cylindrical, a value of m= 1 is often adopted for the analysis of
penetration problems. Cylindrical rather than spherical cavity expansion was used by
Salgado et al (1997), who showed good agreement between analytical cavity expansion
solutions and CPT data.
A cylindrical analogy is also supported by the calibration chamber results of Houlsby &
Hitchman (1988) who showed that cone resistance, qc, correlates better with σ′h than
either mean stress, p′ (which would be expected for a spherical cavity expansion
process), or σ′v.
The end condition index, b, is relatively insensitive to friction angle (Figure 3), and a
single value for typical friction angles and cylindrical expansion is b= 0.35.
The actual operational friction angle at a given location will vary from the peak to
critical state value as deformation progresses. Numerical analyses have shown that the
mean of these values is appropriate for a constant-φ analysis (Collins et al. 1992). In
addition, the friction angle will vary with stress level in the manner shown by Bolton
(1986), but will cause minimal change in b (Figure 3).
The corresponding radial stress ratios, σ′r,open/σ′r,closed for typical (unplugged) openended piles with D0/t= 20 and 40, corresponding to Ar∼ 0.2 and 0.1 are highlighted on
Figure 2. These are in the range 40-60 percent, based on the cylindrical cavity
expansion curve for φ= 35°.
It should be noted that for very thin-walled suction caissons (Ar< 0.01) the assumption
of a plastic radius beyond the pile wall may not apply, so Equation 7 will no longer hold
and the in situ stress will influence the stress at the pile wall.
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Figure 3. End condition index, b, vs. friction angle.

A4.4. Radial stress variation near pile

The cylindrical cavity expansion stress field given by Equations 4-6 can be extended to
include the reduction in stress behind the tip. This extension provides insight into the
stress field around a pile shaft, which may influence the widely observed phenomenon
of increasing shaft capacity with time (‘set-up’).
Field and model tests indicate that the radial stress which acts a short distance behind
the tip of a closed-ended pile or CPT is typically between 1 and 2.5 percent of qc
(DeJong 2001; White & Lehane 2004). This range, multiplied by a sand-steel friction
coefficient of ∼0.35, agrees with typical CPT friction ratios in sand.
Ignoring any elastic response, the stress field in this region can be modelled in an
approximate fashion by adding a cavity contraction stage to the stress distribution
shown in Figure 2. This contraction follows the yield condition and equilibrium
equations shown previously, but with failure occurring in the near field with σ′r < σ′θ.
The resulting radial variation in stresses for a cavity pressure reduction to 1 % of the
initial value is shown in Figure 4.
It is notable that in the near field (r/R< 4), the circumferential stress exceeds the radial
stress, due to the unloading process. These conditions would tend to cause any
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subsequent creep-induced equalization of stresses to create an increase in σ′r at the pile
wall, and hence lead to ‘set-up’ of shaft resistance (White & Bolton 2004).
Figure 4 shows a two- to ten- fold reduction in σ′r for values of 3 > r/R > 6 compared
with the 100 times reduction at the pile shaft. This very simple analysis of the stress
change is comparable to in-soil stress measurements during the passing of a nearby pile
tip presented by Gavin & Lehane (2003) and Leung et al (1996). Whilst the on-pile
stress drops by two-orders of magnitude (as evidenced from CPT friction ratio data), a
smaller reduction in stress occurs remote from the pile.

Figure 4. Simple analysis of radial variation in stress near pile after unloading behind tip.
A4.5. Design implications

The preceding analysis has linked the reduced shaft friction on an open-ended pile
(compared to a closed-ended pile) to the lower radial stress generated due to the smaller
volume of soil displaced during installation. This approach is in agreement with
recommendations by API (2000), NGI (2001), Randolph (2004b), and Tomlinson
(2001). The effect of end condition can be incorporated into a CPT-based design
approach (Equation 3a) as follows:
σ' r ,open 1  h  − c
⋅  
σ' rc = q c ⋅
σ' r ,closed a  R 

(9a)

Substituting Equation 7 into Equation 9a:
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b

q ⋅A  h 
σ' rc = c r  
a R

−c

(9b)

where Ar varies with IFR (Equation 2). Equation 8 links the end condition index, b, to
friction angle φ and for typical values b= 0.35, if a cylindrical analogy is used. For
spherical expansion this value is doubled.
Since the IFR is not known prior to installation, it is generally conservative for design to
assume that IFR= 1. For large diameter field tests of relatively thick walled piles (D0/t =
20), average IFR values are typically 1.1 to 1.15 (Ar ~ 0.1), although values as low as
0.75 were measured near the end of driving for the EURIPIDES piles (Ar ~ 0.4). This
partial plugging may lead to higher levels of radial stress on instrumented test piles as
compared to typical piles used for offshore structures. Data in Gavin & Lehane (2005)
show that for driven piles in medium dense to very dense sands, IFR generally increases
with pile diameter. For pile diameters greater than 0.5m, IFR is generally between 0.8
and 1.1, while for smaller piles (D< 0.5m) IFR is generally between 0.5 and 0.9, for
which Ar may be as high as 0.65. As most piles in databases used to calibrate pile
design methods in sand are 0.5 m diameter or less, partial plugging is likely to have a
significant effect on the interpretation of those databases.
Figure 5 compares the influence of area ratio on σ'r,open/σ'r,closed shown by this study
with values implied by recent pile design methods.
The ‘R*’ modification method recommended by Jardine & Chow (1996) and Fugro
(2004)/Kolk et al (2005a) implies a reduction factor with the exponent b set equal to c/2
and an IFR of unity assumed.
The API (2000) and Jardine & Chow (1996) methods indicate the highest values of

σ′r,open/σ′r,closed. In the case of the Jardine & Chow (1996) method, this difference can be
attributed to the extension of this method from the closed-ended approach of Lehane &
Jardine (1994). The R* extension was calibrated using the CLAROM open-ended pile
tests at Dunkirk, France (Brucy et al 1991). Partial plugging occurred during driving of
these relatively small-diameter pipe piles, leading to an effective area ratio of Ar
between 0.55 and 0.65. (following Equation 1), which is excessive for offshore piles. If
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the Jardine & Chow (1996) recommendation shown on Figure 5 is shifted to this value
of Ar, good agreement is found with the analysis in this paper.

Figure 5. Ratio of radial stress on open and closed-ended piles as a function of area ratio.
It should be noted, however, that Jardine & Chow (1996) do not explicitly define

σ′r,open/σ′r,closed, but couple this calculation with friction fatigue further along the pile
shaft (as described in Section 2). Since their method was calibrated against load test
results, any unconservatism implied by Figure 5 must be counteracted by a conservative
assessment of friction fatigue further along the shaft, by the underestimation of base
resistance (Kolk et al 2005a), or other factors.
A more conservative assessment of the radial stress differences between open and
closed-ended piles is to reduce σ'r,closed in direct proportion to the area ratio (b= 1). A
similar approach was presented by Gavin & Lehane (2003), in which a linear reduction
to a stress ratio of 0.1 is proposed. This method closely matches the spherical cavity
expansion analysis in this paper (Figure 5).
The cylindrical cavity expansion analysis in this paper agrees closely with the
recommendations by Fugro (2004) / Kolk et al (2005a), and Tomlinson (2001), and
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provides a theoretical basis to justify how these design methods account for pile end
condition.
A4.6. Conclusions

Design methods for piles in sand are increasingly based on results from the CPT, which
is a closed ended penetrometer (Ar= 1). Therefore, an understanding of the influence of
end condition is required in order to design open-ended piles (Ar< 1). This paper
presents cavity expansion analyses that simulate the ratio of shaft friction behind the tip
of open- and closed-ended piles. These analyses provide a theoretical basis for linking
pile end condition to shaft resistance.
In general, these analyses agree with current design methods. However, discrepancies
have been shown between methods that are calibrated against overall pile capacity. This
indicates that compensating errors may exist when accounting for the attenuation of
radial stress due to a) end condition and b) friction fatigue, among other factors such as
time effects, and the estimation of base resistance.
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A5. DEVELOPMENT OF THE UWA-05 DESIGN METHOD FOR
OPEN AND CLOSED ENDED DRIVEN PILES IN SILICEOUS
SAND
ABSTRACT:
This paper draws upon recent research findings to propose a new CPT qc based design
method for predicting axial capacity of open and closed ended driven piles in siliceous
sands. The method incorporates various factors that are acknowledged to have a
controlling influence on pile capacity including (i) the effects of soil displacement
during installation, (ii) friction fatigue, (iii) sand-pile interface friction angle, (iv)
changes in radial stress during loading, and (v) the influence of loading direction.
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A5.1. Introduction

Cone penetration test (CPT) tip resistance (qc) has a long history of use for estimating
axial pile capacity because of the geometric similarity of piles and CPT instruments.
There is, however, a wide variation in CPT-based design procedures in use worldwide
(e.g., DeCock et al. 2003) as factors which control axial pile capacity are influenced by
more soil parameters than those affecting CPT qc. The relationship between the capacity
of open ended piles and the CPT qc value is less obvious as many open-ended piles
install in a coring manner. Schneider et al. (2007a) used a database of pile load tests in
siliceous sands to examine prediction differences for various pile types given by two
popular onshore CPT design methods, LCPC-82 (Bustamante & Gianeselli 1982) and
EF-97 (Eslami & Fellenius 1997). As shown in Figure 1, the ratio of calculated to
measured pile capacities (Qc/Qm) has a greater degree of un-conservatism for subset
databases of open ended piles in compression and tension (OEC & OET) as compared
to Qc/Qm for closed ended piles in compression and tension (CEC & CET) for those two
design methods. LCPC-82 and EF-97 were developed mainly for onshore closed-ended
piles do not make separate recommendations for open ended piles, and therefore,
‘offshore’ CPT based methods have now been developed to account for the effect of the
pile end condition and other factors known to influence axial pile capacity.
Four new ‘offshore’ CPT qc based design methods, including UWA-05, are now
included in the commentary of the 22nd edition of American Petroleum Institute (API)
RP2A (API 2006). UWA-05 evolved following a review by the authors of the API
RP2A main text method of the 21st edition (API-00) and three other CPT-based design
methods, each of which is now also included in the commentary of API (2006). The
three CPT-based methods are referred to as: Fugro-05 (Kolk et al. 2005a), ICP-05
(Jardine et al. 2005) and NGI-05 (Clausen et al. 2005).
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Figure 1. Bias in conventional CPT based design methods (Schneider et al. 2007a)
The assessment of the predictive performance of the API-00, Fugro-05, ICP-05 and
NGI-05 methods against a new and comprehensive pile test database (Lehane et al.
2005b, Schneider et al. 2007a) indicated specific limitations of each of the methods and
prompted the authors to propose the UWA-05 method presented here. This method is
shown by Schneider et al. (2007a, b) and Xu et al. (2007) to represent an improvement
on the Fugro-05, ICP-05 and NGI-05 methods and a significant improvement on the
main text method of API (API 2000, 2006). Schneider et al. (2007a) also show that the
predictive performance of UWA-05 is superior to other popular CPT-based design
approaches, while Bolton (2005) conducted an independent review of all methods under
consideration for inclusion in API (2006) and selected UWA-05 as the ‘preferred
method’ because of its rational and flexible formulation.
Despite the CPT based methods included in API (2006) having broadly similar
predictive performance against the new database of load tests, their formulations
relating the pile end bearing with the cone tip resistance (qc) are notably different.
Formulations for shaft friction also differ significantly in detail, although all assume a
near-proportional relationship between local shaft friction (τf) and qc and allow for the
degradation of local τf with continued pile penetration (or distance above the pile tip, h)
due to friction fatigue. It is the aim of this paper to show that the formulations of the
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UWA-05 method best reflect the physical mechanisms governing driven pile behaviour,
and are therefore more suitable for general application.

A5.2. End bearing

Factors that were considered in the development of the UWA-05 proposals for base
capacity evaluation are listed in the following. These proposals are based on the
analyses reported in Xu et al. (2007). The base capacity is defined as the pile end
bearing resistance at a pile base movement of 10% of the pile diameter, qb0.1.
A5.2.1. Closed-ended piles

i.

The strong direct relationship between the base resistance of a closed ended pile
and the cone tip resistance qc, has been recognized for many years and arises
because of the similarity between their modes of penetration.

ii.

Given the difference in size between a pile and a cone penetrometer, a
correlation between qb0.1 and qc requires use of an appropriate averaging
technique to deduce an average value of qc,avg. Xu et al. (2007) show that, for
many stratigraphies encountered in practice, qc,avg may be taken as the arithmetic
average of qc values 1.5 pile diameters (D) above and below the pile tip.

iii.

Xu et al. (2007), however, also show that when qc varies significantly in the
vicinity of the pile tip (i.e. within a number of diameters), the Dutch averaging
technique (Van Mierlo & Koppejan 1952, Schmertmann 1978) provides the
most consistent relationship for base resistance and should be employed to
calculate qc,avg.

iv.

The values of qb0.1 for driven piles are typically less than qc,avg because the
displacement of 0.1D is insufficient to mobilize the ultimate value (of qc,avg).
Jacked piles usually have higher locked-in base stresses and qb0.1 for these piles
tends to be a higher ratio of qc,avg at displacement of 0.1D.

v.

The findings of Randolph (2003), White & Bolton (2005), and others, are
consistent with the UWA-05 proposal to adopt a constant ratio of qb0.1/qc,avg for
driven closed-ended piles.
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The UWA-05 design equation for the end bearing of a closed-ended pile, with diameter
D, is given as:
Q b = q b 0.1

π 2
D
4

where qb0.1/qc,avg = 0.6

(1)

A5.2.2. Open ended piles

i.

Salgado et al. (2002), Lehane & Gavin (2001, 2004), and others, have shown
that a relatively consistent relationship between qb0.1 for a pipe pile and the CPT
qc value becomes apparent when the effects of sand displacement close to the tip
during pile driving are accounted for. This installation effect is best described by
the incremental filling ratio (IFR) measured over the final stages of installation
and is referred here as the final filling ratio (FFR). As the FFR approaches zero,
qb0.1 approaches that of a closed-ended pile with the same outer diameter.

ii.

The displacement induced in the sand in the vicinity of the base is most
conveniently expressed in the terms of the effective area ratio Arb*, defined in
Equation 2c. This ratio (Arb*) depends on the pile’s D/t ratio (outer diameter to
wall thickness) and FFR value, and varies from unity for a pile installed in a
fully plugged mode to about 0.08 for a pile installed in a coring mode with D/t
of 50.

iii.

Despite the fact that most full scale driven pipe piles exhibit a low level of
partial plugging during installation (i.e. coring predominates), Lehane &
Randolph (2002), and others, have shown that, if the length of the soil plug is
greater than 5 internal pile diameters (5Di), the plug will not fail under static
loading, regardless of the pile diameter. Confirmation of this at field scale has
been seen at sites Dunkirk and Hoogzand (Chow 1997 and Beringen et al. 1979)
where removal of soil several diameters above the pile tip or complete
replacement of the soil plug with concrete did not alter the pile end bearing
capacity.

iv.

Experimental data and numerical analysis indicate that the resistance that can
develop on the tip annulus at a base movement of 0.1D varies between about 0.6
and 1.0 times the CPT qc value (e.g. Bruno 1999, Salgado et al. 2002, Lehane &
Gavin 2001, Paik et al 2003, Jardine et al. 2005).
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v.

Lehane & Randolph (2002) suggest that the base resistance provided by the soil
plug for a fully coring pile (with FFR =1) is approximately equivalent to that of
a bored pile. Recommended values of qb0.1/qc for bored piles range from 0.15 to
0.23 (Ghionna et al. 1993). These ratios are not dependent on the pile diameter.

vi.

The value of qc,avg should be evaluated in the same way as that employed for
closed-ended piles, but using an effective diameter (D*) related to the effective
area ratio, Arb* i.e. D* = D × (Arb*)0.5.

vii.

There are relatively few documented case histories that report the incremental or
final filling ratios. In the absence of FFR measurements, a rough estimate of the
likely FFR may be obtained using equation 2d (see Xu et al. 2005).

The UWA-05 proposal for end bearing of driven pipe piles is provided in Equation (2).
This proposal is developed in Xu et al. (2007) and shown to compare favourably with
the existing database of base capacity measurements for open-ended piles.
Q b = q b 0.1

π 2
D
4

q b 0.1 q c ,avg = 0.15 + 0.45A rb
A rb

*

(2a)
*

(2b)

 Di 2 
= 1 − FFR  2 
D 

(2c)

  D  0.2 
FFR ≈ min 1,  i   , Di in meters
  1.5  

(2d)

A5.3. Shaft friction

Factors that were considered in the development of the UWA-05 method for shaft
friction are discussed in Lehane et al. (2005c). These are essentially an extension and
refinement of the Lehane & Jardine (1994) method for closed-ended piles and are
summarized as follows:
i.

Local shaft friction (τf) shows a strong correlation with the cone tip resistance
(qc). This correlation, which has been observed directly in instrumented field
tests has been employed successfully in well known design methods, such as the
LCPC-82 method referred to above.

ii.

The shaft friction that can develop on a displacement pile is related to the degree
of soil displacement imparted during pile installation. The higher capacity
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developed by the new generation of screw piles compared to that of a bored and
continuous flight auger piles is just one example of this effect.
iii.

The degree of displacement imparted to any given soil horizon is related to the
displacement experienced by that horizon when it was located in the vicinity of
the tip. This level of displacement can conveniently be expressed for both closed
and open-ended piles in terms of an ‘effective area ratio’, Ars*, which is unity for
a closed ended pile and, for an open ended pile, reflects displacement due to the
pile material itself and the additional displacement due to partial or fully
plugging during pile driving. White et al. (2005) use a cavity expansion analogy
to deduce that the equalized lateral effective stress is likely to vary with the
effective area ratio raised to a power of 0.35 ±0.05.

iv.

The incremental filling ratio (IFR) is a measure of soil displacement near the tip
of a pipe pile during installation and depends on a number of different
parameters, including soil layering, pile inner diameter, pile wall thickness, plug
densification or dilation, and installation method. For the (limited) database of
IFRs reported, the mean IFR over the final 20D of penetration (where most
friction is generated) can be reasonably approximated using Equation (3e).

v.

After the pile tip passes a given soil horizon there is a reduction in the radial
stress acting on the pile shaft (and hence the available τf value also reduces).
With continued pile penetration, the local radial stress within a given layer
continues to decrease. This phenomenon, known as friction fatigue, is now an
accepted feature of displacement pile behaviour (e.g. see Randolph 2003).

vi.

The rate of radial stress and τf reduction with h (height above the pile tip level)
depends largely on the magnitude and type of cycles imposed by the installation
method. White & Lehane (2004) show that the rate of decay is stronger for piles
experiencing hard driving and much lower for jacked piles, which are typically
installed with a relatively low number of (one-way) installation cycles.

vii.

White & Lehane (2004), and others, also show that the rate of degradation with
h is greater at higher levels of radial stiffness (4G/D) and therefore τf at a fixed h
value (i.e. after a specific number of installation cycles) in a sand with the same
operational shear modulus (G) reduces as D increases.

viii.

The foregoing, plus the tendency for hammer selection to be such that the
number of hammer blows is broadly proportional to the pile slenderness ratio
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(L/D), suggest that τf may be tentatively considered a function of h/D. This
approximation is supported by field measurements such as those provided in
Lehane et al (2005c), and is also compatible with the occurrence of a ‘critical
depth’ at an embedment related to a fixed multiple of the pile diameter. The
same approximation is employed by the ICP-05 and Fugro-05 design methods.
ix.

Based on the former point, the ICP-05 method proposes that τf varies in
proportion to (h/D)-c, where c = 0.38. However, given that this value of “c” was
estimated on the basis of field tests with jacked piles (Lehane et al. 1993, Chow
1997) where the type and number of cycles imposed is less severe than is typical
of driven piles, a higher value of “c” is considered more appropriate for offshore
piles.

x.

The radial effective stress acting on a driven pile increases during pile axial
loading and its magnitude (when τf is mobilized and dilation has ceased)
increases as the pile diameter reduces, the sand shear stiffness around the pile
shaft increases and the radial movement during shear (dilation) of the sand at the
shaft interface increases. These increases are not significant for offshore piles
(with large D) but need to be considered when extrapolating from load test data
for small diameter piles in a database. ICP-05 provides reasonable
recommendations for assessment of the increase in radial stress (∆σ'rd) -but a
modified expression for shear stiffness is proposed here.

xi.

τf varies in proportion to tanδcv, where δcv is the constant volume interface
friction angle between the sand and pile; this δcv value, which should be
measured routinely, increases as the roughness normalized by the mean effective
particle size (d50) increases (i.e., normalized roughness, Rn=Ra/d50, Uesugi &
Kishida 1986). Verification of the dependence of τf on tanδcv has been provided
by Lehane et al. (1993), Chow (1997), and others. In the absence of specific
laboratory measurements of δcv, UWA-05 recommends the trend shown on
Figure 2 which corresponds to a typical average roughness values for steel piles
between 5 and 15µm and has an upper limit near δcv of 29 degrees based on
observations from ring shear tests in fine North Sea sands (Jardine et al. 2005).
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xii.

The shaft friction that can develop on a pile in tension is smaller than that which
can be mobilized by a pile loaded in compression for the reasons described by
Lehane et al. (1993), de Nicola & Randolph (1993) and Jardine et al. (2005).

xiii.

Because of the shortage of high quality measurements of τf very close to the tip
of a driven pile and the variable and inconsistent trends shown by the available
measurements, one simplifying option is to assume τf is constant over the lower
two diameter length of the pile shaft for both closed and open-ended piles in
tension and compression.

xiv.

At a given site, shaft capacity tends to increases with time in sandy soils (i.e.,
Axelsson 2002, Chow et al. 1998). However, Lehane et al (2005a) show that,
when comparing design method performance at a range of different sites and
pile geometries, no apparent bias is observed with time. Further research is
required to incorporate time effects in a rational way.

Figure 2. Influence of normalized roughness (Rn) and median grain size (d50) on
interface friction angle (δcv)
The UWA-05 design equations for shaft capacity of driven piles arose from the
foregoing considerations and are expressed as follows:

Q s = πD ∫ τ f dz
τ f = σ' rf tan δ cv =

(3a)
f
(σ' rc + ∆σ'rd ) tan δ cv
fc

(3b)
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( )

* 0.3

q A
σ' rc = c rs
33
A rs

*


 h 
 max D ,2 




−0.5

 Di 2 
= 1 − IFR  2 
D 

IFR mean

(3c)

(3d)

  D i  0.2 
≈ min 1,    , Di in meters
  1.5  

∆σ' rd = 4G o ⋅ ∆y D

(3e)
(3f)

where
δcv

= constant volume interface friction angle

σ'rf

= radial effective stress at failure

σ'rc

= radial effective stress after installation and equalization

∆σ'rd

= change in radial stress due to loading stress path (dilation)

f / fc

= 1 for compression and 0.75 for tension

G0/qc

= 185·qc1N-0.75 with qc1N=(qc/pref)/(σ'v0/pref)0.5

pref

= a reference stress equal to 100 kPa

σ'v0

= in situ vertical effective stress

∆y

= dilation (assumed for analyses=0.02mm, as for ICP-05)

For full scale offshore piles, as IFR=1 and the dilation term (∆σ'rd) can be ignored, the
UWA-05 formulations simplify to:
Q comp = Q b + Q s = q b 0.1

π 2
D + πD ∫ τ f dz
4

(4a)

Q tens = 0.75 ⋅ πD ∫ τ f dz

(4b)

q b 0.1 = q c ,avg × (0.15 + 0.45A r )

(4c)

q A 0.3
τf = c r
33


 h 
 max D ,2 




 Di 2 
A r = 1 −  2 
D 

−0.5

tan δcv

(4d)

(4e)

Statistical analyses summarized in Schneider et al. (2007a) and Xu et al. (2007) provide
clear evidence of the better predictive performance of UWA-05 for the available
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database of static load test. Achieving a satisfactory prediction for large offshore piles is,
however, less certain given that most database piles have a diameter lower than that
commonly employed offshore. Lehane et al. (2005a,b,c) examined the implications of
the offshore form of UWA-05 (i.e. equation 4) and assessed its performance against
existing API recommendations and ICP-05 (the best performing of the three other CPT
based methods considered). This examination indicated that equation (4) provides a
more conservative extrapolation than ICP-05 for shaft capacity from the existing
database (of relatively small diameter piles – with a mean D of about 0.6m for open
ended piles in tension) to typical offshore piles used in practice. Equation (4) also
predicts higher base capacities than ICP-05 because of its assumption that a pile plug
with a length greater than 5 diameters will not fail under static loading. As a
consequence UWA-05 and ICP-05 predict similar axial capacities for offshore piles in
compression. It follows that ICP-05 is potentially un-conservative for short term tension
capacity (which is critical for the new generation of moored offshore structures).
It is also noteworthy that Equation (4) tends to provide lower capacities than API-00 in
loose sands, but higher capacities for dense sands in compression. API-00 and UWA-05
predictions for tension capacity in dense sands are broadly similar for pile lengths in
excess of 25m. However, the UWA-05 method, unlike API-00, does not show any
prediction bias with L, D, L/D and Dr (Lehane et al. 2005c).

A5.4. Conclusions

This paper provides an overview of the development of the UWA-05 design method for
axial capacity of driven piles in siliceous sand. It is shown how the method’s
formulations incorporate recent developments in our understanding of displacement
piles in sand and how these represent a pragmatic simplification of the physical
mechanisms governing driven pile behaviour.
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A6. CPT METHODS FOR ASSESSMENT OF END BEARING OF
OPEN AND CLOSED ENDED DRIVEN PILES IN SILICEOUS
SAND
ABSTRACT:
The Cone Penetration Test (CPT) has been used as a means of assessing the end bearing
of driven piles in sand for many decades. This paper examines the predictive
performance of four new such CPT-based methods recently included in the commentary
of the 22nd edition of the American Petroleum Institute (API) recommended practice for
fixed offshore structures (RP2A). It is demonstrated that the formulations given by one
of these methods, referred to as UWA-05, provides better predictions than the three
other CPT methods when tested against (i) an existing database of base capacity
measurements, (ii) results from a new series of load tests on small diameter piles and
(iii) base capacities measured in two recently conducted load tests on 1.5m diameter
pipe piles. It is shown that the better predictive performance (and hence reliability) of
UWA-05 arises as it accounts explicitly for the effects of partial plugging during pipe
pile installation and for variations in CPT resistance in the vicinity of the pile tip.
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A6.1. Introduction

The estimation of pile base resistance utilizing the Cone Penetration Test (CPT) end
resistance (qc) is one of the earliest direct applications of CPT data. In fact, the CPT was
developed in the Netherlands over 70 years ago primarily as a tool for the efficient
positioning of piles in sand layers below thick compressible deposits (Delft 1936). Over
the years, a number of empirical methods have been developed to estimate the base and
shaft capacity of piles utilizing cone end resistance qc, e.g. the Schmertmann method
(Schmertmann 1978), Dutch method (de Ruiter & Beringen 1979), LCPC method
(Bustamante & Gianeselli 1982), and Eslami & Fellenius method (Eslami & Fellenius
1997). The formulations for end bearing given by Schmertmann (1978) and the ‘Dutch
method’ are essentially the same, both being based on the same early research in the
Netherlands. All of the methods employ a direct relationship between pile base
resistance (qb) and the average cone end resistance in the vicinity of the pile base (qc,avg),
but generally do not differentiate between end bearing of open and closed-ended driven
piles.
With increased demand for large diameter open-ended driven piles in both onshore and
offshore environments, a number of recent research efforts have re-examined the
relationship between qc and pile (base and shaft) capacity in siliceous sands with a
recognition of differences between open and closed-ended piles. These have resulted in
the Fugro (Fugro-05), Imperial College (ICP-05) and Norwegian Geotechnical Institute
(NGI-05) methods, as published in Kolk et al. (2005a), Jardine et al. (2005) and Clausen
et al. (2005) respectively. At the request of the American Petroleum Institute (API) subcommittee on piling, the authors performed an independent evaluation of these three
design methods and assessed their predictive ability against a database of pile load test
results (Lehane et al. 2005b). A broadly similar predictive performance for the three
methods was revealed despite their end bearing formulations being remarkably different.
Paikowsky & Whitman (1990), Lehane & Gavin (2001), Paik & Salgado (2003) and
others, have confirmed the importance of the degree of soil displacement, which they
quantified using the incremental filling ratio (IFR) 2 . However, none of the three

1

IFR=∆Lp/∆z where ∆Lp= change of soil plug length (Lp) occurring during a pile tip penetration=∆z.
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methods account explicitly for the degree of soil displacement induced during pipe pile
driving.
These observations prompted the authors to extend the database of load tests with
adjacent CPT data for calibration of a new end bearing formulation (Xu & Lehane 2005,
Xu et al. 2005). This study led to the University of Western Australia (UWA-05)
method for estimation of end bearing resistance (as well as shaft resistance); the full
UWA-05 method is discussed in detail by Lehane et al. (2007a). This method quantifies
the degree of soil displacement using the effective area ratio, defined for base resistance
as:
A rb,eff = 1 − FFR

Di
D2

(1)

where FFR is the IFR1 measured over the final stages of pile installation, D is the outer
pile diameter and Di is the internal pipe diameter. The ‘Dutch’ qc averaging technique
(de Ruiter & Beringen 1979) is used to account for the scale effect arising from the
difference in diameter between a cone (D=36mm to 44mm) and a typical pile. The
effective pile diameter, Deff, is determined from Equation (1) as:
D eff = D A rb,eff

(2)

The UWA-05 method as well as the Fugro-05, ICP-05 and NGI-05 methods are now
included in the commentary of the 22nd edition of the American Petroleum Institute
(API) recommended practice for fixed offshore structures (API-RP2A 2006). This paper
explores the suitability of the base capacity prediction component of each of these
methods (which are only applicable to siliceous sands) by first reviewing the respective
formulations and examining their relative predictive performance against a database of
high quality base capacity measurements established at the University of Western
Australia (UWA) in 2005. The base capacities measured in two recent pile testing
programs (the data from which emerged following compilation of the UWA database)
are then compared with the predictions given by the four methods to assess their general
suitability. These programs involved tests on 6 small diameter piles (D = 80±40mm) in
uniform sand in Perth, Australia and two loads tests on 1.5m diameter piles at Tokyo
Port Bay (Kikuchi et al. 2007).
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A6.2. Four new CPT based design methods

The formulations for the Fugro-05, ICP-05, NGI-05 and UWA-05 approaches for
evaluation of the ultimate end bearing capacity of driven piles in siliceous sand are
provided in Equations (3) to (6) and discussed here. The ultimate base resistance is
defined as the resistance mobilised at a pile head displacement of 10% of the diameter
(D) by ICP-05 and NGI-05, while Fugro-05 and UWA-05 adopt the same definition, i.e.
base resistance mobilised at 0.1D pile tip displacement (qb0.1). The former definition
does not consider a pile’s elastic shortening, which can be substantial for long piles (but
was relatively insignificant for the database of pile test employed in the derivation of
these methods) and therefore the term qb0.1 is used to denote the ultimate base capacity
for all methods.
A6.2.1. Fugro-05

The Fugro-05 method proposes the following expression for both open and closedended piles, relating qb0.1 directly to the averaged cone tip resistance (qc,avg) at pile
founding level and the area ratio, Ar:
q b 0.1 / q c ,avg = 8.5 × (p ref q c ,avg ) × A 0r.25
0.5

where

Ar = 1 −

(3)

Di
and pref is a reference stress equal to 100 kPa.
D2

The value of qc,avg is taken as the simple arithmetic average of qc values measured over
1.5D above and 1.5D below the pile toe, with no differentiation between open and
closed-ended piles. For closed-ended piles with Ar=1, Equation 3 indicates that
qb0.1/qc,avg ratio can be greater than unity in sand with qc,avg less than 7.2MPa. Openended piles are assumed in Fugro-05 to be fully plugged during static loading, provided
that the pile is driven about 5D into the end bearing stratum.
A6.2.2. ICP-05

The formulations adopted by the ICP-05 method are as follows:
For closed-ended piles:
q b 0.1 / q c ,avg = maximum[ 1 - 0.5log(D / D CPT ) , 0.3 ] , DCPT =0.036m

(4a)

Plugging of the sand plug of open-ended piles during static loading occurs when:
Di (m) ≤ 0.02 × (Dr - 30) or Di ≤ 0.083 × qc,avg/pa × DCPT

(4b)
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where Dr is the sand relative density expressed as a percentage
For sand plugs adjudged to remain stationary during static loading:
q b 0.1 / q c,avg = maximum[ 0.5 - 0.25 log(D / D CPT ) , 0.15, A r

]

(4c)

For sand plugs adjudged to core during static loading:
q b 0.1 / q c ,avg = A r

(4D)

The qc averaging technique recommended by ICP-05 is the same as that employed by
Fugro-05 for both open and closed-ended piles. However while the qb0.1/qc,avg ratio for a
closed-ended pile in Fugro-05 varies with qc,avg-0.5 , the ICP-05 method suggests that
qb0.1/qc,avg varies with the pile diameter and reduces to a minimum value of 0.3 at large
pile diameters. For an open-ended pile, a simplified empirical plugging criterion
(Equation 4b) is proposed to assess if the sand plug ‘cores’ or remains fully ‘plugged’
during static loading. For a ‘plugged’ open-ended pile, the base resistance (qb0.1) is half
of that available for a closed-ended pile while a stress of qc,avg is assumed to develop on
the pile annular area of a ‘coring’ pile (Equations 4c and 4d). These assumptions can,
however, lead to the erroneous prediction that the base capacity of a ‘plugged’ pile is
less than that of a ‘coring’ pile. Of additional concern is the method’s implication that
strengthening of a sand plug by replacing the sand with grout/concrete can lead to
greater base capacity (as Equation 4c rather than Equation 4d could be used). Beringen
et al. (1979), and others, have shown that replacement of the soil plug with grout has no
influence on the base capacity of pipe piles, simply because the sand core remains
plugged during static loading.
A6.2.3. NGI-05

The NGI-05 method proposes for closed-ended piles:
q b 0.1 / q c ,tip =

0.8
1 + D 2r

(5a)

and for ‘plugged’ open-ended piles:
q b 0.1 / q c ,tip =

0.7
1 + 3 × D 2r

(5b)

where the sand relative density, Dr, is evaluated as:
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D r = 0.4 × ln

q c ,tip

22 × (σ' v 0 p ref )

0.5

, with pref=100kPa

(5c)

The CPT end resistance measured directly at pile tip level, qc,tip, is used for evaluation
of qb0.1 in this method. No allowance is made for the difference in diameter between a
pile and a cone, although the method allows for (subjective) ‘engineering judgment’ to
establish a ‘design’ qc profile. For a closed-ended pile (Equation 5a), the qb0.1/qc,tip ratio
is assumed to reduce with an increase in relative density (Dr), as assessed using
Equation 5c. The value of qb0.1 for an open-ended pile is taken as the smallest of the
‘coring’ and ‘plugged’ resistance. The ‘coring’ resistance is calculated assuming that the
pile annular resistance qb,annulus equals qc,tip and that the internal soil plug unit skin
friction is a factor of three greater than the external friction (evaluated using the method
outlined in Clausen et al. 2005). Although this factor of three is rather arbitrary (given
the range of ratios reported by Paik & Lee 1993, and others), the ‘plugged’ resistance
derived using Equation 5b leads to lower resistances for the vast majority of cases, and
hence dominates the predicted end-bearing.
A6.2.4. UWA-05

The UWA-05 method proposes a single equation for open & closed-ended piles:
q b 0.1 / q c ,avg = 0.15 + 0.45 × A rb,eff ;

(6)

where Arb,eff is as defined in Equation 1 with FFR = minimum ( FFR, 1 )
This method expresses the qb0.1/qc,avg ratio as a function of the effective area ratio, Arb,eff,
and in contrast to the three other methods does not assume any dependence of qb0.1/qc,avg
on qc,avg, D or Dr. For closed-ended piles, Arb,eff is unity leading to the recommendation
of a constant qb0.1/qc,avg ratio of 0.6. For an open-ended pile, the qb0.1/qc,avg ratio depends
on the annular area and the degree of soil displacement over the final stages of pile
driving (i.e. FFR). This ratio varies from ~0.15 for a thin-walled pipe pile at FFR=0
(leading to a resistance typical of a large bored/non-displacement pile) to 0.6 at FFR=1
when the sand core remains fully plugged (i.e. identical to the ratio for a closed-ended
pile). As stated previously, the sand core is assumed ‘plugged’ during static loading and
the Dutch qc averaging technique is used to evaluate qc,avg.
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A6.3. Performance of CPT-based methods against UWA database
A6.3.1. Predictions against the existing database

The four design methods were developed based on independently assembled databases
of static pile load tests in sand. The University of Western Australia (UWA) database of
77 pile load tests in siliceous sands with adjacent CPT data is described by Schneider et
al. (2007a) and includes digitised CPT profiles at each test site. While the Fugro-05 and
NGI-05 methods were developed from databases of total pile capacity, the end bearing
formulations for UWA-05 and ICP-05 were derived from direct examination of base
capacity databases. The UWA base capacity database for both open and closed-end
driven piles, presented in detail by Xu et al. (2005) and Xu & Lehane (2005) is an
extension of that used for development of ICP-05 (Chow 1997), but excludes load tests
on jacked piles and only includes driven piles with adjacent CPT data. This database
comprises 20 full-scale static load tests on closed-ended piles at 10 sites and 13 fullscale static load tests on open-ended piles at 7 sites A slightly amended version (i.e.
with minors errors corrected) of the UWA database presented by Xu et al. (2005) and
Xu & Lehane (2005) is summarised in Tables 1 and 2. The quoted qb0.1 values are in
good agreement with those reported in previous database studies for the same test piles
(Chow 1997, Fugro 2004). The average and coefficient of variation (COV) of the ratios
of calculated to measured end bearing capacities qb0.1,C/qb0.1,M, are provided in Tables 3
and 4 and these can be taken as a measure of each methods’ predictive ability.
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Table 1. UWA base capacity database of closed-ended piles in siliceous sand
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Table 2: UWA base capacity database of open-ended piles in sand

Table 3: Methods performance in UWA database of closed-ended piles
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Table 4: Methods performance in UWA database of open-ended piles

Most of the closed-ended piles in the UWA database were instrumented with strain
gauges or a tip load cell, enabling a reasonable determination of the residual base
stresses (qb,residual). Table 1 lists the measured or assumed qb,residual values and includes
notes on how these stresses were estimated. Values of qb,residual are typically between 5%
and 25% of the averaged qc values in the vicinity of the pile tip. The residual base
stresses inferred at the following three sites are, however, potentially significantly in
error:
•

The residual stress estimate of qb,residual/qc,avg ~70% provided by Altaee (1992b) for
the Baghdad site is much higher than typical and may have resulted in overestimated base resistance qb0.1.

•

While a tip load cell was used to measure residual base loads directly at the
Drammen site (listed in Table 1), the inferred shaft capacity in compression was
almost double that in tension (Gregersen et al. 1973). At this site, White & Bolton
(2005) suggested that the residual stresses (and also values of qb0.1) were underestimated and their interpreted qb0.1 values are about double the values listed in
Table 1.

•

The quoted residual stresses in Table 1 for the Ogeechee site are estimated
following the procedure proposed by Briaud & Tucker (1984). The qb0.1/qc,avg ratio
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for the four 457mm diameter piles at this site are greater than unity, and remain in
excess of unity even if the residual base stresses are taken to be zero. This is in
contrast with the expectation that the qb0.1/qc,avg ratio should be less than unity.
Based on these observations, the average and COV of the calculated to measured base
resistance (i.e. qb0.1,C/qb0.1,M) for each method are evaluated with and without the test
results from the Baghdad, Drammen & Ogeechee sites. For both sets of statistics, the
UWA-05 method is seen in Tables 3 and 4 to provide the lowest COV (0.34 & 0.12)
and an average close to unity (0.89 & 1.00).
A6.3.2. Influence of CPT qc averaging

The predictions given by the four methods for open-ended piles in the UWA database
are summarised in Table 4. It is apparent that Fugro-05 and NGI-05 methods greatly
over-predict the base capacity of the 2m diameter pile test in Tokyo with calculated to
measured resistance ratios (qb0.1,C/qb0.1,M ) of 3.61 and 3.44 respectively. This level of
over-prediction is considered to be influenced strongly by the inadequacy of the qc
averaging techniques adopted by both methods (i.e. qc,avg [±1.5D] or qc,tip), which do not
properly account for the influence of clay layers near the pile toe. In Tokyo, the pile tip
was very close to the top of a much weaker stratum (Shioi et al. 1992, Randolph 2003)
and, as such, the penetration resistance for the pile may be expected to be much lower
than that measured by a cone because of the former’s much larger zone of influence (Xu
& Lehane 2007). Although the ICP-05 method adopts the same qc,avg [±1.5D] for design as
Fugro-05, it appears to provide a good prediction for qb0.1 in Tokyo Bay. However, ICP05 under-predicts the base capacity of the 0.9m diameter pile at Shanghai by a factor of
3. This inconsistent performance for larger diameter pipe piles (D=0.9m & 2m) may be
indicative of compensating errors in its formulation (e.g. see White & Bolton 2005).
The average and COV of qb0.1,C/qb0.1,M ratios for the four methods are evaluated with
and without the test result from Tokyo. As summarised in Table 4, in both cases, UWA05 provides the best predictions in the database with a lowest COV (=0.19) and average
closest to unity (=1.02).

White & Bolton (2005) and Xu & Lehane (2007), among others, discuss the importance
of an appropriate CPT qc averaging techniques for assessment of pile end bearing. CPT
qc values near the pile tip are influenced significantly by soil layering for the six closedA6-11
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ended piles at the Kallo site and the large diameter open-ended pile at the Tokyo site.
The effect of these sites on method development is examined in Table 5, which presents
the ratio of calculated to measured pile end bearing for their layered CPT profiles.
Methods are evaluated twice, using (i) the qc averaging technique recommendations for
each design method; and (ii) the average cone tip resistance derived by the ‘Dutch
method’, which is shown by Xu & Lehane (2005, 2007) to be the most appropriate of
currently available qc averaging techniques. It is noted that the Kallo and Tokyo sites
were in the databases used to develop the ICP-05 and UWA-05 methods, but were not
included in the databases used to develop the NGI-05 and Fugro-05 end bearing
methods. As a consequence, the predictions given by Fugro-05 and NGI-05 at these
(layered) sites are poorer than those of ICP-05 and UWA-05.

Table 5: Comparison of method performance at layered soil sites using different qc
averaging techniques

The influence of qc averaging on assessment of method performance is removed using
the ‘Dutch method’ and, as seen by the second set of statistics in Table 5, significantly
better predictions are obtained using the Fugro-05 and NGI-05 methods with this
averaging technique (although the average ratio of calculated to measured resistance is
still in excess of unity). The performance of the ICP-05 method becomes poorer when
using the ‘Dutch method’, with the average ratio of calculated to measured capacities
dropping to a (very conservative) value of 0.61. This observation is in keeping with
inferences made by Xu & Lehane (2005) and White & Bolton (2005) that a diameter
dependence of end bearing was incorporated in the ICP-05 method (e.g. Equations 4a &
4c) to provide an acceptable fit to the database values of qb0.1/qc-avg at layered sites
where qc,avg cannot be realistically equated to qc,avg [±1.5D].
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A6.4. Pile testing program at Perth test site

To supplement the database study and, in particular, to investigate the effect of the final
filling ratio (FFR) on qb0.1/qc,avg, a series of field tests were performed at the Shenton
Park site in Perth, Western Australia.. The program included tests on 5 open-ended piles
and one closed-ended pile, driven to a tip depth of 4m; these piles are identified as P1 to
P6 and relevant details are summarized in Table 6. The soil conditions at the site
comprised between 5m and 12m of dry to moist, yellow siliceous sand overlying
variably cemented Limestone (Lehane et al. 2004). In total, 12 CPTs (designated C1 to
C12) were conducted close to the test piles and their locations relative to these piles is
shown on Figure 1. All qc profiles are plotted on Figure 2 and display a general trend to
increase approximately linearly with depth. The coefficient of variation (COV) of qc
measured at any fixed depth was typically 20%, although this COV was slightly higher
near the ground surface. The sharp rise in qc at ~5m depth indicates the presence of
limestone.
Model piles with the diameters and wall thicknesses listed in Table 6 were installed
using a 25 kg hammer, free-falling a distance of 0.5m. The incremental filling ratios
(IFRs) measured during driving are shown in Figure 3 and the final filling ratios (FFRs)
are listed in Table 6. It is apparent that there is a clear reduction in IFR and FFR with
pile diameter and that these filling ratios are not influenced by the pile wall thickness
(over the range investigated). The IFR for each pile generally reduced with penetration
depth, indicating an increase in soil plug resistance.

Figure1. Relative testing locations for the piles and CPTs at Shenton Park
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Table 6: Details of the model pile tests at Shenton Park
End
L
D
t
FFR
D/t
condition
(m)
(mm)
(mm)
(%)
P1
Open
4
88.9
2.6
34.2
69
P2
Open
4
42.4
2.6
16.3
50
P3
Closed
4
88.9
5
17.8
0
P4
Open
4
88.9
5
17.8
77
P5
Open
4
114.3
3.2
35.7
85
P6
Open
4
88.9
3.2
27.8
77
L: pile tip length; D: pile outer diameter; t: thickness of the pile wall; FFR: final filling
Pile No

Compression tests were performed 2 to 3 days after installation and were followed by
tension tests 1 to 2 days later. The base capacity was derived as the difference between
the total capacity and the compression shaft capacity at a pile tip displacement of 0.1D,
where the latter was assumed to be 4/3 times the shaft capacity recorded in the tension
tests (e.g. see Lehane et al. 2007b). The inferred end bearing resistances (qb0.1,M) for all
piles are summarized in Table 7, which also tabulates averaged qc values for each pile
using the two closest CPT profiles. It is apparent that there is little difference between
qc,tip and qc,avg at this site as qc profiles do show significant vertical variability.
Table 7: Summary of measured and calculated values of qb0.1 for piles P1 to P6
qc,avg (MPa)
qb0.1,C (MPa)
Pile
qb0.1,M
qc,tip
NGIFugroNo
(MPa) (MPa) ±1.5D Dutch
ICP-05
05
05
P1
4.08
10.80
10.80
10.56
5.13
4.34
3.54
P2
3.96
11.56
11.58
11.30
6.34
5.58
3.62
P3
8.81
10.64
10.73
10.33
8.81
8.62
6.21
P4
3.83
11.06
10.86
10.53
6.01
4.36
3.57
P5
2.05
11.70
11.72
11.3
5.29
4.39
3.63
P6
2.79
9.74
9.90
9.58
5.16
3.98
3.43

UWA05
3.43
4.82
6.20
3.44
2.93
2.89

The ratios of calculated to measured base resistance (qb0.1,C/qb0.1,M) for the Fugro-05,
ICP-05, NGI-05 and UWA-05 methods are plotted against pile diameter on Figure 4.
The average and COV of qb0.1,C/qb0.1,M ratios are included in the figure and may be taken
as measures of each method’s predictive ability. It is evident that the UWA-05 method
provides the most accurate predictions for the base resistance, with an average of
calculated to measured base capacity of 1.02 and a COV of 0.26. In these shallow
medium dense sands (i.e. relatively low qc,avg), Fugro-05 is the least conservative
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method with an average of 1.64 and a COV of 0.33; this unconservative bias for Fugro05 in low qc soils has been discussed by Xu & Lehane (2005).

Figure 4 Ratios of calculated to measured base resistance (qb0.1,C/qb0.1,M) for model piles
P1 to P6 (a) Fugro-05, (b) ICP-05, (c) NGI-05, and (d) UWA-05
As shown in Figure 5, the better predictive performance of UWA-05 arose as its
proposed linear variation of qb0.1/qc,avg with the effective area ratio and hence FFR
(Equation 6) closely matched the trend observed at the test site. None of the other three
methods explicitly considers the effect of the degree of soil displacement induced
during installation. As the degree of plugging at the end of installation (FFR) increases,
the base stiffness also increases (as shown by Gavin & Lehane 2007), leading to the
mobilization of a higher qb/qc,avg ratio at a tip displacement of 0.1D.
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A6.4.1. Large diameter pile tests in Tokyo Bay

The shortage of case histories listed in Table 2 reflects the dearth of reported load test
data on large diameter pipe piles with adjacent CPT data. Two recent load tests on 1.5m
diameter piles in Tokyo Bay are reported by Kikuchi et al. (2007) and these are used
here to examine the predictive performance of the four new CPT-based methods for a
case history that was not considered in the formulation of the respective design methods.
The two test piles, TP4 & TP5, (D=1.5m & t=28mm) were fully instrumented with
strain gauges at 12 to 14 levels along their shafts, enabling measurement of the axial
load distribution during static loading; the displacements at both the pile head and toe
were measured using settlement gauges. The piles were installed using an IHC S280
hydraulic hammer, with a maximum rated energy of 280kNm at a stroke of 2.1m.
Installation occurred primarily in a coring (unplugged) mode and the soil plug level was
noted to be above the seabed at the end of driving (due to dilation of the soil plug in
dense sand, Foray et al. 1998). It may therefore be assumed that the FFR at the end of
installation was unity. TP4 was terminated in a layer of sandy gravel at a depth (below
sea level) of 73.5m and TP5 extended to a sand layer at a depth of 86m. The in-situ test
data available in the vicinity of the pile bases (CPT qc and SPT N-value) are plotted on
Figure 6, which also shows the qc profiles averaged using the simple arithmetic mean
(over ±1.5D) and the ‘Dutch method’ (with FFR=1 & Deq=0.41m). It is apparent that
there is little difference between the actual qc and qc,avg [±1.5D] profiles, while the qc,avg
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values are significantly lower; these averaged qc values are summarised in Table 8
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Figure 6 Measured and averaged cone tip resistance (i.e. raw qc, qc,avg [Dutch] & qc,avg,
[±1.5D]) and SPT data in pile founding strata at Tokyo Port Bay
The static load tests on piles TP4 and TP5 were performed 35 days and 60 days after
installation respectively. The piles were loaded in 4MN increments until a load of
24MN was reached, and then loaded in 2MN increments until the pile tip displacement
exceeded 0.1D. Each load step was maintained for at least 30 minutes, resulting in
duration of about 12 hours for each test. The axial load distributions at the lower end of
piles TP4 and TP5 at pile tip displacement of 0.1D are presented in Figure 7. It is
apparent that there is a sharp change in the axial load at about 1D above the pile tip,
indicating the contribution of the inner soil plug resistance. Kikuchi et al. (2007) adopts
a method of linear extrapolation to obtain the end bearing resistance (qb0.1). This is
illustrated in Figure 7, where the measured axial load distribution is extended to the pile
tip level at point A (indicated using a solid dot). The values of qb0.1 adopted here are
those at point A and are summarised in Table 8.
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Figure 7 Axial force distributions for piles TP4 andTP5 at base displacement of 0.1D
(Kikuchi et al. 2007)
Table 8: Summary of measured and calculated qb0.1 values for TP4 & TP5
qc,avg (MPa)

qb0.1,C (MPa)

Pile
No

D
(m)

t
(mm)

L
(m)

qb0.1,M
(MPa)

qc,tip
(MPa)

±1.5D

TP4

1.5

28

73.5

8.88

80.7

84.4

57.2

Fugro05
12.85

TP5

1.5

28

86

6.37

42.1

47.9

36.0

9.68

Dutch

ICP-05

NGI-05

6.18

10.15

UWA05
10.47

3.51

8.67

6.59

Predictions using the four CPT-based methods are compared with measured end bearing
values in Table 8 and qb0.1,C/qb0.1,M ratios are presented in Figure 8. As shown, ICP-05
provides the most conservative design, with a 30% to 50% under-prediction of pile base
capacity. This is because the test piles are adjudged to be “unplugged” during static load
tests according to Equation 4b. Fugro-05 over-predicts the base capacities by about 50%,
while NGI-05 over-predicts by between 15% and 35%. It is noted that, if the Dutch
averaging technique is used for assessment of qc,avg for all methods, the Fugro-05 and
NGI-05 methods are within 30% of the measured base resistance, but ICP-05 drops to
~45% of qb0.1. The UWA-05 method, which accounts for soil layering in the vicinity of
the pile tip and degree of displacement during installation, provides the best predictions
for the two piles (with an over-prediction of less than 20%).
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Figure 8 Ratios of calculated to measured base resistance (qb0.1,C/qb0.1,M) for piles TP4
and TP5

A6.5. Conclusions

This paper provides a review of the four new CPT-based methods included in the
commentary of the 22nd edition of the American Petroleum Institute (API)
recommended practice for fixed offshore structures (RP2A). The methods are tested
against databases existing at the time of development of the respective methods and
against data from two new testing programs involving both small and large diameter
piles. The review indicates that the UWA-05 method consistently provides the best
predictions of base capacity for all cases. The first new case history considered confirms
the importance of the effect of the degree of soil displacement occurring during driving,
while the second illustrates the importance of use of an appropriate CPT qc averaging
technique. Both of these features are incorporated in the UWA-05 formulation, but are
not considered explicitly in the design expressions adopted by the three other methods.
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A7. CLOSED FORM SOLUTIONS FOR CPT BASED DESIGN OF
PILE CAPACITY IN CONSTANT CONE TIP RESISTANCE
SAND

A7.1. Introduction

With the more complicated expressions for ‘offshore’ CPT based design methods
spreadsheets or computer programs need to be checked to simple closed form solutions
to ensure their accuracy for a range of soil conditions and pile geometries. General
formulas for calculation of shaft and base capacity of piles in sand are presented, and
then a closed form solutions for calculation of pile capacity in constant qc profiles is
derived. While a constant qc profile is not directly applicable for most engineering
designs, the solutions discussed in this appendix are useful for verification of
spreadsheets or design programs. Additionally, the methodology outlined in this section
can be expanded to multilayered constant qc profiles, which may be useful for simple
design checks. Input parameters for the general format are presented for 3 ‘offshore’
CPT qc based design methods which quantify the influence of ‘friction fatigue’ on pile
shaft friction using h/D-c.
1. Fugro-05 (Kolk et al. 2005)
2. ICP-05 (Jardine et al. 2005)
3. UWA-05 (Lehane et al. 2005, Lehane et al. 2007a)

The simpler ‘floating triangle’ used by NGI-05 is not addressed in this appendix, but
was discussed along with these three design methods by Lehane et al. (2005b) using
‘constant Dr’ verification studies.

A7.2. Constant cone tip resistance analyses

Shaft friction and end bearing are addressed separately in this appendix.
A7.2.1. Shaft Friction

A direct correlation between τf and qc allows for integration of the expressions for shaft
friction, which take the basic formulation:
τ f = σ' rf tan δ f = (σ' rc + Δσ' rd ) tan δf

(1a)
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For these integral solutions, σ'rc and Δσ'rd are evaluated separately, such that:
Q s = πD ∫0 σ' rc tan δ f dh + πD ∫0 Δσ' rd tan δ f dh
L

L

(1b)

The radial stress after installation and equalization is considered proportional to the
cone tip resistance, although, σ'rc is also a function of pile geometry through the
following equation:
b

qA
⎛h ⎞
σ' rc = c r ,eff max⎜ , ν ⎟
a
⎝D ⎠

−c

(2a)

For Fugro-05 and ICP-05, a vertical effective stress (σ'v0) term is included in expression
2a. This term conceptually implies that the ‘a’ parameter is dependant upon the vertical
effective stress, or possibly the ratio of stiffness to strength (which is often stress/depth
dependant).
s

qA
⎛ σ' ⎞
⎛h ⎞
σ' rc = c r ,eff ⋅ ⎜⎜ v 0 ⎟⎟ max⎜ , ν ⎟
a
⎝D ⎠
⎝ p ref ⎠
b

−c

(2b)

where:
a

= parameter to account for the reduction in radial stress behind the pile tip

b

= parameter to account for differences between open and closed ended piles

c

= an exponent which accounts for ‘friction fatigue’

ν

= parameter which provides an upper limit on h/D-c at the pile tip

s

= exponent applied to vertical effective stress component

pref

= reference stress equal to 100 kPa

Ar,eff

= effective area ratio: Ar,eff = 1-IFR(Di/D)2

IFR

= incremental filling ratio: IFR=Δhplug/Δhpile

Δhplug = incremental change in plug height (of an open ended pile) during installation
Δhpile = incremental change in pile tip depth during installation
D

= pile outer diameter

Di

= pile inner diameter

Deq

= pile equivalent diameter

h

= height above the pile tip; h=L-z

L

= pile length

z

= depth of a soil element adjacent to a pile

D2 − Di

2
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Parameters used in Equations 2a and 2b are included in Table 1. It is noted that the IFR
is always assumed equal to unity for calculation of shaft friction using the ICP-05 and
Fugro-05 methods.

It is acknowledged that the ‘a’ parameter in Table 1 represents the initial reduction in
radial stress as the soil flows around the cone tip and should be the same in tension and
compression, but the ratio of tension to compression capacity (ft/fc) is expressed using a
higher ‘a’ parameter for simplicity in these calculations.

Table 1. Parameters for CPT qc based design methods for open ended driven piles in
siliceous sands
Design
Method

Loading
Direction

Fugro-05

Comp.

Δσ'rdb

Shaft friction in compression
a

s

b

c

ν

νD

13(a)

0.05

0.45

0.90

2 Ar

2Deq

0

48Ar0.95(a)

0.05

0.45

-1.0

0c

0c

0

Tension

22(a)

0.15

0.425

0.85

2 Ar

2Deq

0

Comp.

45

0.13

0.19

0.38

4 Ar

4Deq

4 ⋅ G0 ⋅

Tension

62

0.13

0.19

0.38

4 Ar

4Deq

0.9 ⋅ 4 ⋅ G 0 ⋅

Comp.

33

0

0.3

0.5

2

2D

4 ⋅ G0 ⋅

Tension

44

0

0.3

0.5

2

2D

h/Deq > 2
Comp.
h/Deq < 2

ICP-05

UWA-05

0.02mm
D
0.02mm
D

0.02mm
D

0.75 ⋅ 4 ⋅ G 0 ⋅

0.02mm
D

assuming tanδ = 0.55
Gibson soil with G0 = 80 + 3.5z (G0 in MPa and z in m) assumed for constant qc of 60
MPa analyses
c
the linear reduction in τf/f(qc) near the pile tip for Fugro-05 requires ‘ν’ of zero for that
expression
a

b
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For a constant qc soil, a two layered system is needed; (i) the layer close to the cone tip
where friction fatigue is limited; and (ii) the layer above ν where friction fatigue
calculations are applicable. The depth dependence on vertical stress overcomplicates the
integral solution, and constant σ'v0,avg levels of 30 and 300 kPa are assessed in
verification studies for the Fugro-05 and ICP-05 methods. Shaft friction for a two
layered system is expressed as:
νD
L
Q s = πD ⎡⎢ ∫ τ f dh + ∫ τ f dh ⎤⎥
νD
⎣0
⎦

(3)

For this verification case, the only parameter that is a function of depth (or height above
the pile tip) for calculation of σ'rc is the influence of h/D on σ'rc/qc (i.e., friction fatigue).
When separating the influence of Δσ'rd per Equation 1b, Equation 2b can be expressed
as Equation 4 (for ICP-05, UWA-05, and Fugro-05 in Tension).
b
⎡
q c A r ,eff
Q s = ⎢ πD
at
⎢⎣
b
⎡
qA
+ ⎢ πD c r ,eff
a
⎢⎣

s
⎤ νD
⎛ σ' v 0,avg ⎞
⎟⎟ tan δ⎥ ⋅ ∫ ν −c dh +
⋅ ⎜⎜
⎥⎦ 0
⎝ p ref ⎠
t

s
⎤ L h −c
⎛ σ' v 0,avg ⎞
⎟⎟ tan δ⎥ ⋅ ∫ ⎛⎜ ⎞⎟ dh
⋅ ⎜⎜
⎥⎦ νD ⎝ D ⎠
⎝ p ref ⎠

(4)

Solving the definite integral for ICP-05, UWA-05, and Fugro-05 in tension:
b
⎡
q c A r ,eff
Q s = ⎢ πD ⋅
a
⎢⎣
b
⎡
q c A r ,eff
+ ⎢ πD
a
⎢⎣

s
⎤
⎛ σ' v 0,avg ⎞
⎟⎟ tan δ⎥ ⋅ ν (1−c ) D +
⋅ ⎜⎜
⎥⎦
⎝ p ref ⎠

s
(1−c )
(1−c )
⎤
⎛ σ' v 0,avg ⎞
− (νD ) ⎤
c⎡L
⎜
⎟
⋅⎜
⎟ tan δ⎥ ⋅ D ⎢
(1 − c ) ⎥⎦
⎥⎦
⎝ p ref ⎠
⎣

(5a)

The triangular reduction in τf/f(qc) for Fugro-05 in compression (Figure 1) results in the
following expression:
b
⎡
q c A r ,eff
Q s = ⎢ πD ⋅
a
⎢⎣
b
⎡
qA
+ ⎢πD c r ,eff
a
⎢⎣

s
⎤ 1
⎛ σ' v 0,avg ⎞
⎟⎟ tan δ⎥ ⋅ ν (1−c ) D +
⋅ ⎜⎜
⎥⎦ 2
⎝ p ref ⎠

s
⎤
⎡ L(1−c ) − (νD )(1−c ) ⎤
⎛ σ' v 0,avg ⎞
⎟⎟ tan δ⎥ ⋅ D c ⎢
⋅ ⎜⎜
(1 − c ) ⎥⎦
⎥⎦
⎝ p ref ⎠
⎣
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(5b)

The interface friction angle (δf) is taken as 28.8o, or tanδ=0.55, for these verification
studies providing a consistent value of δf for all three methods (Fugro-05, ICP-05 and
UWA-05).
A separate analysis is considered for the additive influence of Δσ'rd on τf (or Qs). Based
on Equation 1:
Δτ f = Δσ' rd tan δf

(6a)

ΔQs = πDL ⋅ Δσ' rd tan δf

(6b)

Assuming a Gibson soil with G0 = 80 + 3.5z (G0 in MPa and z in m) assumed for
constant qc of 60 MPa analyses, ΔQs can simply be calculated as:
ΔQs = πDL ⋅

4G 0,avg ⋅ Δy
D

tan δ f

ΔQs = πL ⋅ 4G 0,avg ⋅ Δy tan δf

(7a)
(7b)

where G0,avg = 80 + 3.5L/2 (G0 in MPa and L in m) for the assumed Gibson soil. It is
noted that in tension the ICP-05 method predicts ΔQs values that are 90 percent of the
values in Eq. 7b and the UWA-05 method predicts ΔQs values that are 75 percent of the
values in Eq. 7b.

Figure 1. Illustration of differences in integration near the pile tip for Fugro-05 in
compression (Eq. 5b) as compared to ICP-05, UWA-05 and Fugro-05 in tension (Eq.
5a)
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Verification studies indicated (i) less than 0.5% error for numerical integration; (ii) less
than 1.5% error for rounding from original formats to values in Table 1; and (iii) less
than 1.0% error for this simplification of G0 using linear function of depth (Gibson soil).
No rounding was used in calculations in this thesis, eliminating that error.
A7.3. End Bearing

Verification of the end bearing formulation can simply be performed by looking at qb/qc
ratios. Each method assumes qb/qc is different for open and closed ended piles and
varies with one additional parameter, specifically, cone tip resistance in Fugro-05, pile
diameter in ICP-05, relative density in NGI-05 and the effective area ratio in UWA-05.

A7.3.1. Fugro-05

The Fugro-05 method accounts for differences between open and closed ended piles
using the pile area ratio [Ar = 1-(Di/D)2], and assumes qb,0.1/qc,avg varies with qc,avg.
q b,0.1
⎛q
⎞
= 8.5 ⋅ ⎜⎜ c ,avg ⎟⎟
q c,avg
⎝ pa ⎠

−0.5

Ar

0.25

(8)

A7.3.2. ICP-05

The ICP-05 method assumes the end bearing mobilized by an open ended pile is half
that of a closed ended pile, and that mobilized capacity at 0.1D reduces as pile diameter

increases. For plugged open ended piles, the method recommends:
q b, 0.1
q c ,avg

⎤
⎡
⎛ D ⎞
⎟⎟,0.15⎥
= max ⎢0.5 − 0.25 log⎜⎜
⎝ D CPT ⎠
⎦
⎣

(9a)

For open ended piles adjudged to perform as ‘coring’ during static loading:
q b,0.1
q c ,avg

= Ar

(9b)

A7.3.3. NGI-05

The NGI-05 method recommends separate equations for open and closed ended piles.
The ratio of qb0.1/qc,avg is considered to reduced with nominal relative density, or the
normalized cone tip resistance [qc1N=(qc/pref)/(σ'v0/pref)0.5)]. For plugged open ended
piles:
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q b, 0.1
0.7
0.7
=
=
2
2
q c ,avg 1 + 3 ⋅ D r
1 + 3 ⋅ [0.4 ⋅ ln(q c1N 22 )]

(10a)

For closed ended piles:
q b,0.1
q c ,avg

=

0.8
0.8
=
2
2
1 + Dr
1 + [0.4 ⋅ ln(q c1N 22 )]

(10b)

A7.3.4. UWA-05

The UWA-05 method accounts for differences between open and closed ended piles
using effective the pile area ratio [Ar = 1-IFR(Di/D)2]:
q b, 0.1
= 0.15 + 0.45 ⋅ A r ,eff
q c ,avg

(11)
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A8. CYCLIC FRICTION PIEZOCONE TESTS FOR OFFSHORE
APPLICATIONS
ABSTRACT:
Soil strength degradation due to cyclic loading may have significant implications on
foundation performance, particularly for offshore structures. For soils types that may
incur significant disturbance during sampling, such as very soft clays, sands, or
structured materials, an in situ measurement of cyclic degradation characteristics may
be more representative of field performance. The addition of cycling into an in situ
testing programme adds little cost, and typically requires no design modifications to
most common in-situ penetration devices and push equipment. However, the added data
relating to large strain cyclic degradation can be effectively used to assess issues such as
soil sensitivity and post installation pile shaft friction. Preliminary studies of cyclic
piezocone penetration tests, with emphasis on sleeve friction response, are discussed
herein. The current study utilizes a traditional 15 cm2 CPTU device outfitted with four
additional friction and five additional piezo sensors to obtain a more complete
representation of cyclic shaft response.
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A8.1. Introduction

Waves, wind, earthquakes, or construction activities apply various types of cyclic
loading to foundation elements. This cyclic loading may lead to generation of pore
pressures, degradation of strength, and settlement. The significance of cyclic loading
effects is a function of amplitude, number, and other load cycle characteristics.
Typically the assessment of cyclic degradation is addressed through laboratory test
studies (e.g., Andersen et al., 1980; Jewell & Randolph, 1988; Airey et al., 1992),
although, some recent site investigations have included a component of cyclic
penetration testing (Randolph, 2004; and Peuchen et al., 2005). Evaluation of cyclic
degradation through in situ testing may be more appropriate for soils types that may
incur significant disturbance during sampling, such as very soft clays, silts, sands, or
structured materials.
Most previous cyclic penetration studies have focused solely on tip resistance, including
cone, ball, and T-bar geometries. The current cyclic soundings were performed using a
conventional 15 cm2 piezocone penetration testing (CPTU) unit configured with a multi
piezo friction attachment (MPFA), Figure 1 (Hebeler, 2005). The MPFA includes 4
additional friction and 5 additional pore pressure sensors along the shaft of the
penetrometer. These sensors are located more than 10 cone diameters behind the tip,
outside of the complex stress regime created near the cone tip during penetration. The
current study investigates the use of such sensors to evaluate the rate and magnitude of
cyclic interface friction degradation. Data from two onshore sites in Western Australia,
a soft clay site (Burswood) and an uncemented calcareous sand site (Ledge Point), are
used to investigate the viability of the testing methods and device performance.
A8.2. The multi piezo friction attachment (MPFA)
A8.2.1. Device specifications

The MPFA device is the second generation of multi friction devices developed at the
Georgia Institute of Technology (GIT). The precursor, developed by DeJong & Frost
(2002), is the multi-friction sleeve attachment (MFSA), and is comprised of four
independent friction mandrels accepting replaceable sleeves of varying texture. The
MFA’s are designed for use behind conventional 15 cm2 CPT devices to allow for
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simultaneous measurement of CPT parameters (e.g., qc, fs, u2) in conjunction with
additional interface shear measurements, and in the case of the MPFA, the
corresponding pore pressure response. When configured with a conventional digital
CPT module (0.61m in length) the MPFA has a total assembled length of 2.49 m.
A8.2.2. Friction sleeve design

From a conceptual perspective, evaluation of pile shaft friction based on an in situ
measurement of interface friction should provide a more accurate and reliable prediction
than a parameter controlled by a different failure mechanism, such as cone tip resistance.
However, the CPT friction sleeve (fs) measurement obtained in the standard
configuration directly behind the tip is considered highly variable and less reliable than
the CPT tip (qt) and pore pressure (u2) measurements.
The high variability of traditional fs measurements has been shown to be primarily due to
the effect of the sleeve being located within a zone of high stress gradient that develops
behind the cone tip (Campanella & Robertson 1981), the sleeve roughness changing
within and between soundings (DeJong et al. 2000), and the use of load cells with
varying resolution and configurations (Lunne et al. 1997). Given these undesirable
influences, the CPT fs measurement in its current configuration does not lend itself to
accurate prediction of average interface strength well behind a pile tip. The MFAs
overcome the above shortcomings by accepting sleeves of specified roughness,
providing four independent measures of interface friction spaced 260 mm apart within
the stable shearing region along the shaft, and by the use of isolated non-subtraction
load cells.
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Figure 1. Multisleeve piezo-friction penetrometer attachment configured with
conventional CPTU Module. (a) schematic - brackets indicate sensor offset from tip in
meters, (b) design detail, and (c) piezo friction sleeve mandrel design detail.
The friction sleeves of the MPFA have been preloaded by approximately 10 to 20 kPa
using a rubber o-ring, and thus have better low load resolution, as well as the ability to
measure a limited range of negative sleeve friction values. Thus, during cycling the
multi sleeve sensors can measure limited negative values during extraction (10 to 20
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kPa), and very low residual values which are often below the resolution of conventional
sleeve friction designs.
A8.3. Cyclic testing results, interpretation, and discussion
A8.3.1. Overview of test sites

Two onshore test sites at Burswood and Ledge Point, representing problematic soil
conditions often found offshore, were used in the current study.
The Burswood site is located along the Swan River, three kilometers upstream from the
centre of Perth, Western Australia. Burswood consists of soft, high plasticity clay
(LL=80, PI=40 to 50) with shell fragments and silt lenses. The undrained shear strength
profile gradually increases from approximately 16 kPa at 4 m depth to 35 kPa at 17 m
depth, with an apparent OCR due to ageing of 1.5 to 2. The sensitivity based on field
vane data shows values between 4 and 9 above 7 m, and between 2 and 4 below 7 m.
Additional information and test results from the Burswood site are contained in
Randolph (2004) and Chung & Randolph (2004).
The Ledge Point site is located approximately 100 km north of Perth, Western Australia,
along the coast of the Indian Ocean. Ledge Point consists of an uncemented calcareous
uniform fine sand (SP). The D50 grain size is 0.24 mm, the sand has less than 5 percent
fines, and the maximum void ratio ranges from approximately 1.2 to 1.4.
A8.3.2. Cyclic results in soft clay (Burswood)

A CPT-MPFA sounding was performed at the Burswood test site, with ten full length (1
m) 2-way cycles carried out at 20 mm/s between tip depths of 5.8 and 6.8 m. A
dissipation test was performed for approximately 2 hours after the initial virgin
penetration to 6.8 m, before the initial upward half cycle. Figure 2 shows the cyclic
behavior of the corrected tip stress (qt), u2 pore pressure, a representative multi sleeve
(MS) stress (fs2), and a representative multi piezo (MP) pressure (us2), respectively. The
qt and u2 measurements show hysteresis loops that are affected by the relative position

of the sensors within the cycle, as a result of the large influence zone around the tip.
However, the multi sleeve and piezo sensors located farther up the shaft measure the
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behavior over a smaller influence zone and only show variability in the cycle due to
layering.
To quantify the effect of cycling on the various sensor results, the average value for
each full stroke (or half cycle) is shown as a function of cycle number in Figure 3. This
framework is comparable to that discussed in Matlock & Foo (1980), but it is noted that
the cumulative strain is as important as number of stress reversals (cycles) when
quantifying cyclic degradation (Poulos, 1981). The cycles discussed in this paper (1 m
in length) are relatively large and create a stable cyclic response.
Average degradation of qt with large scale cycling is presented in Figure 3a. The
average (qt) tip resistance decreases with each cycle, with the initial portion of each
downward cycle exhibiting negligible resistance. The initial extraction resistance is
relatively high due to the aforementioned dissipation test, and subsequent cycles show
higher resistance during insertion as compared to extraction. The pore pressure
measurements in Figure 3b mirror the cone tip resistance, since ∆u2 is more strongly
influenced by the reduction in octahedral pore pressures due to degradation in soil
strength than the increase in ∆u2 caused by shear induced pore pressures from soil
destructuring.
Figure 3c and 3d show the average cyclic degradation of sleeve friction and pore
pressure for a representative MS and MP sensors centered 1070 and 1140 mm (24.6 and
26.2 diameters) behind the cone tip, respectively. Reduction in pore pressures along the
shaft due to the dissipation test performed after virgin penetration results in minimal
initial shaft friction reduction (compare the degradation rate in downward cycles 0 to 1,
to that of cycles 1 to 2). The shaft response degrades to approximately 40 to 60 percent
of the end of dissipation values as a result of 10 large scale cycles. During this test
series, the ratio of tension to compression sleeve friction reduces from approximately 90
percent during initial loading after dissipation to 50 percent at 10 cycles. Since the soil
is essentially sliding along the friction sleeve with no additional radial soil displacement,
the pore pressures measured further back along the shaft primarily represent the
interface shear behaviour. There is an initial drop in pore pressures due to the 2 hour
dissipation, followed by positive us2 pore pressures relating to degradation at fs2.
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A8.3.3. Cyclic results in calcareous sand

A CPT-MPFA sounding was performed at a site in Ledge Point Western Australia with
ten full length (1 m) 2-way cycles performed at 20 mm/s between tip depths of 6.7 and
7.7 m. No dissipation test was performed for this data set, but dissipation will have little
influence at a sand site as compared to the Burswood clay site. Figure 4 shows the
cyclic qt, u2, and representative MS and MP (located at the same distance behind the tip
as in Figures 2 and 3) measurements, respectively. Figure 5 shows the average cyclic
response for both the downward and upward half cycles for each sensor over ten 2-way
cycles.
Figure 5a, shows the average downward tip response increasing from the 4th cycle
onward. This is not indicative of an increase in soil strength, but rather denotes an
increase in soil density caused by collapse of the hole and displacement of infilling soil.
This effect is quantified by the qt stress at the bottom of penetration increasing from a
virgin value of approximately 11 MPa to a value of 23 MPa after 10 full cycles. The tip
behavior shows negligible resistance for the upper half of each downward stroke, and
shows no resistance during the upward strokes.
The u2 pore pressure shows a slight difference between upward and downward cycling,
with slightly positive pore pressures during downward penetration and slightly negative
pore pressures during upward penetration. The pore pressures along the shaft, measured
by the MP sensor also show minimal change with large scale cycling.
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Cyclic sleeve friction behaviour is shown on Figures 4c and 5c. The MS friction
response shows a large degradation due to cycling. The average reduction in shaft
friction after the first cycle is 60 percent, with further degradation to only 13 percent of
the initial resistance (or 7.5 times lower) after three 2-way cycles. As discussed for the
tests at Burswood, the MPFA can provide an indication of the ratio of tension to
compression capacity. The ratio of tension to compression MS friction reduces from 75
percent at initial loading to 60 percent at 10 cycles.
Low pile shaft friction in calcareous soils is well known, and typically attributed to
cyclic loading and contraction at the interface during installation and loading. Shaft
friction evaluated from model tests and conductor pullout tests at the North Rankin A
platform off the Northwest shelf, Australia, reduced from monotonically installed values
of approximately 40 kPa to cyclically installed (driven) values of 5 to 20 kPa (Abbs et
al., 1988; Poulos et al., 1988). Interface friction at large displacements reduces by
approximately an additional 50 percent (Poulos et al., 1988). For conductor load tests
offshore South Africa, Ebelhar et al. (1988) show CPT sleeve friction values of 20 to 40
kPa, and conductor pullout resistances of 10 to 20 kPa.
Field results at North Rankin A and offshore South Africa are in general agreement with
the MPFA observations at Ledge Point. As such, cyclic data collected during site
characterization can provide insight into sands with a high potential for cyclic
contraction. However, the rate of degradation for cyclic MPFA tests should be much
higher than that of large diameters piles, since the rate of degradation will be influenced
by the normal stiffness condition, and thus pile diameter (kCNS=4G/D; see, Boulon &
Fouray, 1986; Lehane et al., 1993; White, 2005). Additionally, the minimum achievable
shaft friction is probably not solely a function of active earth pressure, but also arching
behaviour around the pile or penetrometer (Randolph, 2003). These effects, among
others, need to be quantified in a theoretical framework before cyclic MPFA results can
be applied quantitatively to large diameter pile design.
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A8.4. Conclusions and recommendations

Results of cyclic piezocone tests with high quality sleeve friction readings using the
MPFA have illustrated the significance of cyclic interface degradation at soft clay and
calcareous sand sites. The testing methods require little modification to currently
available in situ testing equipment, as cyclic testing has previously been shown
successful in an offshore environment (e.g., Peuchen et al., 2005).
Cyclic MPFA or MFSA measurements show promise as a method for identifying soils
with the potential for significant interface contraction and a resulting loss of friction
during cyclic loading. The main design applications are related to pile design and
drivability studies. Currently the assessment of cyclic MPFA and MFSA soundings are
qualitative, but results agree with frameworks for assessing cyclic loading of piles, as
outlined by Poulos (1981) and Matlock & Foo (1980).
The large 1 m cycles used in the current preliminary study seem excessive for friction
degradation studies, and increase the potential for gapping. Cycling over a length of 2 to
3 diameters (approximately 1 friction sleeve length) may provide results that are still
within the relatively constant large displacement range (Poulos, 1981; Poulos et al.,
1988), while decreasing the testing time and gapping concerns. However, differences in
cyclic degradation response as a function of amplitude may be observed, warranting
additional investigations to optimize cyclic MPFA procedures and interpretation.
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A9. DETAILED DATA FROM CENTRIFUGE MODEL PILE TESTS

A9.1. Boundary Effects

It was observed in Chapter 9 (i.e., Figure 13) that wider piles tended to have higher
average ultimate shaft friction. It is possible that boundary effects may have contributed
to this tendency. For the drum channel width of 300 mm and tests performed in the
centre of the channel, the chamber to pile width ratio (Dc/B) varied from 17 to 33.
However, as shown in Figure 1, the axial stresses required to install the piles actually
reduced as the pile width increased – suggesting minimal boundary effects on end
bearing stress. Test data presented above relate to lateral stresses recorded with stress
sensors facing along the channel axis to minimize boundary effects; these tests are
referred to as “channel” tests. To assess the influence of boundary conditions on
measured lateral stresses, a series of tests was also performed with lateral stress cells
facing the channel wall; these are referred to as “wall” tests.

Figure 1. Comparison of pile installation stress to cone tip resistance at 100g for 13
monotonic installations
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Figure 2. Influence of instrument location and pile width on boundary effects for lateral
stress measurements
The ratios of average lateral stresses measured during installation for “wall” and
“channel” orientations (σ'hm,w/σ'hm,c) are compared in Figure 2 as a function of
instrument height for the three pile widths investigated. The trends do not show a
significant influence of pile width, but do indicate that measurement height behind the
pile tip influences boundary effects. These trends indicate a potential influence of
boundary conditions on the measured distribution of pile shaft friction, and requires
further study for analysis of radial stress cells facing a close boundary.
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A9.2. Data for each pile test

This section presents processed data from installation, unloading, cyclic loading, and
tension testing. Up to 5 plots are shown for each test:
(a) Dual axis plot with pile head stress (approximately equal to qc) and lateral stress
during installation. When lines for the lateral stress and pile head stress overlie, the
reduction in lateral stress behind the pile tip, ‘a’, is equal to 80. This is
approximately correct for 9mm wide piles, with the wider piles having higher
apparent ‘a’ values.
(b) Load-displacement plot for tension testing. The average shaft friction is calculated
as the head load less the pile weight diving by the surface are of the pile;
τav=(Qt-w)/(4BL)
(c) Horizontal stress at the end of installation and unloading for 3 sensor locations,
9mm, 27mm, and 54mm behind the pile tip.
(d) The horizontal stress mobilized during tension testing
(e) Changes in lateral stress during cyclic loading for three sensor locations, 9mm,
27mm, and 54mm behind the pile tip. The displacement for the cyclic loading is set
on a triple x-axis, with shifts in displacement used to separate each sensor location.
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Table 2. Drum centrifuge pile test program

1

ID

Pile
Width
(mm)

Location
(degrees)

Alignment
to Channel1

Installation2
(mm)

MD12

9

240

A

MD02

9

20

A

MD03

9

30

A

MD04

9

40

A

MD05

9

50

A

MD06

9

60

E

MD07

14.4

75

E

MD08

14.4

105

A

MD09

14.4

120

A

MD15

14.4

195

A

MD10

17.7

140

E

MD11

17.7

160

A

MD13

17.7

250

A

MD14

17.7

310

A

MD17

17.7

328

A

MD16

17.7

346

A

MD18

17.7

212.5

E

M
121.6
M
121
M
121
PC
121
M
121
M
121
M
121
M
121
M
121
PC
121
M
122
M
122
M
122
PC
121
M
122
M
122
M
122

Remove
Head
Load
(mm)
NA /
121.6
120.1

Cyclic
Amplitude
(mm)3

No.
Cycles3

Tension
Test

0.25

300

N

-

-

Y

120.2

0.25

300

Y

120.1

25

Y

120.1

+5.09 to
-0.25
-

-

Y

120.1

-

-

Y

119.4

-

-

Y

119.5

-

-

Y

119.4

0.25

300

Y

119.4

25

Y

119.9

+5.09 to
-0.25
-

-

Y

119.9

-

-

Y

119.8

0.25

300

Y

118.8

25

Y

119.8

+5.09 to
-0.25
0.5

135

Y

119.8

1.0

30

Y

119.8

-

-

Y

A = Parallel; E = Perpendicular
M = monotonic; PC = Progressive cycling
3
Cyclic amplitude and number of cycles for progressive cycling installation occurred during installation
2
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A10. SUMMARY OF FIELD PILE TENSION TEST DATA
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4m long 89mm diameter driven open ended pile

Pile
ID

End

Lemb
(m)

Do
(mm)

Di
(mm)

Installation
Date

P01

Open

4

88.9

83.7

29-Apr-05

Pile
ID
P01

End

Installation
Blows, N

PLR

Open

1642

0.74

Days between installation and loading
1st
2nd
3rd
4th
1st
Comp. Tens. Tens. Tens. Tens.
3
4
70
140
376

Ar,eff

qc,avg
(MPa)

fs,avg
(kPa)

0.34

6.2

50
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Peak average shaft friction, τf,avg
(kPa)
2nd
3rd
4th
1st
Tens.
Tens.
Tens.
Tens.
16
45
44
59

4m long 42mm diameter driven open ended pile

Pile
ID

End

Lemb
(m)

Do
(mm)

Di
(mm)

Installation
Date

P02

Open

4

42.4

37.2

29-Apr-05

Pile
ID

End

Installation
Blows, N

PLR

Ar,eff

P02

Open

330

0.41

0.68

qc,avg3

fs,avg3

(MPa)

(kPa)

6.1

55
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Days between installation and loading
1st
2nd
3rd
4th
1st
Comp. Tens. Tens. Tens. Tens.
3
4
70
140
376
Peak average shaft friction1, τf,avg
(kPa)
2nd
3rd
4th
1st
Tens.
Tens.
Tens.
Tens.
15
50
54
98

4m long 89mm diameter driven closed ended pile

Pile
ID

End

Lemb
(m)

Do
(mm)

Di
(mm)

Installation
Date

P03

Closed

4

88.9

78.9

30-Apr-05

Pile
ID

End

Installation
Blows, N

PLR

Ar,eff

P03

Closed

4344

0

1.0

qc,avg3

fs,avg3

(MPa)

(kPa)

6.2

61
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Days between installation and loading
1st
2nd
3rd
4th
1st
Comp. Tens. Tens. Tens. Tens.
2
4
69
138
375
Peak average shaft friction1, τf,avg
(kPa)
2nd
3rd
4th
1st
Tens.
Tens.
Tens.
Tens.
7
31
48
79

4m long 89mm diameter driven open ended pile

Pile
ID

End

Lemb
(m)

Do
(mm)

Di
(mm)

Installation
Date

P04

Open

4

88.9

78.9

01-May-05

Pile
ID

End

Installation
Blows, N

PLR

Ar,eff

P04

Open

1840

0.78

0.39

qc,avg3

fs,avg3

(MPa)

(kPa)

5.7

52
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Days between installation and loading
1st
2nd
3rd
4th
1st
Comp. Tens. Tens. Tens. Tens.
137
374
2
3
68
138
376
Peak average shaft friction1, τf,avg
(kPa)
2nd
3rd
4th
1st
Tens.
Tens.
Tens.
Tens.
54
77
23
54
45
58

4m long 114mm diameter driven open ended pile

Pile
ID

End

Lemb
(m)

Do
(mm)

Di
(mm)

Installation
Date

P05

Open

4

114.3

107.9

01-May-05

Pile
ID

End

Installation
Blows, N

PLR

Ar,eff

P05

Open

1830

0.87

0.22

qc,avg3

fs,avg3

(MPa)

(kPa)

5.6

42
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Days between installation and loading
1st
2nd
3rd
4th
1st
Comp. Tens. Tens. Tens. Tens.
2
3
71
137
374
Peak average shaft friction1, τf,avg
(kPa)
2nd
3rd
4th
1st
Tens.
Tens.
Tens.
Tens.
20
49
45
60

4m long 89mm diameter driven open ended pile

Pile
ID

End

Lemb
(m)

Do
(mm)

Di
(mm)

Installation
Date

P06

Open

4

88.9

82.5

01-May-05

Pile
ID

End

Installation
Blows, N

PLR

Ar,eff

P06

Open

1486

0.78

0.33

qc,avg3

fs,avg3

(MPa)

(kPa)

5.8

40

A10-7
Appendix A10 – Summary of field pile tension test data

Days between installation and loading
1st
2nd
3rd
4th
1st
Comp. Tens. Tens. Tens. Tens.
2
3
71
137
374
Peak average shaft friction1, τf,avg
(kPa)
2nd
3rd
4th
1st
Tens.
Tens.
Tens.
Tens.
26
51
49
77

2.5m long 42mm diameter driven open ended pile

Pile
ID

End

Lemb
(m)

Do
(mm)

Di
(mm)

Installation
Date

P07

Open

2.5

42.4

37.2

06-July-05

Pile
ID

End

Installation
Blows, N

PLR

Ar,eff

P072

Open

205

0.44

0.66

qc,avg3

fs,avg3

(MPa)

(kPa)

2.6

20
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Days between installation and loading
1st
2nd
3rd
4th
1st
Comp. Tens. Tens. Tens. Tens.
2
5
71
265
Peak average shaft friction1, τf,avg
(kPa)
2nd
3rd
4th
1st
Tens.
Tens.
Tens.
Tens.
1.2
5.0
22
-

2.5m long 42mm diameter driven open ended pile

Pile
ID

End

Lemb
(m)

Do
(mm)

Di
(mm)

Installation
Date

P08

Open

2.5

42.4

37.2

06-July-05

Pile
ID

End

Installation
Blows, N

PLR

Ar,eff

P08

Open

90

0.43

0.67

qc,avg3

fs,avg3

(MPa)

(kPa)

2.7

20
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Days between installation and loading
1st
2nd
3rd
4th
1st
Comp. Tens. Tens. Tens. Tens.
2
5
71
259
Peak average shaft friction1, τf,avg
(kPa)
2nd
3rd
4th
1st
Tens.
Tens.
Tens.
Tens.
17
36
74
-

2.5m long 34mm diameter driven open ended pile

Pile
ID

End

Lemb
(m)

Do
(mm)

Di
(mm)

Installation
Date

P09

Open

2.5

33.7

28.5

06-July-05

Pile
ID

End

Installation
Blows, N

PLR

Ar,eff

P09

Open

65

0.32

0.77

qc,avg3

fs,avg3

(MPa)

(kPa)

2.7

24
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Days between installation and loading
1st
2nd
3rd
4th
1st
Comp. Tens. Tens. Tens. Tens.
2
5
71
259
Peak average shaft friction1, τf,avg
(kPa)
2nd
3rd
4th
1st
Tens.
Tens.
Tens.
Tens.
9
20
49
-

3.5m long 34mm diameter driven open ended pile

Pile
ID

End

Lemb
(m)

Do
(mm)

Di
(mm)

Installation
Date

P10

Open

3.5

33.7

28.5

06-July-05

Pile
ID

End

Installation
Blows, N

PLR

Ar,eff

P10

Open

111

0.29

0.79

qc,avg3

fs,avg3

(MPa)

(kPa)

3.3

12
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Days between installation and loading
1st
2nd
3rd
4th
1st
Comp. Tens. Tens. Tens. Tens.
2
5
71
259
Peak average shaft friction1, τf,avg
(kPa)
2nd
3rd
4th
1st
Tens.
Tens.
Tens.
Tens.
15
23
47
-

2.5m long 89mm diameter driven open ended pile

Pile
ID

End

Lemb
(m)

Do
(mm)

Di
(mm)

Installation
Date

P11

Open

2.5

88.9

83.7

06-July-05

Pile
ID

End

Installation
Blows, N

PLR

Ar,eff

P11

Open

305

0.64

0.43

qc,avg3

fs,avg3

(MPa)

(kPa)

2.8

24
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Days between installation and loading
1st
2nd
3rd
4th
1st
Comp. Tens. Tens. Tens. Tens.
2
5
71
259
Peak average shaft friction1, τf,avg
(kPa)
2nd
3rd
4th
1st
Tens.
Tens.
Tens.
Tens.
16
32
58
-

2.5m long 89mm diameter driven closed ended pile

Pile
ID

End

Lemb
(m)

Do
(mm)

Di
(mm)

Installation
Date

P12

Closed

2.5

88.9

83.7

06-July-05

Pile
ID

End

Installation
Blows, N

PLR

Ar,eff

P12

Closed

451

0

1.0

qc,avg3

fs,avg3

(MPa)

(kPa)

2.5

16
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Days between installation and loading
1st
2nd
3rd
4th
1st
Comp. Tens. Tens. Tens. Tens.
2
5
71
259
Peak average shaft friction1, τf,avg
(kPa)
2nd
3rd
4th
1st
Tens.
Tens.
Tens.
Tens.
7
26
59
-

SMP1-2
‘Monotonically’ Jacked SMP
Installation

ID

Tip
Depth,
ztip (m)

SMP1-2

4.0

monotonic

Pile

Installation
Date

20-Mar-06
2:00pm
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Days between installation and
loading
1st
Tens.

2nd
Tens.

3rd
Tens.

4th
Tens.

5th
Tens.

3

10

-

-

-

Monotonically Jacked SMP1-2
Residual load distribution during installation
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Monotonically Jacked SMP1-2
‘Fresh’ tension test 3 days after installation

Q or τf at peak load, as indicated with line in τf-head displacement curve above
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Monotonically Jacked SMP1-2
Tension re-test 10 days after installation

Q or τf at peak load, as indicated with line in τf-head displacement curve above
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SMP2-1
1-Way cyclically jacked SMP
Installation

ID

Tip
Depth,
ztip (m)

SMP2-1

4.0

1-way cyclic

Pile

Installation
Date

20-Mar-06

Days between installation and
loading
1st
Tens.

2nd
Tens.

3rd
Tens.

4th
Tens.

5th
Tens.

EOI1

3

10

-

-

100mm1
10:30am
≤30 mm compression/tension cycles tests performed at each meter interval to assess
τf,install with depth. This resulted in the initial tension test performed at the end of
installation (EOI).
1
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Cyclically Jacked SMP2-1
Residual load distribution during installation
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Cyclically Jacked SMP2-1
Tension test 3 days after installation

Q or τf at peak load, as indicated with line in τf-head displacement curve above
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Cyclically Jacked SMP2-1
Tension re-test 10 days after installation

Q or τf at peak load, as indicated with line in τf-head displacement curve above
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SMP1-3
‘Monotonically’ Jacked SMP
Installation

ID

Tip
Depth,
ztip (m)

SMP1-3

4.0

monotonic

Pile

Installation
Date

6-Apr-06
11am
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Days between installation and
loading
1st
Tens.

2nd
Tens.

3rd
Tens.

4th
Tens.

5th
Tens.

4

12

161

-

-

Monotonically Jacked SMP1-3
Residal load distribution during installation
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Monotonically Jacked SMP1-3
‘Fresh’ tension test 4 days after installation

Q or τf at peak load, as indicated with line in τf-head displacement curve above
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Monotonically Jacked SMP1-2
Tension re-test 12 days after installation

Q or τf at peak load, as indicated with line in τf-head displacement curve above
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Monotonically Jacked SMP1-2
Tension re-test 161 days after installation
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Monotonically Jacked SMP1-2
Post cyclic tension re-test 161 days after installation

Q or τf at peak load, as indicated with line in τf-head displacement curve above
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SMP2-2
2-Way cyclically jacked SMP
Installation

ID

Tip
Depth,
ztip (m)

SMP2-2

4.0

2-way cyclic

Pile

Installation
Date

6-Apr-06

Days between installation and
loading
1st
Tens.

2nd
Tens.

3rd
Tens.

4th
Tens.

5th
Tens.

EOI2

4

12

153

160

9am
+º400/-100mm2
The -100mm cycles resulted in measures of tension capacity with depth, as well as for
an initial tension test at the end of installation (EOI).

2
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Cyclically Jacked SMP2-2
Tension test 4 days after installation

Q or τf at peak load, as indicated with line in τf-head displacement curve above
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Cyclically Jacked SMP2-1
Tension re-test 12 days after installation

Q or τf at peak load, as indicated with line in τf-head displacement curve above
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Cyclically Jacked SMP2-1
Tension re-test 153 days after installation

Q or τf at peak load, as indicated with line in τf-head displacement curve above
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Cyclically Jacked SMP2-1
Post cyclic tension re-test 153 days after installation

Q or τf at peak load, as indicated with line in τf-head displacement curve above
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Cyclically Jacked SMP2-1
Tension re-test 160 days after installation

Q or τf at peak load, as indicated with line in τf-head displacement curve above
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Cyclically Jacked SMP2-1
Post cyclic tension re-test 160 days after installation

Q or τf at peak load, as indicated with line in τf-head displacement curve above
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SMP SUMMARY PLOTS
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Distribution of shaft friction in compression behind pile tip at end of
installation (closed symbols monotonic installation, open symbols cyclic
installation, ∆τf calculated as ft/fcÿ0.0007ÿqc for both SMP and UWA-05
methods)
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Distribution of shaft friction in tension behind pile tip at time = 3 to 4 days
between installation and load testing (closed symbols monotonic
installation, open symbols cyclic installation, ∆τf calculated as
ft/fcÿ0.0007ÿqc for both SMP and UWA-05 methods)
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Distribution of shaft friction in tension behind pile tip at time = 10 to 12
days between installation and load testing (closed symbols monotonic
installation, open symbols cyclic installation, ∆τf calculated as
ft/fcÿ0.0007ÿqc for both SMP and UWA-05 methods)
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Distribution of shaft friction in tension behind pile tip at time = 153 to 160
days between installation and load testing (closed symbols monotonic
installation, open symbols cyclic installation, ∆τf calculated as
ft/fcÿ0.0007ÿqc for both SMP and UWA-05 methods)
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A11. SHAFT FRICTION OF PILES DRIVEN IN SILICEOUS,
CALCAREOUS, AND MICACEOUS SANDS
ABSTRACT:
Correlations between cone penetration test (CPT) tip resistance (qc) and pile shaft
friction (τf) have been shown to be reliable for evaluating axial pile capacity. The
correlation between τf and qc is not direct and pile shaft friction is influenced by many
more factors than those which affect cone tip resistance, namely: (i) differences between
open and closed ended piles/penetrometers; (ii) the reduction in local friction with
continued pile penetration (friction fatigue); (iii) changes in radial stress during loading;
and (iv) interface friction angle. This paper presents results from analytical studies,
model pile test results, and field pile load tests in siliceous, micaceous, and calcareous
sands, to assess the influence of sand grain mineralogy on input parameters for CPT qc
based shaft friction calculations. While the data for calcareous and micaceous sands are
limited, observations based on laboratory and field studies are consistent. The paper
concludes that while input parameters may differ, the same framework is valid for
evaluating shaft friction in siliceous, calcareous and micaceous sands from CPT data.
Calcareous and micaceous sands appear to have higher rates of degradation of local
friction than siliceous sands, but this degradation tends to be bounded by a minimum
shaft friction value. Input parameters to a general expression for shaft resistance based
on the UWA-05 design method are proposed for each sand type.
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Schneider, J.A., White, D.J., and Lehane, B.M. (2007). Shaft friction of driven piles in siliceous, calcareous, and
micaceous sands, Proc. Society of Underwater technology, London, Sept, 367-382.

A11.1. Introduction

A sound design method leads to a safe and cost effective engineering solution with
consistent levels of reliability for the anticipated range of situations encountered over
the design lifetime. For piled foundations, previous successful experience and static or
dynamic load testing plays a significant role in developing such design methods.
However, experience alone cannot guarantee reliability and there is a clear need to
develop design frameworks that reflect the current best understanding of the underlying
factors controlling pile capacity; such understanding is critical for offshore piles
currently being considered in new regions and in soil conditions that have not been
previously encountered (Randolph et al. 2005). Of the 600 failures of civil engineering
systems reviewed by Bea (2006), a majority of failures during operation and
maintenance were attributed to flawed engineering design. While these structures and
foundations may have been designed to accepted standards, failures occurred due to
limitations and imperfections embedded in the standards (Bea 2006).
This paper is concerned with the design of axially-loaded driven piles in sand. The
comments of Bea, mentioned above, are particularly relevant to this topic as the
underlying behaviour governing the installation and subsequent axial capacity of piles
driven in sand is poorly understood. This uncertainty is compounded by a lack of
relevant data to support design formulations. Virtually no measurements of the axial
capacity of a driven pile with the dimensions relevant to new offshore developments
exist. The databases used to calibrate current design methods predominantly comprise
short, small diameter piles. Every design of a full-scale offshore pile is therefore reliant
on the design method providing a correct extrapolation from the database pile geometry
to the field conditions. It is therefore essential that the design method formulation
captures the underlying mechanisms as closely as possible. This paper examines the
general applicability of one such method to siliceous, calcareous and micaceous sands.
A11.2. Background: The evolution of API RP2A, 1969-2006

The industry-standard design method for piles driven in sand is the American Petroleum
Institute

(API)

Recommended

Practice

2A

(RP2A),

which

first

included

recommendations for axial pile capacity in 1969 (API 1969) and has since been updated
a number of times (including API 2000, 2006). The limitations of the API RP2A design
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method for the axial shaft capacity of piles in siliceous sands are well documented, with
some references suggesting that the original method was overly conservative (Sulaiman
& Coyle 1971) and more recent database studies (Toolan et al. 1990, Chow 1997,
Schneider et al. 2007a) illustrating that the method (after the 1984 revisions) exhibits
bias3 that varies with both pile length and sand relative density. That is, the shaft friction
formulation is conservative for short piles in dense sands and unconservative for long
piles in loose sands, particularly in tension. This bias in the 1984 edition of API RP2A
resulted from modifications to the recommended parameters after review of a database
of predominantly onshore pile load tests. The main conclusions with respect to piles in
siliceous sands resulting from that database review were (Dennis & Olson 1983,
Pelletier et al. 1993):
Sand relative density influences both the shaft friction and the base capacity of open

1.

ended piles, and the shaft friction parameters in API RP2A (API 1969) were
generally applicable to medium dense to dense sands;
The interpretation of the influence of relative density on load test data is highly

2.

uncertain due to poorly defined soil properties along the length of the database piles;
Shaft capacity in tension is less than in compression, but due to uncertainty in soil

3.

properties any distinction evident in the database was statistically insignificant; and
Without the use of a slenderness ratio (L/D) correction or limiting shaft friction

4.

values, the assumption that shaft friction is proportional to vertical effective stress
(τf=Kσ'v0tanδ) becomes unconservative with increasing pile penetration.
These conclusions suggest that the shaft friction of piles in sand is a function of soil
relative density (Conclusion 1) and pile geometry (Conclusion 4). Changes were made
to the API RP2A for the 1984 revision to account for the influence of soil density on
pile shaft friction and end bearing. These changes were hampered by poor estimation of
soil properties within the database of piles load tests (Dennis & Olson 1983) and the
reliance on a database of piles that did not reflect typical offshore pile length and
3

Bias: In statistics, the difference between a predictor's expected value and the true value of the output parameter
being estimated is called the bias. In this case, the predictor is a calculation method and the output is the pile capacity. If
the bias of the predictor varies with an input parameter (in this case pile length or soil density) then the predictor will
tend to over- or under-estimate the output at opposite ends of the range of the input parameter. It is not sufficient to
calibrate a pile design method by ensuring that an average bias of zero is found when compared to a large database.
What is more important is the variation in bias as the input parameters vary in the direction that extrapolation is needed
for offshore conditions. Any bias variation in the method is amplified as the predictor is applied further away from the
database range of input parameters – which is unavoidable in offshore pile design.
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diameters. Limiting shaft friction values were used to produce an acceptable average
shaft friction in uniform sand deposits leading to an assumed shaft friction distribution
which was subsequently shown to differ significantly from field observations (Toolan et
al. 1990, Altaee et al. 1992, Lehane et al. 1993, Randolph et al. 1994).
To account for the limitations of the 1984 changes which were still in API RP2A (2000),
the recommendations for very loose and loose sands, loose sandy silts, medium dense to
dense silts and dense gravels were removed from the API recommendations of 2006,
resulting in a method that closely resembles the original 1969 edition. In addition, 4 new
cone penetration test (CPT) tip resistance (qc) based design methods for siliceous sands
have been added to the commentary of API RP2A (2006), and are referred to in this
paper as:
•

Fugro-05 (Kolk et al. 2005a)

•

ICP-05 (Jardine et al. 2005)

•

NGI-05 (Clausen et al. 2005)

•

UWA-05 (Lehane et al. 2005a)

All of these methods have been calibrated against databases of onshore pile load tests,
and exhibit bias relative to each other when extrapolated from that database to offshore
conditions (Schneider et al. 2007b). Assessment of various design method formulations
by Schneider et al. (2007a,b) showed that improved predictive reliability has emerged
through the inclusion of important controlling factors affecting capacity. This is
particularly important for extrapolation beyond the database to typical offshore
conditions. While the UWA-05 method has a slightly lower coefficient of variation
(COV) for the database of driven piles in siliceous sands when compared to other
methods (Schneider et al. 2007a), the fact that it captures more of the factors known to
control the axial capacity of piles driven in sand is of greater importance in offshore pile
design (Lehane et al. 2005a, Schneider et al. 2007a, Xu et al. 2007).
Characteristics of the UWA siliceous sand pile test database (Schneider et al. 2007a) are
compared to typical offshore conditions in Figure 1. To assess the potential for
extrapolation bias in these methods, the mechanisms influencing the correlation
between CPT tip resistance and the pile capacity parameters (unit end bearing and local
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shaft friction) must be explored. This paper presents experimental and theoretical
evidence related to the factors affecting a correlation between cone tip resistance and
pile shaft friction in siliceous, calcareous and micaceous sands.

Figure 1. Comparison of characteristics of a 77 pile database of onshore load tests with
adjacent CPT data (Schneider et al. 2007a) to typically offshore foundation conditions
A11.3. Correlations between shaft friction and CPT cone tip resistance

The insertion of a displacement pile or penetrometer in the ground causes an increase in
the radial stress in the area near the pile tip, which is often correlated to cone penetration
test (CPT) tip resistance, qc. The shaft friction (τf) on a displacement pile is much lower
than the cone tip resistance (or the cavity expansion limit pressure), with Meyerhof
(1956) suggesting that τf = qc/200. The differences between pile shaft friction and CPT
tip resistance are controlled by a number of independent mechanisms, with pile shaft
friction being a function of the radial stress at failure (σ'rf) and the interface friction
angle, through a Coulomb failure criterion (Lehane et al. 1993):
τ f = σ' rf tan δ f = (σ' rc + ∆σ' rd ) tan δ f

[1]

The radial stress at failure is a combination of the radial stress after installation and
equalization (σ'rc) and the change in radial stress during loading (∆σ'rd). The radial stress
after installation and equalization can be evaluated as a function of CPT qc and pile
geometry using the following generalized formula (White 2005, White et al. 2005,
Lehane et al. 2007b, Schneider et al. 2007e, White & Deeks 2007) which evolved from
the recommendations of Lehane & Jardine (1994a) and Gavin & Lehane (2003).
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σ' rc =

q c A r ,eff
a

b

h 
max , ν 
D 

−c

[2]

where:
a

= parameter to account for the reduction in radial stress behind the pile tip

b

= parameter to account for differences between open and closed ended piles

c

= exponent which accounts for ‘friction fatigue’

ν

= parameter which provides an upper limit on h/D-c at the pile tip

Ar,eff

= effective area ratio: Ar,eff = 1-IFR(Di/D)2 IFR

= incremental filling ratio:

IFR=∆hplug/∆hpile
∆hplug = incremental change in plug height (of an open ended pile) during installation
∆hpile = incremental change in pile tip depth during installation
D

= pile outer diameter

Di

= pile inner diameter

h

= height above the pile tip; h=L-z

L

= pile length

z

= depth of a soil element adjacent to a pile

Equation [2] uses four parameters – denoted ‘a’, ‘b’, ‘c’ and ‘ν’ – to quantify the
mechanisms governing shaft friction. The recommended values of these parameters
used in the UWA-05 method for driven piles in siliceous sands are shown in Table 1.
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Table 1. UWA-05 parameters for piles driven in siliceous sands

Sand Type

a

Siliceous

Installation
Driven

Shaft friction in compressiona
a

b

c

ν

33

0.3

0.5

2

End Bearing
qb0.1/qc,avg

b,c

0.15+0.45Arb,eff

shaft friction for piles in tension taken as ~ 75% of that in compression
b
end bearing at a tip displacement of 0.1D;
c
qc,avg is an appropriately averaged tip resistance that accounts for differences between the diameter of a cone and the
pile 20

Large diameter (> 1m) offshore piles typically install in a coring manner (IFR=1) and
the changes in radial stress during loading (∆σ'rd) are expected to be minimal (Lehane &
Jardine 1994a). For these conditions, the UWA-05 offshore simplification of Equations
[1] and [2] is expressed as:
q A
τf = c r
33

0.3

h 
max ,2 
D 

−0.5

tan δ f

[3]

Shaft friction in tension is approximately 75% of that calculated using Equation [3]. The
database of driven piles in siliceous sands used to calibrate the parameters in Table 1
included load tests performed within 3 months of installation, with an average time
between installation and loading of 9 days. The factors governing the parameters in
Equation [2] are discussed in the following sections.
A11.3.1. Increase in radial stress due to pile installation: qc

As soil flows around the tip of the pile, an increase in radial stress is created, which is
the initial stage in the stress path leading to the horizontal stress on the pile that governs
shaft friction. White & Bolton (2004) present measurements of the strain paths around a
plane strain model pile measured using particle image velocimetry (PIV). Tests were
performed in loose to very dense calcareous (Dogs Bay) and loose to medium dense
siliceous (Leighton Buzzard) sands. Figure 2 illustrates streamlines of soil flow in the
vicinity of the pile tip for (a) calcareous and (b) siliceous sands. An element of soil
initially undergoes vertical compression accompanied by horizontal extension as the
pile tip approaches. As the soil moves laterally away from the advancing pile, the
deformation changes to horizontal compression accompanied by vertical extension. The
transition line between these modes of deformation is similar for both soil types,
indicating similar mechanisms causing an increase in radial stress due to pile installation
for both sand grain mineralogies. The strain history illustrated in Figure [2] can be
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modelled approximately using cavity expansion theory (Carter et al. 1986, Yu &
Houlsby 1991, Salgado et al. 1997).

Figure 2. Streamlines of soil flow and strain rate reversal points for sands (White &
Bolton 2004)
The mechanics of calcareous sands – whether cemented or uncemented – are
fundamentally similar to those of siliceous sands provided that density and stress level
are accounted for by normalisation in a critical state framework (Semple 1988, Coop
1990, Coop & Atkinson 1993). However, drained cavity expansion modelling (Carter et
al. 1986, Yu & Houlsby 1991, Salgado et al. 1997) usually overpredicts the expansion
limit pressure (or cone tip resistance) in calcareous sands. This overprediction is
primarily attributed the high compressibility of calcareous sands – particularly when
sheared – as compared to siliceous sands. This mechanism is one factor that leads to
lower pile shaft friction in calcareous sands as compared to siliceous sands (Nauroy &
LeTirant 1985, Coop & McAuley 1993, Klotz & Coop 2001). Since volumetric stiffness
influences both cone tip resistance (Yasafuku & Hyde 1995, Konrad 1998) and the
changes in radial stress along the pile shaft during installation, the most practical means
of assessing shaft resistance remains a direct link with the cone tip resistance (qc),
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regardless of the sand mineralogy. Since a common behavioural framework is observed
at the soil element level (Semple 1988, Coop 1990, Coop & Atkinson 1993), the same
general expressions should apply for pile shaft resistance (Equations 1 – 2). On the
same basis, given the complex influence of cementation on volumetric behaviour, the
simple relationships that successfully capture the behaviour of uncemented sands may
apply for cemented materials, but are likely to require recalibration. However, this paper
does not specifically address differences for cemented materials.
A11.3.2. Differences between open and closed ended piles: the ‘b’ parameter

Figure 2 illustrates the flow of soil around the tip of a solid penetrometer or closedended pile. The resulting increase in radial stress is higher than for an open-ended pile,
which induces less radial soil displacement due to the flow of soil into the pile
(Randolph 2003). The different patterns of soil flow and radial stress around closed and
open-ended piles are shown schematically in Figure 3. The relative volume of soil
displaced by open and closed ended piles can be evaluated through the pile effective
area ratio [Ar,eff = 1-IFR(Di/D)2]. The effective area ratio combines the influence of pile
wall thickness with the degree of pile plugging during installation, or incremental filling
ratio (IFR=∆hplug/∆hpile). Calibration chamber tests by Gavin & Lehane (2003) showed a
strong influence of plug length ratio (PLR= hplug/Lpile) on the average external shaft
friction normalized to the average cone tip resistance, and also show how the radial
stresses remote from a pile shaft in sand can be described as a function of IFR, the
relative depth of the pile tip and qc. Considering that pile plugging during installation
tends to decrease as pile diameter increases in uniform deposits (Liyanapathirana et al.
1998, Lehane et al. 2007b), the influence of pile plugging on both shaft friction and end
bearing needs to be accounted for in any given design method as extrapolation to large
diameter offshore piles (which do not plug, so induce less soil displacement) will be
unconservative.
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Figure 3. Schematic streamlines of soil flow and profiles of radial stress (δr = radial
displacement of soil element at pile wall) (White et al. 2005)
To quantify the differences between open and closed ended piles, White et al. (2005)
assessed the ratio of increases in radial stress due to installation of open (σr,open) and
closed (σr,closed) ended piles in sands as a function of the effective area ratio using a
cavity expansion analogy. It was found that:
σ r ,open
σ r ,closed

= A r ,eff

b

[4]

A similar methodology was used for displacement piles installed during undrained
conditions by Carter et al. (1980). Cavity expansion analysis shows that during drained
expansion, the exponent ‘b’ increases with friction angle in a manner that can be
expressed through the passive earth pressure coefficient, Kp=(1+sinφ)/(1-sinφ) as:
b=−

m(1 − K p )

(2K )

[5]

p

where m =1 for cylindrical cavity expansion and m=2 for spherical cavity expansion.
For typical siliceous sand friction angles, ‘b’ ranges from 0.3 to 0.4 for cylindrical
expansion. Lehane et al. (2005a) found that an average value of 0.3 provided an
acceptable fit for a database of piles in siliceous sands. Higher friction angles, typical of
calcareous sands, may result in larger differences between open and closed ended piles
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A11.3.3. Reduction in radial stress behind the pile tip: the ‘a’ parameter

The parameter ‘a’ in equation [2] accounts for the unloading and reduction in radial
stress immediately behind the pile tip. The reduction in local friction further along the
shaft with continued pile penetration (known as ‘friction fatigue’ or ‘the h/R effect’) is
represented by a separate component of Equation [2]. For the radial effective stress
immediately behind the pile tip (σ′rc,tip), Equation [2] simplifies to:
σ' rc,tip =

q c A r ,eff
a

b

[6]

For closed ended piles, Ar,eff = 1 and Equation [6] further simplifies to:
σ' rc ,tip =

qc
a

[7]

An approximation of the relationship between qc and σ′rc,tip governing the parameter ‘a’
can be explored through CPT sleeve friction measurements, fs (assuming that both CPT
and pile installation are drained events). While there are limitations to the measurement
of CPT fs values, a review of these data provides insight into potential systematic
differences between siliceous and calcareous sands. The limitations of CPT fs
measurements are not systematic, but include the variability in sleeve roughness and the
inaccuracies of fs measurements from subtraction cones. Equation [7] can be modified
based on an average interface friction angle for a CPT friction sleeve (δCPT):
a=

qc
qc
100 tan δ CPT 25
≈
≈
≈
σ' rc ,tip f s tan δ CPT
Fr
Fr

[8]

where Fr (the friction ratio) is in percent and δCPT is approximately 14o for smooth
interfaces (e.g., Dietz 2000). For typical friction ratios in siliceous sands of 0.5% to 1%,
the corresponding ‘a’ parameters are between 25 and 50 for piles in compression. This
range in ‘a’ values is in general agreement with recommendations for design of driven
piles in siliceous sands (Lehane & Jardine 1994a, Chow 1997, Jardine et al. 2005,
Lehane et al. 2005a).
The potential for friction ratio bias in CPT qc-based design methods is examined in
Figure 4 for the UWA siliceous sand database (Schneider et al. 2007a). The UWA
database contains sites with average Fr values between 0.25% and 3%, which exceeds
the previously mentioned range of 0.5% to 1% implied by Equation [8]. Minimal bias
towards friction ratio is observed for the CPT qc based methods for Fr up to 1.6%. The
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overprediction of pile capacity in compression at the Lock & Dam site is considered to
be related to end bearing rather than shaft friction, since tension capacities are modelled
relatively well at that site for all methods except NGI-05. The scatter in Fugro-05 and
NGI-05 is more significant than ICP-05 and UWA-05, although bias towards friction
ratio for Fr below 1.6% is not evident. For Fr above 1.6%, a significant conservative bias
is observed for all four CPT qc based methods. Sites with high friction ratios tend to plot
outside of Zone 6 – clean sands to silty sands in the Robertson & Wride (1998) soil
classification chart (Figure 5a). The use of soil classification charts may therefore be
useful for evaluating ‘atypical’ sand types which require modification of the parameters
in Table 1 (e.g. Eslami & Fellenius 1997).
Typical ranges of CPT friction ratios in siliceous, calcareous, and micaceous sands are
compared in Figure 5. These data are represented using the normalized cone tip
resistance [qc1N=(qc/pref)/(σ'v0/pref)0.5; where pref = 100 kPa] and friction ratio in the CPT
soil classification chart (Robertson & Wride 1998). The sites examined in this paper are
described in Table 2. The main conclusions from Figure 5 and a review of the datasets
listed in Table 2 are:
•

Siliceous, micaceous and calcareous sands plot in similar areas of CPT qc1N-Fr soil
classification charts, as also observed by Beringen et al. (1982) for calcareous and
siliceous sands from the North Sea, and with CPT data for micaceous sands
discussed by Yoshimine et al. (2001).

•

Calcareous sands exhibit a wide range of cone tip resistance values with maxima
reaching the limit of current CPT systems (~60 MPa). qc values in excess of 30 MPa
are possible in calcareous sands at relatively low vertical effective stress levels, even
with little to no cementation (e.g. the Buckman site, Bullock et al. 2005).

•

There is a tendency for cone tip resistance to be lower and friction ratio to be higher
at sites where excess pore pressures are generated during cone penetration e.g. the
NWS site.

•

The u2 penetration pore pressures were not measured at the North Rankin ‘A’ (NRA)
site, but the low cone tip resistance values and high friction ratios result in most
points plotting in Zones 4 and 3 – silts and clays. Therefore, although the load test
results from the North Rankin Site (e.g. Poulos et al. 1988) are valuable case history
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data that assist pile design in calcareous soils, its CPT parameters do not represent
the free-drained characteristics of the sands discussed in this paper.

Key: Qc: Calculated capacity, Qm: Measured capacity, CEC: Closed-ended in compression, CET: Closedended in tension, OEC: Open-ended in compression, OET: Open-ended in tension.

Figure 4. Friction ratio bias in offshore CPT qc based design methods for axial pile
capacity (database of Schneider et al. 2007a)
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Zone
4
5
6

Description
Silt mixtures – clayey silt to silty clay
Sand mixtures – silty sand to sandy silt

Zone
7
8&
9

Gravelly sand to sand
Very stiff sand to clayey sand to fine
grained; Heavily OC or cemented

Sands – clean sands to silty sands

Figure 5. Trends for different sand deposits on Robertson & Wride (1998) qc1N-Fr soil
classification charts (a) siliceous sand pile database; (b) siliceous sands with depth; (c)
onshore calcareous sands (d) deep micaceous and calcareous sands; (e) NWS offshore
calcareous sands; (f) Mossel Bay calcareous sands
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Table 2. Characteristics of sand datasets discussed in this paper
Dataset
Siliceous sand pile
database (64 tests
with qc and Fr data)
Drammen,
Norway
Dunkirk,
France
Euripides,
The Netherlands
Ledge Point,
Western Australia
Buckman,
Florida, USA
Overland Corner,
South Australia
NWS, Northwest
Shelf, Australia
North Rankin ‘A’,
Northwest Shelf,
Australia
Mossel Bay,
South Africa
Plouasne,
France
Bass Strait,
Australia
July Field,
Gulf of Suez
Jamuna Bridge,
Bangladesh

Depth
Range (m)
0 to 79
4.5 to 27

Description

Reference

Load tests on driven piles in
siliceous sands with adjacent
CPT data
Loose siliceous sand

Schneider et al.
2007a
Chapter 7
Tveldt & Fredriksen
(2003)
Jardine et al. (2006)

1 to 20

Dense siliceous sand

25 to 50

Overconsolidated dense siliceous Zuidberg & Vergobi
sand
1996; Kolk et al.
2005b
Fine calcareous sand
Hebeler et al. 2005
Appendix A8
Fine calcareous sand
Bullock et al. 2005
McVay et al. 1999
Fine to coarse calcareous sand
Fahey 1993
and calcarenite
Randolph et al. 1996
Calcareous sands and silty sands Unpublished
to calcareous clayey silts
Calcareous sandy silts and
Beringen et al. 1982
clayey silts
Renfrey et al. 1988

0.5 to 9
0 to 20
6.5 to 49
0 to 30
14 to 58
7.5 to 130
0 to 22.3
0 to 83
0 to 31
0.5 to 60

Calcareous and carbonate silty
fine to medium sands
Calcareous sand to silty sand
underlying 5 m of siliceous silty
sands
Calcareous sands
Calcareous fine sand and silty
fine sand
Micaceous sand

Ebelhar et al. 1988
Nauroy & LeTirant
1985
Angermeer et al.
1975
Dutt & Cheng 1984
Tomlinson 2001
Yoshimine et al. 2001

Table 3 and Figure 5 summarize the characteristics of the CPT datasets at the siliceous,
calcareous, and micaceous sand sites examined in this paper. For the range of sites
investigated, the median value of the CPT friction ratio (Fr) for all three sand
mineralogies is approximately 0.7%, as shown by the probability density functions for
each dataset shown in Figure 6. Calcareous sands are often cemented (Coop & Atkinson
1993), but at the majority of these sites the degree of cementation was minimal.
Cementation will result in a higher cone tip resistance value than for the same sand in an
uncemented state (Puppala et al. 1995), and thus an increase in initial radial stress due to
pile installation. The effect of cementation on CPT friction ratio is not well documented,
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and it could be argued that the increased soil stiffness from cementation may result in
more significant unloading behind the cone/pile tip (leading to a higher ‘a’ parameter) –
although this cementation may be destroyed by the penetration process.
Table 3. Comparison of drained CPT parameters in siliceous, calcareous, and
micaceous sand
Median qc Median Median
Sand Type Database
Sites
Depth
Range
(MPa)
qc1N
Fr (%)
(m)
Siliceous
Schneider et
18
0 to 79
12.5
134
0.69
al. 2007a
Calcareous This Study
5
0 to 130
11.7
78
0.67
Micaceous This Study
1
0 to 60
12.1
67
0.68

Figure 6. Comparison of probability density for CPT friction ratio, Fr, within databases
of siliceous, calcareous, and micaceous sands (median indicated by marker)
The similarity in Fr values in Table 3 and Figure 6 implies that the initial degree of
unloading behind the cone or pile tip (the ‘a’ parameter) is similar for siliceous and
more compressible calcareous or micaceous sands and hence a similar value of the ‘a’
parameter may be expected for all three sand types. A different conclusion was arrived
at by Thompson & Jardine (1998), who suggested that, in calcareous sands, the radial
stress after installation and equalization is independent of CPT qc. An alternative
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expression for σ′rc was proposed by Thompson & Jardine (1998), based on a fit to their
database:
σ' rc
0.84
−0.38
= 0.959(σ' v 0 p a ) (h R *)
pa

[9a]

As previously discussed, the increase in radial stress due to pile penetration is linked to
the cone tip resistance. Due to unloading behind the pile tip, σ'rc is in proportion to qc/a
(Equations 2 and 3). If the degree of friction fatigue is kept constant, as assumed by the
identical ‘c’ parameter of 0.38 for both siliceous and calcareous sands recommended by
Thompson & Jardine (1998), a rearrangement of Equation 9a implies that ‘a’ increases
with a normalized qc in calcareous sands:
a=

(q c

(σ' v 0

pa )

pa )

0.84

⋅

1
0.768

[9b]

While Figures 4 to 6 illustrate the potential for low friction ratios in calcareous sands
during drained cone penetration, the similarity of the mean friction ratios in the
databases of siliceous, calcareous, and micaceous sands conflicts with the trend implied
by Equation 9b. As is shown later, shaft friction in calcareous sands is not independent
of cone tip resistance nor is it lower than in siliceous sands due to a higher degree of
initial unloading behind the pile (or cone) tip (i.e. a higher ‘a’ parameter). Additionally,
while there is variability in the ‘a’ parameter back-calculated from pile load tests, no
systematic increase in ‘a’ with normalized cone tip resistance (i.e., Equation 9b) is
observed for this dataset. It is therefore concluded that it is not necessary to replace the
format of Equation 2 with an alternative expression to quantify axial capacity in
calcareous sands.
A11.3.4. Friction fatigue: the ‘c’ parameter

Friction fatigue is the reduction in local shaft friction at a fixed soil horizon with
continued pile penetration beyond that point, as initially discussed by Heerema (1978,
1980). For sandy soils, this effect tends to result in relatively constant average shaft
friction with depth in uniform sand deposits, as observed by Vesic (1967). API RP2A
sought to incorporate this effect by recommending limiting maximum shaft friction
values below approximately 25 to 30m depth (McClelland 1969), or 25 to 30 diameters
of a typical 1m diameter offshore pipe pile. To more accurately match measured
distributions of shaft friction, Lehane & Jardine (1994a) accounted for friction fatigue
A11-17
Schneider, J.A., White, D.J., and Lehane, B.M. (2007). Shaft friction of driven piles in siliceous, calcareous, and
micaceous sands, Proc. Society of Underwater technology, London, Sept, 367-382.

used the h/R parameter 4 (or h/D) raised to a negative power (the ‘c’ parameter in
Equation [2]). Alternative forms of expression to quantify friction fatigue have been
proposed (Toolan et al. 1990, Randolph et al. 1994).
The average shaft friction calculated using the basic API-06 method and the CPT-based
UWA-05 (Lehane et al. 2005a) method (which account for friction fatigue using
limiting shaft friction values and an h/D power respectively) are compared for dense
and medium dense sands in Figure 7. The methods match well for the typical offshore
case of dense sands (qc1N=180) in compression for pile lengths greater than 30m. For a
lower bound medium dense case (qc1N=60) and piles longer than 30m, API RP2A
predicts shaft friction which is only 20% lower than the dense sand case, while the
UWA-05 shaft friction is in proportion to cone tip resistance, leading to a three-fold
reduction in friction. This comparison illustrates the unconservative trends predicted by
API RP2A for long piles in uniform deposits of medium dense and looser sands, as also
highlighted by Toolan et al. (1990).
Pile installation involves a large number of hammer blows, or cycles of loading. Due to
this cyclic loading there is potential for additional contraction of the zone of soil at the
pile-soil interface and a resulting reduction in radial stress, leading to friction
fatigue(White & Lehane 2004). Adjacent to the pile, changes in the interface layer
thickness, ∆t, cause changes in horizontal stress, ∆σ'h which depend on the constraint
provided by the far field soil. This mechanism is shown schematically in Figure 8. The
reduction in radial stress due to cyclic loading is also a function of the number of cycles,
the characteristics of those cycles, and ratio of the interface roughness to the mean sand
grain size.

4

where h is the height above the pile tip
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Figure 7. Comparison of normalized average shaft friction (β) with pile length
calculated using API RP2A (2000, 2006) and the UWA-05 (Lehane et al 2005a) design
method (after Schneider et al. 2007b)

Figure 8. Simplified schematic diagram of friction fatigue (White & Bolton 2004)
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Analogous behaviour is seen in constant normal stiffness interface shear box tests
(Airey et al. 1992, Ghionna & Mortara 2002). At a stress reversal, there is a reduction in
radial stress, but upon reloading (i.e., the next hammer blow) a portion, or all, of the
radial stress may be recovered. Figure 9 illustrates shear stress cyclic histories for a
457mm diameter (16mm wall thickness) open-ended pipe pile driven with a Kobe KB25
diesel hammer into dense sand underlying 9m of loose sand. Analyses were performed
using the continuum model within the software package IMPACT (Randolph 1992,
2000). Due to pile compression, soil adjacent to top and middle of a pile will unload to a
greater degree than soil elements towards the pile tip. The characteristics of such
variations in cyclic history should ideally be accounted for.
The influence of the characteristics of cyclic loading and soil type on the degradation of
radial stress (or pile shaft friction) has been discussed by a number of researchers (i.e.,
Poulos & Chan 1986, Poulos 1989b, White & Lehane 2004). Figure 10 illustrates that
two-way cyclic loading results in more severe degradation than one-way cyclic loading
for the centrifuge model pile in siliceous sand tested by White & Lehane (2004). Twoway cyclic loading may be considered similar to behaviour at a depth of 10m in Figure
9, while the one way cyclic loading is similar to the behaviour near the pile tip.
Additionally, it is evident from Figure 10 that a recovery of radial stress occurs during
reloading, and much of the radial stress lost during cyclic loading may also be regained
during static load tests (Lehane & White 2005).
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Figure 9. Cyclic loading history of elements in the middle (z=10m) and near the tip
(z=20m) of a driven pipe pile in sand (analysis using IMPACT 72)
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Figure 10. Influence of cyclic characteristics on degradation of radial stress for (a) twoway compression cycles and (b) one-way compression cycles (White & Lehane 2004)

The change in radial stress during loading (∆σ'rd) is a function of a number of
parameters:
•

The outward expansion of the interface shear zone (∆y) increases with:
o pile roughness, Ra (which may reduce during installation of the pile);
o the mean grain size of sand, D50 (which affects the thickness of the shear

zone);
o the density of the shear zone (since dilatancy increases with relative

density); and
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o pile expansion due to a Poisson effect in compression
•

The outward expansion of the interface shear zone decreases with:
o any reduction in D50 of the shear band due to particle crushing, since this

reduces the shear band thickness;
o pile contraction due to a Poisson effect in tension; and
o reduction in the ratio of Ra/D50 (i.e., normalized roughness, Rn)
•

The increase in radial stress for a given expansion of the shear zone increases
with the normal stiffness, kn=4G/D, and therefore with;
o increasing stiffness of the surrounding soil (noting that G decays with

strain level)
o reducing pile diameter, D

However, it should be noted that for offshore piles, the magnitude of ∆σ'rd is likely to be
small. Correlations have been proposed that link ∆σ'rd with Ra, D50 and G0, but these
still rely on compensating errors. In general, these under-estimate ∆y and over-estimate
G (Lehane et al. 2007b). Furthermore, it is suggested that for calcareous sands ∆σ'rd
may be zero or even result in a reduction in radial stress during loading (Coop &
McAuley 1993, Thompson & Jardine 1998). If the radial stress is not recovered during
the next cycle of loading, friction fatigue in calcareous sands will be more severe than in
siliceous sands.
It is well known that these mechanisms cause a reduction in pile shaft capacity with
increasing cycles of loading during in-service conditions. Cyclic stability diagrams are
widely used to predict the degradation of shaft resistance with cycles of varying
magnitude during storm loading (e.g. Randolph 1998, Lee & Poulos 1993). Cycles
applied during installation form part of the same degradation process. It is necessary to
acknowledge this mechanism when calibrating design methods. Many pile load test
databases (although not that used to calibrate UWA-05) include jacked piles, which
generally exhibit higher shaft resistance due to the reduced number of installation cycles.
Recent reviews of the available load test data have concluded that in siliceous sand, the
friction fatigue parameter ‘c’ is in the range 0.2 – 0.4 for jacked piles and lower than the
value of 0.5 used in the UWA-05 design method for driven piles (Lehane et al. 2007b,
White & Deeks 2007).
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In this paper, the additional data in Figures 11 to 13 are used to further examine the
influence of loading cycles on pile shaft friction, and to identify trends for non-siliceous
sands, in order to aid the selection of an appropriate value of the parameter ‘c’ in these
conditions. Data are presented for three cases: (i) model pile tests performed in a
calibration chamber using siliceous and calcareous sand (Poulos & Chan 1986), (ii)
field tests with a heavily instrumented penetrometer at the Ledge Point calcareous sand
site in Western Australia (Hebeler et al. 2005, Appendix A8), and (iii) recently acquired
radial stress measurements on a square model centrifuge pile jacked into siliceous sand
(Schneider & Lehane 2006, Chapter 9, Appendix A9). These figures indicate:
•

The pre-cyclic average shaft friction for displacement piles in a calcareous sand
increases with relative density (X; Figure 11a). Cone tip resistance in calcareous
sands at a given vertical effective stress also increases with density (e.g. Fioravante
et al. 1998). This observation supports the use of CPT cone tip resistance to estimate
the initial increase in radial stress due to pile/cone installation.

•

Cyclic degradation of shaft resistance is observed in both siliceous and calcareous
sands. While the tests shown in Figure 11 were performed in a calibration chamber,
additional tests showing the same behaviour have been conducted in the field, as well
as in the centrifuge (see summaries by White & Deeks 2007, White 2005). The rate
of reduction of local shaft friction has been seen to be influenced by:
o soil density: Figure 11a (Y) shows a more significant reduction in shaft

resistance for denser samples that exhibit higher initial shaft friction
o cyclic amplitude: Figure 11b shows that cycles of larger amplitude lead to a

more rapid degradation of shaft friction.
o number of cycles: Figures 11a (Z), 12b and 13a show a trend of reducing

shaft resistance with increasing number of cycles.
o the pile/penetrometer width (or diameter)
o sand type; with more rapid degradation in (compressible) calcareous sands
•

The shaft friction appears to degrade to a minimum value which is independent of
relative density. In Figure 11, this minimum value is around 15 to 20 kPa ([). For
the more arduous cycling shown in Figure 12a (of amplitude 1m), a minimum value
of less than 5 kPa is approached (Figure 12b).
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•

The number of cycles required to reach the minimum value is a function of soil
relative density and the characteristics of the loading cycles.

The data in Figure 13 include horizontal stress measurements at three instruments
located at different levels down the shaft of the model pile. The geostatic vertical
effective stress at the level of the three instruments ranged from 100 kPa to 200 kPa.
The same minimum value of radial stress (20 kPa) is approached at each instrument,
indicating that the limit is a stress value, rather than a minimum ‘earth pressure
coefficient’, K=σ'rf/σ'v0. The independence of the minimum radial stress and the initial
vertical effective stress is expected as failure during cavity contraction after expansion
is controlled by the ratio of hoop to radial stress, Kp=σ'θ/σ'r.

Figure 11. Influence of density and cyclic on shaft friction of displacement piles in
calcareous sand (after Poulos & Chan 1986)
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Figure 12. Cyclic sleeve friction data (from a secondary friction sleeve located 1.07m
behind tip) at Ledge Point site (calcareous sand)

Figure 13. Influence of number of cycles (ρc/B = +/- 0.017) on radial stress at 3
locations behind the tip of a 14.4mm square displacement pile in siliceous sand in the
UWA drum centrifuge

A11.3.5. Minimum shaft friction

The cyclic data in Figures 11 to 13 suggest the existence of a minimum radial stress or
minimum shaft friction on displacement piles in sand. Minimum values of shaft friction
have been discussed for use in offshore pile design in sandy soils by a number of
A11-26
Schneider, J.A., White, D.J., and Lehane, B.M. (2007). Shaft friction of driven piles in siliceous, calcareous, and
micaceous sands, Proc. Society of Underwater technology, London, Sept, 367-382.

researchers (Randolph et al. 1994, Clausen et al. 2005, Gilbert et al. 2005). If a
minimum shaft friction value exists, it has significant implications for offshore pile
design under static and cyclic loading conditions, particularly in highly compressible
soils such as calcareous and micaceous sands, in which the minimum value is reached
faster as compared to siliceous sands.
Factors influencing pile capacity in calcareous and micaceous sands, including a
minimum radial stress, are explored in Figures 14 and 15. References for load test data
in these figures are included in Table 1. The data from the tension tests on conductors
from the North Rankin ‘A’ site have been excluded from Figure 14 since the cone
penetration testing (and thus pile installation) at this site was not fully drained.
The influence of the ‘c’ parameter and minimum friction values are explored in Figures
14 and 15. Figure 14a compares pile slenderness, Lemb/D with shaft friction for a
number of calcareous and micaceous sand sites. The average shaft friction, τf,avg, is
expressed as a fraction of the average CPT resistance along the pile length, qc,avg. This
plot shows that reasonable predictions of the pile capacity at the Mossel Bay and
Jamuna Bridge sites can be made by only increasing ‘c’ from 0.5 to 1.0 in the UWA-05
method (with parameters ‘a’ and ‘b’ remaining unchanged). However, the average shaft
friction values based on qc are over-predicted by 5 to 10 times at Buckman and Plouasne.
The solid line on this figure represents the Equation 2 prediction based on a profile of
constant qc with depth.
The full range of data is better matched by minimizing uncertainty in the ‘a’ parameter
at each site by using the average CPT sleeve friction along the pile (or pile segment)
length (fs,avg) to estimate ‘a’ (Figure 14b), and by introducing a minimum value of local
shaft resistance, τf,min. This method leads to a prediction of the rapid reduction in
average shaft resistance from fs,avg to τf,min with increasing pile slenderness, Lemb/D,
which is in much better agreement with the available data than was achieved on Figure
14a. This trend is particularly clear for the pile segments at Mossel Bay, which had
average pile segment friction values between 9 and 175 kPa and corresponding CPT
shaft friction values of 18-35 kPa (Mossel Bay-a) and 450 kPa (Mossel Bay-b). The
majority of the longer piles show an average shaft friction which is comparable to the
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adopted minimum value of 10 kPa. High shaft friction is found with shallow
embedment, high qc,avg, and high Fr,avg.

Figure 14. Comparison of average shaft friction to (a) average cone tip resistance, (b)
initial shaft friction, and (c) initial vertical effective stress for piles in calcareous and
micaceous sands
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These general trends can be captured by simply modifying Equations [2] and [3] to
include a limiting minimum value of local shaft friction:
−c

 qcAr b
h 
max ,2  tan δ f , τ f ,min 
τ f = max 
D 

 a

[10]

To further assess whether a minimum shaft resistance value is more appropriate than a
minimum earth pressure coefficient, Kmin, (as indicated in Figure 13) the load test data
in calcareous and micaceous sands are replotted as β = τf,avg/σ′v0,avg in Figure 14c. A
Kmin limit would correspond to a limiting constant value of β. Instead, the data are better
bounded by the solid lines on Figure 14c which are based on shaft resistance profiles
consisting entirely of the minimum value, τf,min.
There is unlikely to be a unique value of τf,min appropriate for all conditions, although
Figure 14c indicates that values in the range from 2 to 15 kPa bound all the data for
calcareous sands. The Jamuna Bridge micaceous sand site is best-fitted using an
intermediate value. Since average shaft friction values tend to exceed 15 kPa even for
loose siliceous sands (Toolan et al. 1990), minimum shaft friction values generally do
not influence calculations based on Eq. [10] as compared to those based on Eq [1] and
Eq. [2] for siliceous sands. Differences between the values of τf,min for different sands
may be due to the typically higher friction angles in calcareous sands, which allow
stronger arching around the pile, leading to lower radial stress being sustainable at the
pile wall. It is likely that similar minimum shaft friction values would apply in
micaceous and siliceous sands (given their similar typical friction angles), but τfmin is
not usually reached in siliceous sand due to the slower rate of friction fatigue (and
therefore lower ‘c’ parameter).
Local shaft friction data from Jamuna bridge based on strain gauge measurements
further support a formulation involving rapid degradation to a minimum local shaft
friction value for micaceous sands (Figure 15). Equations [1] to [3] show good
agreement with the data close to the pile tip if the ‘c’ parameter is adjusted to 1.0.
However, the friction on the upper part of the pile is significantly underpredicted if the
local friction is not truncated with a minimum value of 12 kPa.
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Figure 15. Local shaft friction distribution for piles in micaceous sand at Jamuna Bridge
in (a) compression and (b) tension (data from Tomlinson 2001)

A11.3.6. Summary of design method parameters for different sand types

Table 4 summarizes appropriate parameters for use in Equation [2] (and the
modification given by Equation [10]) which arises from the discussion presented in this
paper. It is reiterated that these analyses are limited to relatively short term capacity
(within three months of installation) for uncemented sands. These parameters build on
the UWA-05 design method which was calibrated for driven piles in siliceous sands,
and forms one of the CPT-based design methods within the commentary of the API
RP2A (2006). The modifications appropriate for other sand types, based on the recent
studies described in this paper and other publications, can be summarised as follows:
•

For calcareous sands :
o A database comprising 29 full scale tension tests at 5 sites has been

analyzed, although only 2 of these sites have CPT qc data collected in
conditions of drained penetration (Plouasne & Buckman).
o Assessment of load test data is combined with observations from

calibration chamber and centrifuge tests on model piles to provide
additional information on the mechanisms controlling shaft friction.
o These data, particularly CPT friction sleeve measurements, indicate that

there is no difference in the average ‘a’ parameter (relating qc to the
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stress immediately above the pile tip) between siliceous and calcareous
sands.
o Cavity expansion analysis provides the most robust approach to assess

the influence of end condition, and the parameter ‘b’. The higher friction
angles of calcareous sands compared to siliceous sands leads to a faster
radial decay in stress during cavity expansion and an increase in the ‘b’
parameter from 0.3 to 0.4.
o The highly compressible nature of calcareous sands, particularly during

cyclic shear, gives rise to more rapid friction fatigue, leading to a higher
‘c’ parameter of 1.0 compared to the value of 0.5 appropriate for
siliceous sands. A minimum value of local shaft friction in the range
τf,min = 2 – 15 kPa is observed. There is evidence of a slightly higher
minimum value in siliceous sands, but this is rarely reached for field
scale piles due to the higher values of qc and lower rate of friction fatigue.
•

For micaceous sands, only data from Jamuna Bridge are currently available. The
modifications generally follow those for calcareous sands, although micaceous
sands do not exhibit the same high friction angles, so the end condition
parameter ‘b’ remains equal to 0.3 and minimum friction values appear higher.

Table 4. Parameters for use in Equations 1 & 2 for short terma shaft capacity of piles
driven in uncemented sands
Sand type

Shaft friction in compression

Installation
ab

b

c

ν

τf,min

ft/fcc

(kPa)

a

Siliceous

Driven

33

0.3

0.5

1 to 2

º 5 to 25

º 0.7 to 0.8

Micaceous

Driven

33

0.3

1.0

1 to 2

º 5 to 25

º 0.7 to 0.8

Calcareous

Driven

33

0.4

1.0

1 to 2

º 2 to 15

< 0.75d

less than 3 months between installation and loading
Uncertainty in the ‘a’ parameter is indicated from the variability of CPT sleeve friction data. However, Equations
[1] and [2] show no bias when compared to a database of siliceous sands for Fr < 1.6%. CPT Fr values are similar for
siliceous, micaceous, and calcareous sands.
c
ratio of shaft friction in tension to compression
d
There are limited data comparing piles in tension and compression in calcareous sands. The sole case available in
this review, Plouasne, showed ft/fc well below 0.75, indicating an area which needs additional research.
b
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A11.4. Time effects

The increase with time of the shaft capacity of displacement piles in sand is now a wellaccepted phenomenon, although no design method specifically caters for time effects in
its formulation. This is primarily because of the lack of data arising from the fact that
static load tests are generally performed only once, and usually within about one to
three months of installation. Increases in any of the parameters in Equation [1] results in
an increase in shaft friction.
The increases with time of pile shaft capacity in sand are currently understood to be due
to:
•

An increase in σ'rc due to equalization of hoop and radial stress (Åstedt et al. 1992,
Jardine et al. 2006)

•

An increase in σ'rc due to equalization of free field radial stress with that adjacent to
pile (White & Bolton 2004, White et al. 2005)

•

An increase in σ 'rc due to constrained dilatant creep (Bowman & Soga, 2005)

•

An increase in ∆σ 'rd due to an increase in shear zone expansion (∆y) (Chow et al.
1998)

•

An increase in ∆σ 'rd due to an increase in G (Chow et al. 1998, Axelsson 2002)

•

An increase in δ from an increase in soil dilation angle (Bullock et al. 2005)

•

An increase in D, δf, and ∆y from sand ‘welding’ to steel piles (Bea et al. 1999)

Time effects are poorly understood and influenced by a number of mechanisms. If time
effects are influenced more strongly by equalization of hoop and radial stresses, then
siliceous and calcareous sands may have similar increases in capacity with time. If time
effects are more strongly influenced by changes in radial stress during loading – which
arise predominantly from dilatancy and high soil stiffness – calcareous sands may not
show significant increases in capacity.
If time effects are influenced by the degree of friction fatigue during installation (such
that higher degradation leads to potentially more recovery), the ‘c’ parameter would
decrease with time due to increases in σ'rc. This trend has been observed by Shek et al.
(2006) in a siliceous silty sand, but has not been observed for micaceous and calcareous
sands where the effect of decreases in ‘c’ could be much greater. Piles in siliceous sands
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at Dunkirk and micaceous sands at Jamuna Bridge both show high rates of increase for
shaft capacity with time (Jardine et al. 2006), while piles in calcareous sands at
Buckman indicated much lower rates of increase (Bullock et al. 2005) (although the
latter experienced increases in shaft capacity of 50% over 8 months).
Further research, which should include the acquisition of additional measurements of τf
and σ'r distributions over time, is necessary before time effects can be reliably
incorporated in axial pile design methods.
A11.5. Summary and conclusions

This paper has reviewed field and laboratory test data for the assessment of shaft
friction on piles in siliceous, calcareous, and micaceous sands. This review has been
undertaken in light of the generalised framework for shaft resistance adopted by the
UWA-05 design method for siliceous sand. The purpose was to highlight the
mechanisms governing shaft capacity, and how the generalised parameters – termed ‘a’,
‘b’ and ‘c’ – should be modified for other sand types.
The shaft friction of piles in sand is influenced by many more factors than those which
influence CPT cone tip resistance. In particular:
•

the relative level of soil displacement during installation, i.e., closed ended, open
ended, or partially plugged (the ‘b’ parameter);

•

the initial reduction in radial stress behind the cone tip (the ‘a’ parameter);

•

the rate of reduction in radial stress with pile penetration (friction fatigue, the ‘c’
parameter);

•

the minimum value that the local shaft friction may degrade to (τf,min);

•

the interface friction coefficient (tan δ);

•

any changes in radial stress during loading (∆σ'rd); and

•

any changes in the above parameters with time.

The UWA-05 method summarized in Table 1 incorporates these factors and is also in
good agreement with databases of load tests in siliceous sands with adjacent CPT data.
This paper has shown that the same formulation may also be used for calcareous and
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micaceous sands, but with different values of the ‘b’ and ‘c’ parameters and the
inclusion of a limit to the minimum value of local shaft friction (τf,min). Although this
minimum limit should also be applicable for siliceous sands, its occurrence is rare due
to the lower rates of friction fatigue (quantified using the c parameter) and the higher qc
values typical of these sands.

A11-34
Schneider, J.A., White, D.J., and Lehane, B.M. (2007). Shaft friction of driven piles in siliceous, calcareous, and
micaceous sands, Proc. Society of Underwater technology, London, Sept, 367-382.

A12. SUMMARY OF CPT AND CPTU DATA FOR BEAM
CENTRIFUGE TESTING DISCUSSED IN CHAPTER 3
This appendix contains profiles of cone penetration test (CPT) and piezocone
penetration test (CPTU) for centrifuge tests in:
•

normally consolidated kaolin;

•

overconsolidated kaolin

•

heavily overconsolidated silica flour and bentonite mixture; and

•

lightly overconsolidated silica flour and bentonite mixture.

Tests were performed at differing velocities to investigate the influence of partial
consolidation on piezocone response. A discussion of testing procedures, equipment,
and stress history is provided in Chapter 3. Detailed summary data for the CPTU
profiles are contained in Tables 2 and 3 of Chapter 3. Profiles CPT’s and CPTU’s in
water pluviated silica flour are also presented for completeness.

Rate effects in silica flour were initially not considered to occur. Further assessment of
the data suggests that as normalized velocity increases, penetration resistance may also
increase in some cases. These cases appeared to vary depending upon stress level and
are likely dependent upon stress level effects on cv, and thus V=v·d/cv. The cases of
increased resistance were observed for:
•

30g; v > 1 mm/s; z < 90mm

•

75g; v > 1 mm/s; z < 80mm

•

120g; v > 1mm/s; z < 20mm

Profiles are separated by soil type, level of overconsolidation, and centrifuge
acceleration level.
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A12-6
Appendix A12 – Summary of CPT and CPTU data for beam centrifuge testing discussed in Chapter 3

A12-7
Appendix A12 – Summary of CPT and CPTU data for beam centrifuge testing discussed in Chapter 3

A12-8
Appendix A12 – Summary of CPT and CPTU data for beam centrifuge testing discussed in Chapter 3
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